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IFireface Ito the fiirIt
edlifion

The author's aim has been to provide a manual of foun-
dation design and construction methods for the practis-
ing engineer The book is not intended to be a textbook
on soil mechanics, but it does include examples of the
applications of this science to foundation engineenng
The principles of the science are stated only briefly,
the reader should refer to the relevant textbooks for
explanations of its theory It is hoped that the liniita-
tions and pitfalls of soil mechamcs have been clearly set
out — undue reliance on soil mechanics can be danger-
ous if foundation designs are based on inadequate data
or on the use of wrong investigational techniques

Professor Peck has listed three attributes necessary to
the practice of subsurface engineering, these are a know-
ledge of precedents, familiarity with soil mechanics,
and a working knowledge of geology He believes the
first of these to be by far the most important Regard-
ing soil mechanics, he states

The everyday procedures now used to calculate bear-
ing capacity, settlement, or factor of safety of a slope,
are nothing more than the use of the framework
of soil mechanics to organize experience If the tech-
niques of soil testing and the theories had not led to
results in accord with experience and field observa-
tions, they would not have been adopted for practical,
widespread use Indeed, the procedures are valid
and justified only to the extent that they have been
verified by experience In this sense, the ordinary
procedures of soil mechanics are merely devices
for interpolating among the specific experiences of
many engineers in order to solve our own problems,
or which we recognize to fall within the limits of
previous experience

The author has included information on ordinary
foundations, including the economic design of house
foundations, as a help to architects and builders in the

Is

use of the present-day techmques of mvestigation and
construction The application of soil mechanics science
to the carrying capacity of pile foundations of all types
is a comparatively new development, but is coming to
be recognized as having advantages over older meth-
ods usmg dynamic formulae, and this subject is fully
treated It is hoped that the information given on large-
diameter bored-pile foundations will be helpful in
aiding the design of foundations of tall multi-storey
buildings Experience in recent years has shown the
economies which these high-capacity piles can give over
the more conventional types where heavy foundation
loads are to be camed

The background information on soil mechanics
has been mainly drawn from Terzaghi and Peck's Soil
Mechanics in Engineering Practice (John Wiley) For
examples of constructional problems the author has
drawn freely on his experiences with George Wimpey
& Co Ltd, and he is indebted to Dr L J Murdock,
DSc, MICE, manager of their Central Laboratory, for
permission to publish this information, together with
illustrations and photographs General information
on current design practice m Great Britain has been
obtained from the Institution of Civil Engineers Code
of Practice No 4 (1954) Foundations, with the kind
perimssion of the Institution

The author gratefully acknowledges the help and
criticism of his colleagues in the preparation of the
book, and in particular of A D Rae, BSc, for checking
the manuscript and proofs Thanks are especially due
to Professor H 0 Ireland, of the University of
llhnois, for critical reading of the manuscript and advice
on its application to American engineering practice
The illustrations are the work of Mrs W Alder and
Mrs P Payne

Amersham 1963 MJT
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Pireface to the §evelnlth
edition

In this edition all chapters have been brought up-to-
date with recent developments in foundation design and
construction techmques These include the recent re-
search undertaken by the Construction Industry Research
and Development Association (CIRIA) leadmg to revi-
sions of the current methods for determinmg allowable
bearing pressures of shallow foundations and the ulti-
mate resistance of piles bearing in chalk Also included
m a new method for determining the resistance of piles
driven to a deep penetration into sands This develop-
ment is based on research undertaken at Imperial Col-
lege, London, pnmanly for the foundations of offshore
structures. However, the method has useful applica-
tions for structures on land wherever piles are required
to be driven to a deep penetration to mobthze the re-
quired resistance in shaft friction

In recent years, much attention has been given to
observations of ground movements around tunnels and
deep excavations, and to the measurement of forces in
bracing members supporting excavations These obser-
vations led to the conclusion that current methods for
calculating earth pressures on excavation supports were
unduly conservative Co-operative research between
engmeers and contractors under the leadership of CIRIA
has resulted in the establishment of new design rules
described in this edition

The requirements of the draft Eurocode 7 Founda-
tions, were the subject of comment in the previous
edition Subsequently a revised draft has been published
by the British Standards Institution in the form of a
Draft for Development with the title Eurocode 7
Geotechnical Design The code requirements as they
apply to the geotechnical design of shallow founda-
tions, retaining walls and piles are discussed in this
edition together with examples comparing the lunit state
design methods of the code with permissible stress
methods in general use

The author is grateful to Drs Fiona Chow, David
Hight, and Richard Jardine for helpful discussions and
correspondence concerning the behaviour of piles
driven into sands and clays, to Mr Malcolm Brittain, late
of Wimpey Group Services, for revising illustrations of
reinforced concrete raft foundations, and to Mr Roger
Boorman for once again revising his contributions on
computer-aided design, for his assistance with worked
examples, and for providmg new examples of computer-
based design

In the previous edition I paid tribute to the help and
encouragement of my wife in the preparation of the
sixth and all earlier editions of this book over a period
of 30 years since the first edition was written Sadly,
she died in 1999 after helping me with the early stages
of this present work

Grateful acknowledgement is made to the follow-
ing firms and individuals who have given pernussion
to reproduce illustrations, photographs and other
information

American Petroleum Institute — Table 7 1 Reproduced
courtesy of the American Petroleum Institute

American Society of Civil Engineers — Figs 1 4, 2 14,
228,245,255,523(a), 631,716,726,744,746,
7.50, 945, 1012, 1133

Bachy Ltd — Figs 8 28, 1030
Baumaschine und Bautechnik — Fig 653
DrM D Bolton—Figs6l3,614,615
Boston Society of Civil Engineers — Table 29
BSP International Foundations Ltd — Figs 8 3, 8 5, 86,

8.8
Building Research Establishment — Figs 3 1, 3 3, 3 4,

3.5,3 8, 39,434,131
Butterworth-Heinemann Ltd — Figs 2 16, 2 51, 10 31,

Table 13 1
Burlington Engineers Ltd — Figs 8 2, 8 4, 8 7
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Cementation Pihng and Foundations Ltd — Figs 8 31,
1140

Construction Industry Research and Information
Association — Figs 5 25, 5 27, 5 30, 5 35, 5 36, 5 40,
714,916,918,919,935,936,11.7, ll9repro-
duced by kind permission of CIRIA

Columbia Umversity Press — Fig 106
Corns UK Ltd — Tables 84 and 10 1
Construction Research Commumcations — Tables 3 1,

5 3, Fig 5 28
The late W K Cross Esq — Figs 638, 639
Crown Copynght, Controller of JIM Stationery Office

—Figs 3 1, 3.3,34,35
CSIRO, Australia—Fig 3.7
Danish Geotechnical Institute — Figs 2.7,2 8,29, 2 10,

2 11, 2 12,737
D'Appolonia Consulting Engmeers Inc — Fig 942
Edmund Nuttall Ltd — Figs 651, 652, 9 33
Engineering News Record — Figs 641
Fugro-McClelland Limited — Fig 7 8
Honshu-Shikoku Bridge Authority — Fig. 656
Indian Roads Congress — Figs 632, 635
Institution of Structural Engineers — Figs 4 36, 5 12,

121,124,1225,1226
Japan Society ISSMFE — Fig 942
Jim Mackintosh Photography — Figs 5 7, 1220
David Lee Photography — Fig 643
The Marine Technology Directorate Ltd —Fig 74
Mabey Hire Limited — Fig 932
Metropolitan Expressway Public Corporation, Yoko-

hama—Fig 649
Nanyang Technological Institute —Figs 10 13, 1024,

1025
National House Building Council —Fig 3 6
National Research Council of Canada — Figs 2 37, 2 46,

718,721,722
Director of Techrncal Services, Northumberland County

Council — Figs 6 19, 6 20, 6 21
Norwegian Geotechmcal Institute — Fig 2 31
Offshore Technology Conference — Figs 7 11,7 47,7 48,

7 53
Pearson Education Ltd — Fig 651
Professor Osterberg — Fig 7 16
Ove Arup and Partners — Figs 4 38, 12 8
Ove Arup Computing Systems — Fig 9 10
Pentech Press — Figs 2 20, 2 36, 3 2, 3.4

J. F S Pryke Esq — Figs 12 12, 1224
Ronald White — Fig 116
S SerotaEsq—Fig. 1031
Roger Bullivant Ltd — Fig 8 29
Professor I M. Smith — Figs 251, 2.52
Soil Mechanics Limited — Fig 8.24
Speed-Shore (UK) Ltd — Fig 9 17
Dr S M Spnngman — Figs 6 13, 6 14, 6 15
Steen Consultants — Fig 441
Structural Engineers Trading Organisation Ltd — Figs

439,610,121,124, Table28
Swedish Geotechnical Institute — Fig 1 5
Thomas Telford Publications (and Institution of Civil

Engineers) — Figs 1 6, 1 7, 2 21, 222, 2 26, 2 27,
233,243,244,253,32,41,4.34,435,58,59,
543, 5.44, 618,624, 644, 6.48, 655, 657, 741,
95,9 39,947,948, 1022, 1023, 1032, 1033, 1034,
11 14, 11 42, 12 21, 12 22, 12 23, Tables 5 5, 5 6, 102

Trafalgar House Technology — Fig 628
Transport Research Laboratory — Figs 6 13, 6 14, 6 15
Tudor Engineering Company — Fig 6 31
Turner Visual Group Limited — Fig 97
U S Army, Waterways Experiment Station — Figs 745,

1111
U S National Committee, ISSMFE — Fig 2 34
Westpile Limited — Fig 8 27
John Wiley & Sons Inc — Figs 2 13, 2 15(a), 1112
John Wiley and Sons Limited —Figs 2 51, 2 52, 5 23(b)
Wimpey Group Services Lmnted — Figs 116,5 7,5 16,

517,820,94,97,1010,1121,1122,1220
Zublin Spezialtiefbau GmbH — Fig 8 11

Extracts from British Standards are reproduced with
the permission of BSI under hcence number SK2000/
0490 Complete copies of the standard can be obtained
by post from BSI Customer Services, 389 Chiswick
High Road, London W4 4AL

Figs 2 34, 4 37, 4 38, and 7 17 are reproduced with
permission from A A Balkema, P0 Box 1675, NL-
3000 BR, Rotterdam, The Netherlands

Fig 74 is reproduced with kind pemussion from Kluwer
Academic Publishers
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1 Site invetigaticns and
§©ik mechanics

1.0 General requirements

A site investigation in one form or another is always
required for any engineering or building structure. The
investigation may range in scope from a simple exam-
mation of the surface soils with or without a few shallow
trial pits, to a detailed study of the soil and ground water
conditions to a considerable depth below the surface
by means of boreholes and in-situ and laboratory tests
on the materials encountered The extent of the work
depends on the importance and foundation arrangement
of the structure, the complexity of the soil conditions,
and the information which may be available on the
behaviour of existing foundations on similar soils

The draft of Eurocode 7, Geotechnical Design''
places structures and earthworks into three 'geotechnical
categories' Light structures such as buildmgs with col-
umn loads up to 250 kN or walls loaded to 100kN/m,
low retaining walls, and single or two-storey houses
are placed in geotechnical category 1 Provided that the
ground conditions and design requirements are known
from previous experience and the ground is not sloping
to any significant degree, the qualitative investigations
in this category can be limited to verifying the design
assumptions at the latest during supervision of construc-
tion of the works Verification is deemed to consist of
visual inspection of the site, sometimes with mspection
of shallow trial pits, or sampling from auger borings

Category 2 structures include conventional types on
sites where there are no abnormal risks or unusual or
exceptionally difficult ground or loading conditions

Conventional substructures such as shallow spread
footings, rafts, and piles are included in this category,
as well as retaining walls, bridge piers and abutments,
excavations and excavation supports, and embankments
Quantitative geotechnical information is required, but

routine procedures for field and laboratory testing and
for analysis and design are deemed to be satisfactory

Structures in category 3 are very large or unusual
types or those involving abnormal risks, or unusual or
exceptionally difficult ground or loading conditions
Structures in highly seismic areas are included in this
category

The investigations required for category 3 are those
deemed to be sufficient for category 2, together with
any necessary additional specialized studies If test pro-
cedures of a specialized or unusual nature are required,
the procedures and interpretations should be documented
with reference to the tests

Thorough investigations are necessary for buildings
and engineering structures founded m deep excavations
As well as providing information for foundation design,
they provide essential information on the soil and
ground-water conditions to contractors tendering for the
work Thus, money is saved by obtaining realistic and
competitive tenders based on adequate foreknowledge
of the ground conditions A reputable contractor will
not gamble on excavation work if its cost amounts to
a substantial proportion of the whole project, a corres-
pondingly large sum will be added to the tender to
cover for the unknown conditions Hence the saying,
'You pay for the borings whether you have them or
not'

It follows that contractors tendering for excavation
work must be supplied with all the details of the site
investigation It is not unknown for the engineer to with-
hold certain details such as ground-water level observa-
tions under the mistaken idea that this might save money
in claims by the contractor if water levels are subse-
quently found to be different from those encountered in
the borings This is a fallacy, the contractor will either
allow in his tender for the unknown risks involved or

t
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2 Site investigations and soil mechanics

will take a gamble If the gamble fails and the water
conditions turn out to be worse than assumed, then a
claim will be made

An engmeer undertaking a site investigation may
engage local labour for trial pit excavation or hand
auger bonng, or may employ a contractor for boring
and soil sampling If laboratory testing is required the
boring contractor can send the samples to his own or to
an mdependent testing laboratory The engineer then
undertakes the soil mechanics analysis for foundation
design Alternatively a specialist organization offering
comprehensive facilities for boring, sampling, field and
laboratory testing, and soil mechanics analysis may un-
dertake the whole investigation A smgle organization
has an advantage of providing the essential continuity
and close relationship between field, laboratory, and
office work It also permits the boring and testing pro-
gramme to be readily modified in the light of informa-
tion made available as the work proceeds Additional
samples can be obtained, as necessary, from soil layers
shown by laboratory testing to be particularly signifi-
cant In-situ testing can be substituted for laboratory
testing if desired In any case, the engineer responsible
for the day-to-day direction of the field and laboratory
work should keep the objective of the investigation
closely in mind and should make a continuous appraisal
of the data in the same way as is done at the stage of
preparing the report In this way vital information is not
overlooked, the significance of such features as weak
soil layers, deep weathering of rock formations, and
sub-artesian water pressure can be studied m such greater
detail, as may be required while the fieldwork is still in
progress

Whatever procedure the engineer adopts for carrying
out his investigation work it is essential that the indi-
viduals or organizations undertaking the work should
be conscientious and completely rehable The engineer
has an important responsibility to his employers in
selecting a competent organization and in satisfying
himself by checks in the field and on laboratory or
office work that the work has been undertaken with
accuracy and thoroughness

1.1 Information required from a site
investigation

For geotechnical categories 2 and 3 the following in-
formation should be obtained in the course of a site
investigation for foundation engineenng purposes

(a) The general topography of the site as it affects
foundation design and construction, e g surface
configuration, adjacent property, the presence of

watercourses, ponds, hedges, trees, rock outcrops,
etc, and the available access for construction veh-
icles and plant

(b) The location of buried services such as electric
power, television and telephone cables, water mains,
and sewers.

(c) The general geology of the area with particular ref-
erence to the main geological formations underly-
ing the site and the possibility of subsidence from
mineral extraction or other causes

(d) The previous history and use of the site including
information on any defects or failures of existing
or former buildings attributable to foundation condi-
tions, and the possibility of contamination of the
site by toxic waste materials

(e) Any special features such as the possibility of earth-
quakes or climatic factors such as flooding, seasonal
swelling and shrinkage, permafrost, or soil erosion

(f) The availability and quality of local constructional
matenals such as concrete aggregates, building and
road stone, and water for constructional purposes

(g) For maritime or river structures information on
normal spring and neap tide ranges, extreme high
and low tidal ranges and river levels, seasonal river
levels and discharges, velocity of tidal and river
currents, wave action, and other hydrographic and
meteorological data

(h) A detailed record of the soil and rock strata and
ground-water conditions within the zones affected
by foundation bearing pressures and construction
operations, or of any deeper strata affecting the site
conditions in any way

(j) Results of field and laboratory tests on soil and
rock samples appropnate to the particular foundation
design or constructional problems

(k) Results of chemical analyses on soil, fill matenals,
and ground water to determine possible deleterious
effects on foundation structures

(1) Results of chemical and bactenological analyses
on contaminated soils, fill materials, and gas emis-
sions to determine health hazard risks

Items (a)—(g) above can be obtained from a general
reconnaissance of the site (the 'walk-over' survey), and
from a study of geological memoirs and maps and other
published records A close inspection given by walking
over the site area will often show sigmficant indications
of subsurface features. For example, concealed swallow
holes (sink holes) in chalk or limestone formations
are often revealed by random depressions and marked
irregularity in the ground surface, soil creep is in-
dicated by wrinkling of the surface on a hillside slope,
or leaning trees, abandoned mine workings are shown
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Information required from a site investigation 3

by old shafts or heaps of mineral waste, glacial deposits
may be indicated by mounds or hummocks (drumlins)
in a generally flat topography, and river or lake de-
posits by flat low-lymg areas in valleys The surface indi-
cations of ground water are the presence of springs or
wells, and marshy ground with reeds (indicating the
presence of a high water table with poor drainage and
the possibihty of peat) Professional geological advice
should be sought in the case of large projects covering
extensive areas

Information should be sought on possible long-term
changes in ground-water levels, cessation of abstraction
of ground water for industrial purposes from bored
wells, or pumping from deep mine-shafts can cause a
slow rise in ground water over a wide area.

On extensive sites, aerial photography is a valuable
aid in site investigations Photographs can be taken from
model aircraft or balloons Skilled interpretations of
aerial photographs can reveal much of the geomor-
phology and topography of a site Geological mapping
from aerial photographs as practised by specialist firms
is a well-established science

Old maps as well as up-to-date publications should
be studied, since these may show the previous use of
the site and are particularly valuable when investigating
backfllled areas Museums or libraries in the locality
often provide much information in the form of maps,
memoirs, and pictures or photographs of a site in past
times Local authorities should be consulted for details
of buried services, and in Bntain the Geological Survey
for information on coal-mine workings Some parts
of Britain were worked for coal long before records of
workings were kept, but it is sometimes possible to
obtain information on these from museums and libraries
If particular information on the history of a site has an
important bearing on foundation design, for example
the location of buried pits or quames, every endeavour
should be made to cross-check sources of mformation
especially if they are based on memory or hearsay
People's memones are notoriously unreliable on these
matters

Items (h), (j), and (k) of the list are obtained from
boreholes or other methods of subsurface exploration,
together with field and laboratory testing of soils or
rocks It is important to describe the type and consistency
of soils in the standard manner laid down in standard
codes of practice In Bntain the standard descriptions
and classifications of soils are set out in the Bntish
Standard Code of Practice Site Investigations, BS 5930

Rocks should be similarly classified in accordance
with the standard procedure of codes of practice, BS
5930 requires rocks to be descnbed in the following
sequence

Colour
Grain size (the grain size of the mineral or rock

fragments comprising the rock)
Texture (e g crystalline, amorphous, etc)
Structure (a descnption of discontinuities, e g

laminated, foliated, etc)
State of weathering
ROCK NAME
Strength (based on the uniaxial compression test)
Other characteristics and properties

Of the above descnptions, the four properties of par-
ticular relevance to foundation engineering are the
structure, state of weathering, discontinuity spacing, and
uniaxial compression strength

The discontinuity spacing is defined in two ways

(1) The rock quality designation (RQD) which is the
percentage of rock recovered as sound lengths which
are 100 mm or more in length

(2) The fracture index which is the number of natural
fractures present over an arbitrary length (usually
im)

The structure is of significance from the aspect of
ease of excavation by mechanical plant, and also the
frequency and type of discontinuity affects the com-
pressibility of the rock mass The state of weathering,
discontinuity spacing, and umaxial compression strength
can be correlated with the deformation characteristics
of the rock mass and also with the skm fnction and
end-bearing of piles

In stating the description of rock strength in borehole
records the classification adopted in BS 5930 should be
followed Thus

Classification Uniaxial compressive
strength (MN/rn2)

Very weak
Weak
Moderately weak
Moderately strong
Strong
Very strong
Extremely strong

Under 1 25
1 25—5

5—12 5
125—50

50—100
100-200
Over 200

1.2 Site mvestigations of foundation failures

From time to time it is necessary to make investiga-
tions of failures or defects in existing structures The
approach is somewhat different from that of normal
site investigation work, and usually takes the form of
trial pits dug at various points to expose the soil at
foundation level and the foundation structure, together
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with deep trial pits or borings to investigate the full
depth of the soil affected by bearing pressures A care-
ful note is taken of all visible cracking and movements
in the superstructure since the pattern of cracking is
mdicative of the mode of foundation movement, e g by
sagging or hogging It is often necessary to make long-
continued observations of changes in level and of move-
ment of cracks by means of tell-tales Glass or paper
tell-tales stuck on the cracks by cement pats are of little
use and are easily lost or damaged The tell-tales should
consist of devices specially designed for the purpose or
non-corrodible metal plugs cemented into holes drilled
in the wall on each side of the crack and so arranged
that both vertical and horizontal movements can be
measured by micrometer gauges Similarly, points for
taking levels should be well secured against removal or
displacement They should consist preferably of steel
bolts or pins set in the foundations and surrounded by a
vertical pipe with a cover at ground level The levels
should be referred to a well-established datum point at
some distance from the affected structure, ground move-
ments which may have caused foundation failure should
not cause similar movement of the levelling datum
The Building Research Establishment in Britain has
developed a number of devices such as tiltmeters and
borehole extensometers for monitonng the movements
of structures and foundations

A careful study should be made of adjacent struc-
tures to ascertain whether failure is of general occur-
rence, as in mining subsidence, or whether it is due to
localized conditions The past history of the site should
be investigated with particular reference to the former
existence of trees, hedgerows, farm buildings, or waste
dumps The proximity of any growing trees should be
noted, and mformation should be sought on the seasonal
occurrence of cracking, for example if cracks tend to
open or close in winter or summer, or are worse in dry
years or wet years Any industrial plant in which forging
hammers or presses cause ground vibrations should be
noted, and inquiries should be made about any construc-
tion operations such as deep trenches, tunnels, blasting,
or piling which may have been camed out in the locality

1.3 Borehole layout
Whenever possible boreholes should be sunk close to
the proposed foundations This is important where the
bearing stratum is irregular in depth For the same
reason the boreholes should be accurately located in
position and level in relation to the proposed structures
Where the layout of the structures has not been decided
at the time of making the investigation a suitable pattern
of boreholes is an evenly spaced grid of holes For

extensive areas it is possible to adopt a grid of boreholes
with some form of zn-situ probes, such as dynamic or
static cone penetration tests, at a closer spacing within
the borehole grid EC 7 recommends, for category 2
investigations, that the exploration points forming the
grid should normally be at a mutual spacing of 20—
40 m Trial pits for small foundations, such as strip
foundations for houses, should not be located on or
close to the intended foundation position because of the
weakening of the ground caused by these relatively large
and deep trial excavations

The required number of boreholes which need to be
sunk on any particular location is a difficult problem
which is closely bound up with the relative costs of the
investigation and the project for which it is undertaken
Obviously the more boreholes that are sunk the more is
known of the soil conditions and greater economy can
be achieved in foundation design, and the risks of meet-
ing unforeseen and difficult soil conditions which would
greatly increase the costs of the foundation work be-
come progressively less However, an economic limit
is reached when the cost of borings outweighs any sav-
ings in foundation costs and merely adds to the overall
cost of the project For all but the smallest structures, at
least two and preferably three boreholes should be sunk,
so that the true dip of the strata can be established
Even so, false assumptions may still be made about
stratification

The depth to which boreholes should be sunk is gov-
erned by the depth of soil affected by foundation bear-
ing pressures The vertical stress on the soil at a depth
of one and a half times the width of the loaded area is
still one-fifth of the applied vertical stress at foundation
level, and the shear stress at this depth is still appreci-
able Thus, borings in soil should always be taken to a
depth of at least one to three times the width of the
loaded area In the case of narrow and widely spaced
strip or pad foundations the borings are comparatively
shallow (Fig 1 1(a)), but for large raft foundations the
borings will have to be deep (Fig 1 1(b)) unless rock is
present within the prescribed depth Where strip or pad
footings are closely spaced so that there is overlapping
of the zones of pressure the whole loaded area becomes
in effect a raft foundation with correspondingly deep
borings (Fig 1 1(c)) In the case of piled foundations
the ground should be explored below pile-point level
to cover the zones of soil affected by loading trans-
mitted through the piles EC 7 recommends a depth of
five shaft diameters below the expected toe level It is
usual to assume that a large piled area in uniform soil
behaves as a raft foundation with the equivalent raft
at a depth of two-thirds of the length of the piles
(Fig 1 1(d))
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Figure 1.1 Depths of boreholes for various foundation
conditions

The 'rule-of-thumb' for a borehole depth of one and
a half times the foundation width should be used with
caution Deep fill material could be present on some
sites and geological conditions at depth could involve a
risk of foundation instability

Where foundations are taken down to rock, either in
the form of strip or pad foundations or by piling, it is
necessary to prove that rock is in fact present at the
assumed depths Where the rock is shallow this can be
done by direct examination of exposures in trial pits or
trenches, but when bonngs have to be sunk to locate
and prove bedrock it is important to ensure that boul-
ders or layers of cemented soils are not mistaken for
bedrock This necessitates percussion boring or rotary
diamond core drilling to a depth of at least 3 m in bed-
rock in areas where boulders are known to occur On
sites where it is known from geological evidence that
boulders are not present a somewhat shallower penetra-
tion into rock can be accepted In some areas boulders
larger than 3 m have been found, and it is advisable to
core the rock to a depth of 6 m for important structures
Mistakes in the location of bedrock in boreholes have
in many cases led to costly changes in the design of
structures and even to failures.

It is sometimes the practice, when preparing borehole
records, to define rockhead or bedrock as the level at
which auger or percussion boring in weak rock has
ceased and coring in stronger rock has commenced
This practice is quite wrong The decision to change to
core drilling may have nothing to do with the strength
of the rock It may depend on the availability of a core
drill at any given time or on the level at which the

Exploration in soils

borehole has reached at the end of the morning or after-
noon's work Rockhead or bedrock should be defined
as the interface between superficial deposits and rock,
irrespective of the state of weathenng of the latter

Direct exposure of rock in trial pits or trenches is
preferable to boring, wherever economically possible,
since widely spaced core dnlhngs do not always give a
true indication of shattenng, faulting, or other struc-
tural weakness in the rock Where rock lies at some
depth below ground level, it can be examined in large-
diameter boreholes dnlled by equipment described in
Section 8 14 Because of the cost, this form of deep
exploration is employed only for important structures

EC 7 recommends that where the possibihty of base
uplift in excavations is being investigated the pore-
water pressures should be recorded over a depth below
ground-water level equal to or greater than the excava-
tion depth Even greater depths may be required where
the upper soil layers have a low density When boreholes
are sunk in water-bearing ground which will be subse-
quently excavated, it is important to ensure that they
are backfilled with concrete or well-rammed puddled
clay If this is not done the boreholes may be a source
of considerable inflow of water into the excavations
In a report on an investigation for a deep basement
structure in the Glasgow area the author gave a warning
about the possibihty of upheaval of clay at the bottom
of the excavation, due to artesian pressure in the under-
lying water-bearing rock After completing the base-
ment the contractor was asked whether he had had any
trouble with this artesian water The answer was that
'the only trouble we had with water was up through
your borehole' In another case, large bored piles with
enlarged bases were designed to be founded within an
impervious clay layer which was underlain by sand
contaimng water under artesian pressure The nsks of
somewhat greater settlement due to founding in the
compressible clay were accepted to avoid the difficulty
of constructing the piles in the underlying, less com-
pressible sand However, considerable difficulty was
expenenced in excavating the base of one of the piles
because of water flowing up from the sand strata through
an unsealed exploratory borehole

1.4 Exploration in soils

1.4.1 Investigation methods

Methods of determining the stratification and engineer-
ing characteristics of subsurface soils are as follows

Trial pits
Hand auger borings

5

(d)
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Mechamcal auger bonngs
Light cable percussion borings
Rotary open hole drilling
Wash bonngs
Wash probings
Dynanuc cone penetration tests
Static cone penetration tests
Vane shear tests
Pressuremeter tests
Dilatometer tests
Plate bearing tests

Detailed descriptions of the above methods as used
in British practice are given in BS 5930 Site Investiga-
tions. Brief comments on the applicability of these
methods to different soil and site conditions are given
in the following Sections 1 42—1 45

1.4.2 Trial pits and borings

Trial pits are generally used for geotechmcal category
1 investigations They are useful for examining the
quality of weathered rocks for shallow foundations Tnal
pits extended to trenches provide the most reliable means
of assessing the state of deposition and characteristics
of filled ground (see Section 110)

Hand and mechanical auger borings are also suit-
able for category 1 investIgations in soils which remain
stable in an unlmed hole When carefully done augermg
causes the least soil disturbance of any bonng method

Light cable percussion borings are generally used in
Bntish practice The simple and robust equipment is
well suited to the widely varying soil conditions in
Bntain, including the very stiff or dense stony glacial
soils, and weathered rocks of soil-like consistency

Large-diameter undisturbed samples (up to 250 mm)
can be recovered for special testing

Rotary open hole drilling is generally used m USA,
Middle East, and Far Eastern countries The rotary dnlls
are usually tractor or skid-mounted and are capable of
rock dnlhng as well as drilling in soils Hole diameters
are usually smaller than percussion-drilled holes, and
sample sizes are usually limited to 50 mm diameter

Bentonite slurry or water is used as the drilling fluid,
but special foams have been developed to assist in
obtaining good undisturbed samples

Wash borings are small-diameter (about 65 mm) holes
dnlled by water flush aided by chiselling Sampling is
by 50 mm internal diameter standard penetration test
equipment (see below) or 50—75 mm open-drive tubes

Wash probings are used in over-water soil investiga-
tions They consist of a small-diameter pipe jetted down
and are used to locate rock head or a strong layer over-

lain by loose or soft soils, for example in investigations
for dredging There is no positive identification of the
soils and sampling is usually impracticable

1.4.3 Soil sampling

There are two main types of soil sample which can be
recovered from boreholes or trial pits

(a) Disturbed samples, as their name implies, are
samples taken from the bormg tools examples
are auger parings, the contents of the split-spoon
sampler in the standard penetration test (see Section
1 4 5), sludges from the shell or wash-water return,
or hand samples dug from trial pits

(b) Undisturbed samples, obtained by pushing or driv-
ing a thin-walled tube into the soil, represent as
closely as is practicable the in-situ structure and
water content of the soil. It is important not to over-
drive the sampler as this compresses the contents
It should be recogmzed that no sample taken by
driving a tube into the soil can be truly undisturbed

Disturbance and the consequent changes in soil prop-
erties can be minimized by careful attention to main-
tainmg a water balance in the borehole That is, the
head of water in the borehole must be maintained, while
sampling, at a level corresponding to the piezometric
pressure of the pore water in the soil at the level of
sampling This may involve extending the borehole
casing above ground level or using bentomte slurry
instead of water to balance high piezometric pressures
The care in sampling procedure and the elaborateness
of the equipment depends on the class of work which
is being undertaken, and the importance of accurate
results on the design of the works.

BS 5930 recommends five quality classes for soil
sampling following a system developed in Germany
The classification system, the soil properties which can
be determined reliably from each class, and the appro-
priate sampling methods are shown in Table 11

In cohesive soils sensitive to disturbance, quality
classes 1 and 2 require a good design of sampler such
as a piston or thin-walled sampler which is jacked or
pulled down into the soil and not driven down by blows
of a hammer Class 1 and 2 sampling in soils insensi-
tive to disturbance employs open-drive tube samplers
which are hammered mto the soils by blows of a sliding
hammer or careful hand-cut samples taken from trial
pits There is a great difference in cost between piston
and open sampling, but the engineer should recogmze
the value of good quality if this can result in economies
in design, for example, good-quality sampling means
higher indicated shear strengths, with higher bearing
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Quality class
(as BS 5930)

Soil properties that
can be determined
reliably (BS 5930)

Sampling method

I Classification,
moisture content,
density, strength,
deformation, and
consolidation
characteristics

Soils sensitive to
disturbance
thin wall piston sampler
Soils insensitive to
disturbance
thick or thin wall open
sampler
Soils containing
discontinuities (fabnc)
affecting strength,
deformation, and
consolidation
large-diameter thin or thick
wall sampler (piston or
open)

2 Classification,
moisture content,
density

Thin- or thick-wall open
sampler

3 Classification and
moisture content

Disturbed sample of
cohesive soils taken from
clay cutter or auger in dry
borehole

4 Classification Disturbed sample of
cohesive soils taken from
clay cutter or auger in
boreholes where water is
present

None, sequence of
strata only

Disturbed samples of non-
cohesive soils taken from
shell in cable percussion
bonng or recovered as
debns flushed from rotary
dnlling or wash bonng

pressures and consequently reduced foundation costs
In certain projects good sampling may mean the differ-
ence between a certain construction operation bemg
judged possible or impossible, for example the placing
of an embankment on very soft soil for a bndge
approach If shear strength as indicated by poor-quahty
sampling is low, then the engineer may decide it is
impossible to use an embanked approach and will have
to employ an expensive piled viaduct On the other
hand in 'insensitive' clays such as stiff glacial till the
sampling procedure has not much effect on shear
strength and thick-wall open samplers may give quite
adequate information Also, elaborate samplers such as
the fixed piston types may be incapable of operation in
clays containing appreciable amounts of large gravel

The presence of discontinuities in the form of pockets
or layers of sand and silt, laminations, fissures, and root

holes in cohesive soils is of sigmficance to their per-
meability, which in turn affects their rate of consohda-
tion under foundation loading, and the stability of slopes
of foundation excavations The use of large-diameter
sample tubes may be justified to assess the significance
of such discontinuities or 'fabnc' to the particular foun-
dation problem i 2

The engineer should study the foundation problem
and decide what degree of elaborateness in samphng
is economically justifiable, and he should keep in mind
that zn-situ tests such as the vane or cone tests may give
more reliable information than laboratory tests on
undisturbed samples If zn-situ tests are adopted, elab-
orateness an undisturbed sampling is unnecessary and
the 'simple' class is sufficient to give a check on iden-
tification of soil types A good practice, recommended
by Rowei2 is to adopt continuous sampling in the first
boreholes dnlled on a site An open-dnve sampler with
an internal split sleeve is used to enable the samples
to be split longitudinally for examination of the soil
fabric The critical soil layers can be identified and the
appropriate class of sampling or zn-situ testing adopted

BS 5930 gives details and dimensions of five types
of soil samplers for use in boreholes These are

Thin-walled samplers
General-purpose 100mm diameter open-tube sampler
Split-barrel standard penetration test sampler
Thin-walled stationary piston sampler
Continuous sampler

Thin-walled samplers which are pushed rather than
hammered into the soil cause the minimum of moisture
content changes and disturbance to the fabnc of the
soil Sample diameters are generally 75—100 mm, but
tubes up to 250 mm can be provided for special pur-
poses The thin-wall sampler is suitable for use in very
soft to soft clays and silts

One type of thin-walled sampler, not descnbed in
BS 5930, is the Laval sampler developed in Canada for
sampling soft clays ' It has been shown to provide
samples of a quality equal to those obtained by conven-
tional hand-cut block sampling The tube is hydraulic-
ally pushed into a mud-supported borehole to recover
samples 200 mm in diameter and 300 mm long The
tube is over-cored before withdrawal

The general-purpose 100 mm diameter open-tube
sampler was developed in the UK as a suitable device
for sampling the very stiff to hard clays, gravelly glacial
till, and weak weathered rocks such as chalk and marl
In this respect the detachable cutting shoe is advan-
tageous It can be discarded or reconditioned enabling
many reuses of the equipment However, the relatively
thick-walled tube and cutting shoe do cause some

Table 1.1 Quality classification for soil sampling

5
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Figure 1.2 Lack of information on shear strength at foundation level due to adoption of umform sampling depths in all boreholes

disturbance of the fabnc of the soil and moisture con-
tent changes witlun the sample The equipment is suit-
able for geotechmcal category 2 investigations

The split-barrel standard penetration test sampler is
used to make the in-situ soil test descnbed in Section
1 45 The tube has an mtemal diameter of 35 mm and
recovers a disturbed sample suitable for classes 3 and 4
in Table 11 Some mdication of layenng or laminations
can be seen when the sampler is taken apart

Thin-walled stationary piston samplers are suitable
for quality class 1 m Table 11 and for geotechnical
category 3 investigations Diameters range from 75 to
100 mm with special types up to 250 mm They recover
good samples of very soft to soft clays and silts, and
sandy soils can sometimes be recovered Special thin-
wall piston samples are used in stiff clays

The DeIft continuous sampler is an example of this
type It is made in 29 and 66 mm diameters with a
penetration generally up to 18 m, but samples up to
30 m can be recovered in favourable soil conditions
It is designed to be pushed into the ground using the
200 kN thrust of the standard cone penetration test
sounding machine (see below)

The samples from the 66 mm tubes are retained m
plastic liners which can be split longitudinally to exam-
ine the stratification and fabric of the soil

1.4.4 Spacing of soil samples

It is frequently specified that soil samples should be
taken at intervals of 1 5 m and at each change of strata

in boreholes While this spacing may be adequate if a
large number of boreholes is to be drilled, there can be
a senous deficiency in quantitative soil information if
the size of the area under investigation warrants only a
few boreholes The lack of information is particularly
noticeable where structures with shallow foundations
are proposed Thus it is quite usual for the first sample
to be taken just below the topsoil, say from 02 to 07 m
The next, at the 1 5 m spacing, is from 1 7 to 2 2 m
Exactly the same depths are adopted for all the boreholes
on the site It is normal to place foundations in clay at a
depth of 09 or 1 0 m Thus there is no information on
soil shear strength and compressibility at and for a dis-
tance of 0 8 m below foundation level, probably within
a zone where there are quite large variations in soil
charactenstics due to the effects of surface desiccation
(Fig. 1 2) Where only a few boreholes are to be sunk it
is a good practice to adopt continuous sampling for
the first few metres below ground level or to stagger the
sampling depths where the 1 5 m spacing is adopted.

1.4.5 In-situ testing of soils

Tests to detenmne the shear strength or density of soils
in situ are a valuable means of investigation since these
characteristics can be obtained directly without the dis-
turbing effects of boring or sampling They are particu-
larly advantageous in soft sensitive clays and silts or
loose sands They must not be used as a substitute for
borings but only as a supplementary method of investi-
gation One cannot be sure of identifying the types of

0 Shear strength

information for foundation
design not available over
this depth for all boreholes 1 7m

Zone of
desiccation

Normal shear
strength profile

10

20

30

11

U

3 2m

3 7m
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soil they encounter and the tests give no information on
ground-water conditions

The vane shear rest apparatus was developed to meas-
ure the shear strength of very soft and sensitive clays,
but in Scandinavian countries the vane test is also re-
garded as a reliable means of determining the shear
strength of stiff-fissured clays The standard equipment
and test procedure are descnbed in BS 1377 (Test 18)
The vane test is performed by rotating a four-bladed
vane, 101 6 mm long x 508 mm wide overall, in the
soil below the bottom of a borehole or by pushing down
and rotating the vane rod independently of bonng Thus
the test is performed in soil unaffected by bonng distur-
bance However, it has been observed that the undrained
shear strength of a clay as measured by the vane test
can differ quite appreciably from the actual field strength
as measured from the behaviour of full-scale earthworks
Bjerrum'4 concluded that the difference is caused by
the anisotropy of the soil and the difference in the rate
of loading between a rapidly executed field vane and
the slow application of loading from foundations
and earthworks Bjemim's correction factors to vane test
results correlated with the plasticity index of clays are
shown in Fig 1 3 These factors should be applied to
vane test results to obtain the equivalent undrained shear
strengths for foundation beanng capacity calculations
using the methods descnbed in Section 23

From the results of this test or subsequent laboratory
tests the clays are classified m accordance with BS 5930
as follows

Term Undrained shear strength
(kN/m2)

Very soft
Soft
Soft to firm
Firm
Firm to stiff
Stiff
Very stiff or hard

Less than 20
20—40
40—50
40—75
75—100
75—150
Greater than 150

The standard penetration test (SF1') (BS 1377 (Test
19)) is made in boreholes by means of the standard
50 8 mm outside and 33 8 mm inside diameter split-
spoon sampler (sometimes known as the Raymond
sampler) It is a very useful means of determining the
approximate zn-situ density of cohesionless soils and,
when modified by a cone end, the relative strength
or deformability of rocks The sampler is dnven to
penetration of 450 mm by repeated blows of a 63 5 kg
monkey falling freely through 760 mm, actuated by an
automatic trip device Only the number of blows for
the last 300 mm of dnving is recorded as the standard
penetration number (N-value) It is standard practice to
count the number of blows for every 75 mm of penetra-
tion in the full 450 mm of dnving By this means the
depth of any disturbed soil in the bottom of the borehole
can be assessed and the level at which any obstructions
to dnving, such as cobbles, large gravel, or cemented
layers, are met can be noted Normally not more than
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Figure 1.3 Correction factors for undrained shear strength of normally consolidated clays obtained by field vane tests
(after Bjerrum' 4)
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50 blows (including the number of blows required to
seat the sampler below the disturbed zone) are made in
the test If the full 300 mmpenetration below the initial
seating drive is not achieved, i.e when 50 blows have
been made before full penetration is achieved, then both
the depth at the start of the test and the depth at which
it is concluded must be given in the borehole record,
suitable symbols being used to denote whether the test
was concluded within or below the initial seating drive
After withdrawal from the borehole the tube is taken
apart for examination of the contents.

In gravelly soil and rocks the open-ended sampler is
replaced by a cone end Investigations have shown a
general similarity in N-values for the two types in soils
of the same density

The standard penetration test was originally developed
in the USA as a simple device to obtain an indication
of soil density The test came into use in many coun-
tries of the world and numerous correlations of the test
data with soil properties and analytical techniques were
developed Published mformation showed that the test
techniques varied widely m different countries Ham-
mers and samplers of non-standard types were being
used and the method of controllmg the hammer drop,
whether by free-fall or guided by rope and pulley, also
varied It became evident that corrections to N-values
produced by non-standard techmques would be needed
if the test data were to be used for correlation with
various soil parameters as discussed below The correc-
flon factors to be applied to the measured blow-count
have been summarized by Clayto&5 as follows

The principal correction is concerned with the en-
ergy delivered to the sampler by the hammer and drill
rods This has been standardized in terms of an energy
ratio (ERM) of60 per cent of the theoretical maximum
The measured blow-count (Nm) after correcting for ham-
mer energy is denoted by the term N Thus

Nse = NmERM/60 (11)

A further correction is applied to allow for the energy
delivered by the drill rods The Nse value is corrected to
N by multiplying N'se by 075 for rod lengths of 3 m or
shorter The correction factor is umty for lengths greater
than lOm

No correction for sampler size or weight is necessary
if a British Standard or ASTM standard sampler is used

Some correlations of the SPT with soil characteristics,
in particular the susceptibility of a soil to liquefaction
under earthquake conditions, require a further correc-
tion to N'se to allow for the effective overburden pres-
sure at the level of the test Thus for a standard sampler
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Figure 1.4 Correction factor to SVF N' value to allow for
overburden pressure (after Seed et a!' 6)

Values of CN derived by Seed et al 16 are shown in
Fig 1 4

Although the applications of the test are wholly
empirical, very extensive experience of their use has
enabled a considerable knowledge of the behaviour of
foundations in sands and gravels to be accumulated
Relationships have been established between N-values
and such charactenstics as density and angle of shear-
ing resistance as described in Section 2 3 2

BS 5930 gives the following relationship between
the SPT N-values and the relative density of a sand

N
(blows/300 mm
of penet ration)

Relative
density

D, (%)

Below 4
4—10

10—30
30—50
Over 50

Very loose
Loose
Medium—dense
Dense
Very dense

<20
20—40
40—60
60—80
>80

The use of the SPT for calculating allowable
bearing pressures of spread foundations is shown in
Section 2 3 2 and for piled foundations in Section 74

(1 2) Stroud'7 has established relationships between the
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Figure 1.5 Relationship between mass shear strength, modulus of volume compressibility, plasticity index, and SPT N-values
(after Stroud' 7)

N-value, undrained shear strength, modulus of volume
compressibility, and plasticity index of clays as shown
in Fig 1 5 However, the adoption of the SPT fordeter-
mining the shear strength and deformabihty of clay soils
is not recommended in preference to the direct method
of making laboratory tests on undisturbed samples. This
is because the relationships which have been established
between the SPT and the strength and deformability of
clays are wholly empirical, taking no account of such
factors as time effects, anisotropy, and the fabric of the
soil When laboratory tests are made, these factors can
be taken into account in the test procedure which can
be selected in a manner appropriate to the soil charac-
teristic and the type, rate, and duration of the load which
will be applied to the soil

Various corrections are necessary to the standard
penetration test values before using them to calculate
allowable bearing pressures and settlements These
adjustments take account of looseness and fineness of
the soil, the effects of overburden pressure, and the
position of the water table The procedure for making
such adjustments is described in Sections 2.3 2 and 265

Dynamic probing employs various forms of rod with
or without cone or other specially enlarged ends which
are driven down mto the soil by blows of a drop hammer
The number of blows for a given distance of penetra-
tion is recorded The Borros penetrometer is used
m Britain and other European countries It employs a
63 kg hammer impacting a 505 mm cone at a rate of
20 blows per minute The number of blows required for
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Figure 1.6 Relationship between dynanuc CPT n and STP N
(a) In sands and gravels (b) In chalk (after Cearns and
McKenzi& 8)

a penetration of 100 mm is denoted as n The torque
on the cone is measured to provide an additional means
of interpreting the data There is very little information
published in Britain on correlation between n-values
and the SPT N-value or q values from static cone pen-
etration tests Cearns and McKenzieii have published
relationships between n and the SPT N for sands,
gravels, and chalk as shown in Fig 1 6 Dynamic prob-
ing is a useful means of supplementing conventional
boring and zn-situ penetration tests, and is particularly
advantageous in delineating areas of weak soils over-
lying stronger strata and for locating cavities in weak
rock formations

The static (Dutch) cone penetration test (CPT) is
used widely in European countries and to a lesser
extent in Bntain and North America for investigations
in cohesionless soils Three types of penetrometer are
in general use (Fig 1 7) In all three types the cone end
has a base area of 1000 mm2 and an apex angle of 60°
The mantle cone shown in Fig. 1 7(a) was developed
by the Delft Soil Mechamcs Laboratory Separate deter-
minations of cone resistance and skin friction on the
sleeve tubes, and the combined resistance of cone and
tubes are obtained over stages of 200 mm (sometimes

lesser stages are adopted down to 100 mm) In the
case of the friction jacket (or Begemann) cone shown
in Fig 1 7(b) the skin friction is measured over a short
cylindrical jacket mounted above the cone which can
be jacked down independently of the cone and the sleeve
tubes above it

The electrical cone (Fig 1 7(c)) was developed in
The Netherlands by Fugro NV With this equipment
both cone and sleeve tubes are jacked down continu-
ously and together The thrust on the cone end and on a
120mm length of cyhndncal sleeve are measured sepa-
rately by electrical load cells installed at the lower end
of the penetrometer Signals from the load cells can be
transmitted to a computer and data plotter, the latter
produces a continuous record in graphical form of the
variation in cone resistance and sleeve friction with
depth A full description of the CPT equipment, the
method of operation, and the apphcation of the test
results to foundation design has been given by Meigh i

It has been found that the cone resistance as meas-
ured by the three types does not differ sigmficantly, but
there are, of course, differences in the measured sleeve
friction Empirical methods have been developed where-
by the type of soil can be identified by the separate and
combined end and fnctional resistances The author does
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Figure 1.7 Types of static cone penetrometer (a) Mantle cone,
(b) Friction jacket cone, (c) Electrical cone
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Figure 1.8 Relationship between q,/N and grain size
(after Burland and Burbidg& '°)

not rely on such measurements, but prefers to use the
cone resistance only to obtain factors from which shear
strength and deformability of soils can be estimated
(see Sections 2 3 2 and 2 6 5) with the soil identification
bemg obtained from adjacent conventional boreholes

The static cone test is a valuable method of recording
variations in the in-situ density of loose sandy soils
or laminated sands and clays in conditions where the
zn-situ density is disturbed by bonng operations, thus
making the SPT unreliable m evaluation. Only limited
penetration can be achieved by the cone in coarse grav-
elly soils An empincal relationship between CPT and
SPT results and the particle size distribution of soils is
shown m Fig 1 8

The Delft Soil Mechamcs Laboratory have continued
to develop the CPT for obtaimng a number of soil char-
actenstics by zn-situ testing These mclude the following

(a) The piezocone (to obtam pore-water pressures
simultaneously with cone resistance),

(b) The nuclear backscattenng probe (to measure in-
situ soil density),

(c) The seismocone (to measure seismic velocity),
(d) The chemoprobe (see Section 110)

Pressuremeters are not descnbed in the current
edition of BS 5930 Mair and Wood'" have given a
detailed descnption of the five types listed in Table 1 2
together with information on their method of installa-
tion, the test procedures, the interpretation of the test
results, and their applications to foundation design

Essentially, the pressuremeter consists of a cylin-
dncal rubber membrane expanded against the sides of
a borehole which is either predrilled in the case of the

002 006 02 06 20 60
Particle size (mm)

Values of N are not corrected for overburden pressure

Table 1.2 Types of pressuremeter

Type Installation
method

Mea.zurement
system

Diwneter
(mm)

Menard
pressuremeter
(type GB)

Lowered into
preformed
hole at base
of borehole

Membrane
expanded by water
pressure Volume
measured at
surface

32, 44,
58, and
74

Oyo
elastmeter
(type 100)

Lowered into
preformed
hole at base
of borehole

Membrane
expanded by
water pressure
Expansion
measured by
displacement
transducer

70

Self-bonng
pressuremeter
(Camkometer)

Drilled into
soil by
integral unit

Membrane
expanded by gas
Expansion
measured by three
strain gauged
feeler arms

82

Cambndge
rn-situ high-
pressure
dilatometer

Lowered into
preformed
hole at base
of borehole

Membrane
expanded by oil
pressure
Expansion
measured by six
strain gauged
feeler arms

74

Building
Research
Establishment
push-in
pressuremeter

Pushed into
soil at base
of borehole,
or into under-
size pre-cored
hole

Membrane
expanded by oil
pressure Volume
measured at
surface

78
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Menard-type pressuremeters or formed by the equip-
ment in the case of the Camkometer and push-in types.
The expansion of the membrane is measured directly
by feeler gauges, or indirectly by measunng the volume
of water or oil required for the increased diameter The
Canikometer is preferred for use in soft clays, silts, and
sands because of the difficulty in mamtaimng the stabil-
ity of an open preformed hole in these soils, except
perhaps by using bentomte or foam as the circulating
fluid. The Menard and Oyo types are suitable for firm
to stiff clays and weak weathered rocks, and the push-
in types for soft to firm clays and silts Pressuremeters
cannot be used in gravels

The Menard pressuremeters, when correctly operated,
produce a pressure—volume curve of the type shown m
Fig 1.9(b) and the Camkometer and push-in types a
pressure—cavity strain curve as shown in Fig 1 9(a)

The pressure—volume or strain curves require cali-
bration and correction This is usually done by the test
operator Mair and Wood strongly recommend that the
engmeer commissioning the tests should ask for the
raw data and cahbration data to ensure that the correc-
tions have been made properly before commencement
of interpretation The shear modulus (G) of the soil is
best obtained from the slope of the unload—reload cycle
after the expansion has reached the plastic stage. The
elastic modulus is derived from the expression

E=2G(l +v),
where v is the Poisson's ratio of the soil which varies
as to whether undrained or drained conditions are oper-
ating in the foundation design; E is sometimes referred
to as the deformation modulus because the soil does not
behave elastically at any stage of the pressuremeter test
Hence G orE should be referred to as the pressuremeter
modulus and the strain amplitude should be defined,
e g. the initial tangent modulus G, or a secant modulus
G, at a shear strain of 50 per cent of the peak shear
stress or at a defined percentage strain

The undrained shear strength of clays and the drained
strength of sands can be obtamed from the pressuremeter
tests using the methods described by Mair and Wood
Only the self-boring pressuremeter can be used to
obtain the 4i'-value of sands Mair and Wood'" point
out that '-values obtained m this way can be higher
than those obtained by empirical correlations with the
SPT or CPT, but are in agreement with values obtained
from tnaxial tests Undrained strengths denved from
the pressuremeter are usually very much higher than
those obtained from triaxial compression tests This is
partly due to sample disturbance m the case of triaxial
testing, but mainly due to the different method of test.
Hence it is essential to know the particular test method

Expansion of membrane

Figure 1.9 Types of corrected curves for pressuremeter tests
(a) Self-bonng pressuremeter (Camkometer) (b) Menard
pressuremeter

when using undrained shear strength values to obtain
the ultimate bearing of clays by the methods given in
Section 2 3 2 or the skin friction and base resistance of
piles (Sections 7.7—7 9)

The self-boring pressuremeter provides a good
method of obtaining the coefficient of horizontal earth
pressure at rest (K0) in terms of effective stresses This
is possible only in clays

The flat-type dilatometer (Marchetti dilatometer) is
a 95 mm wide spade-shaped probe with an expandable

I
Unload—reload
cycle

Cavity strain (%)

(a)

Pla

(13)

,tic

Pseudc -elastic

Volume
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metal-faced pressure cell 60 mm in diameter on one
face of the probe The device is pushed or hammered
into the soil either directly from the surface or from the
bottom of a borehole Readings to determine the gas
pressure required for initial movement of the cell, and
for 10 mm movement of the cell into the soil, are taken
at 200 mm intervals of depth The device has some
similarities with the CPT equipment rather than the
pressuremeter, but it causes less disturbance of the soil
than the standard cone

The cell pressure readings are interpreted empiric-
ally' 12 to provide the predominant grain size, the K0
value, and the dilatometer modulus (related to the

Crust of stiff
weathered clay

Test plate

Loading from test
plate carried wholly
by stiff crust

Soft alluvial clay

Figure 1.10

Large raft foundation

deformation modulus) of the soil
Plate bearing tests are made by excavating a pit to

the predetermined foundation level or other suitable
depth below ground level, and then applying a static
load to a plate set at the bottom of the pit The load is
applied in successive increments until failure of the
ground in shear is attained or, more usually, until the
bearing pressure on the plate reaches some multiple,
say two or three, of the bearing pressure proposed for
the full-scale foundations The magnitude and rate of
settlement under each increment of load is measured
After the maximum load is reached the pressure on
the plate is reduced in successive decrements and the
recovery of the plate is recorded at each stage of un-
loading This procedure is known as the maintained
load test and is used to obtain the deformation charac-
tenstics of the ground. Alternatively, the load can be
applied at a continuous and controlled rate to give a
penetration of the plate of 25 mm/mm This is known
as the constant rate of penetration test and is applicable
to soils where the failure of the ground in undrained
shear is required, as defined by gross settlement of the
plate, or where there is no clear indication of failure
with increasing load, the ultimate bearing capacity is
defined by the load causing a settlement of 15 per cent
of the plate diameter

Although such tests appear to answer all the require-
ments of foundation design, the method is subject to
serious limitations and in certain cases the information
given by the tests can be wildly misleading In the first
place it is essential to have the bearing plate of a size
which will take account of the effects of fissures or
other discontinuities in the soil or rock A 300 mm plate
is the minimum size which should be used which is
suitable for obtaining the undrained shear strength of
stiff fissured clays If deformation charactenstics are
required from these soils, a 750 mm plate should be
provided in conjunction with the maintained load pro-
cedure It is essential to make the plate tests in soil or
rock of the same charactenstics, as will be stressed by

the full-scale foundation Misleading information will
be given if, for example, the tests are made in the stiff
crust of weathered clay overlying a soft clay as illus-
trated in Fig 110 A 1000 mm plate is generally the
economic limit, since a 1000 mm plate loaded say to
800 kN/m2 will require some 63 t of kentledge, which
is expensive to hire including the costs of transport and
handling The cost of a single plate bearing test with a
300—600 mm plate with 50 t of kentledge is three or
more times the cost of a 12 m deep borehole (in soft
ground) complete with in-situ and laboratory testing.
A single plate bearing test on a site is, in any case, far
from sufficient since the ground is generally variable in
its characteristics both in depth and laterally At least
three tests, and preferably more, are required to obtain
representative results

Economies in plate bearing tests on rock can be made
by jacking against cable or rod anchorages grouted into
drill-holes in the rock, instead of using kentledge Single
anchors have been used successfully The anchor cable,
which is not bonded to the rock over its upper part, is
passed through a hole drilled in the centre of the test
plate A test of this type can be made at the bottom of a
borehole

The level of the water table has an important effect
on the bearing capacity and settlement of sands Thus a
plate bearing test made some distance above the water
table may indicate much more favourable results than
will be given by the large full-scale foundation which
transmits stresses to the ground below the water table
The plate bearing test gives no information whereby
the magnitude and rate of long-term consohdation settle-
ment in clays may be calculated

In spite of these drawbacks, the plate bearing test can-
not be ruled out as a means of site investigation, since
m certain circumstances it can give information which
cannot be readily obtained by other means For example,
the bearing capacity and deformation characteristics of

I Loading from
I large foundation
I transmitted to

underlying soft clay /

.....——— —--



Figure 1.11 Rig for plate loading test made in a borehole (after Marsland' 13)

certain types of rocks such as broken shales or variably
weathered matenals cannot be assessed from zn-situ
pressuremeter tests or laboratory tests due to difficult-
ies m sampling In these ground conditions it is neces-
sary to sink a number of tnal pits down to or below
foundation level The pits are carefully examined and
three or four are selected in which the ground appears to
be more heavily weathered than the average, and plate
bearing tests are made in these selected pits Alterna-
tively it may be desirable to select the pits in the weakest
and strongest ground so that a range of deformation
moduli can be obtained to assess likely differential
settlement. The largest practicable size of plate should
be used and it is advisable to dig or probe below plate
level on completion of the test to find out if there are
any voids or hard masses of matenal present which
might affect the results

Plate bearing tests made in fill materials consisting
of bnck or stone rubble are of doubtful value because
of the large particle size and wide variation in density
of such material However, meaningful results can be
obtained from tests made in filled ground consisting of
sands, gravels, colliery waste, or boiler ash

The procedure for making plate bearing tests is fully
described in BS 5930 A typical arrangement for a test
using a set-up developed by the Building Research
Establishment' is shown in Fig 111. This rig is suit-
able either for a test in an open pit or at the bottom of
a large-diameter borehole drilled using the equipment
descnbed in Section 8 14 1

A present-day set-up would most likely substitute a
load-cell for the proving nng and a displacement trans-
ducer for the settlement gauge These instruments would

be computer-controlled to give the specified rate of
settlement and to provide a read-out of the data in
numerical and graphical form

1.5 Exploration in rocks

1.5.1 General requirements

Investigations into rock formations for foundation en-
gineering purposes are concerned first with the allow-
able bearing pressures for spread foundations or working
loads on piles, and second with the conditions which
are likely to be met if excavations have to taken into
the rock strata for deep foundations The engineer must
therefore have information on the depth of any weath-
enng of the rock, the presence of any shattered zones or
faults susceptible to movement, the possibility of the
occurrence of deep drift-filled clefts, buned glacial val-
leys, swallow holes, or concealed cavities, and the
quantity of water hkely to be pumped from excavations
Much of this information can be obtained in a general
way by advice from a geologist from personal knowl-
edge of local conditions and the study of published
maps and memoirs Indeed the advice of a geologist in
connection with the siting of any important project on
rock formations is very necessary An essential part of ex-
ploration of rock masses to aid the interpretation of
borehole data and field and laboratory tests is a detailed
study of the spacing, thickness, and orientation of joints
in the rock mass, together with a study of the composi-
tion and consistency of any weathered rock or other
matenal infilling the joints if detailed observations of
joint characteristics are made at locations of pressure-
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meter or plate bearing tests, then the test results will be
applicable to other parts of the site where similar jointing
conditions exist in the rock formation

Weathering or other disturbances of the surface of a
rock stratum are likely to necessitate varying founda-
tion levels on a site, and it is often difficult if not
impossible to assess from the results of boreholes a
defimte foundation level for a structure For example,
some types of rock such as marl or limestone soften as
a result of seepage of water down fissures forming zones
of weakened rock of soft clayey consistency surrounding
strong unweathered matenal If a few boreholes only
are put down in these conditions they may encounter
only unweathered rock, giving a false picture of the
true site conditions Conversely, boreholes striking only
softened weathered rock might suggest the presence of
a deep stratum of soft clay overlying hard rock, whereas
such soft matenal might only exist in comparatively
narrow fissures. Glacial action can have caused deep
and irregular disturbance of the surface of bedrock, for
example the breaking-up and bodily movement of shales,
or the tilting of large blocks of massively bedded rock

The surface of friable, and therefore erodible, rocks
may be intersected by narrow dnft-filled valleys or clefts
which again may be undiscovered by borings or trial
pits, although a geologist would anticipate their occur-
rence These conditions may require major redesign or
relocation of foundations when the actual bedrock sur-
face is revealed at the construction stage of the project

There are three methods in general use for subsur-
face exploration in rocks These are

(1) Test pits
(2) Drilled shafts
(3) Rotary core drilling

1.5.2 Test pits

Test pits are the most satisfactory means of assessing
foundation conditions in rock, since the exposed bed-
rock surface can be closely inspected The dip of the
strata can be measured and it is often possible to assess
the extent of weathering in layers or fissures The
strength of the rock and its ease of excavation can be
determined by thai with a pick or compressed-air tools
If necessary, blocks or cylinders of the rock can be cut
for laboratory tests However, test pits are only econ-
omical when bedrock lies fairly close (say within 3 m)
of the ground surface They should be used instead of
boreholes when rock level is shallower than 2 m below
ground level, but for depths between 2 and 3 m a few
pits can be dug to supplement the evidence given by
boreholes

1.5.3 Drilled shafts

Where rock lies deeper than about 3 m, hand-excavated
test pits become very costly When it is essential to
assess the character of rock lying at some depth below
the surface in connection with the design of important
structures, the exploration can be conducted from shafts
drilled by a rotary mechamcal auger (see Section 8 14 1)
The shafts should have a minimum diameter of 750 mm
(preferably 1 m), and should be supported throughout
by a steel tube liner which can be raised from the bot-
tom of the shaft as required to permit examination of
the rock surface or to make tests such as plate loading
tests with the load applied in a horizontal direction Full
safety precautions should be observed when descend-
ing the shafts for geological examination or in-situ tests
These are described in BS 5573 1978, Safety Precau-
tions in the Construction of Large-diameter Boreholes
for Piling and Other Purposes

1.5.4 Rotary core drilling and rock testing

Rotary core drilling is regarded as the most satisfactory
method of assessing the character of rock formations
which lie at depth below the ground surface. Speci-
mens of rock in the form of cylindrical cores are re-
covered from the drill-holes by means of a core barrel

Core barrels are made in various types and sizes
depending on the depth of hole, type of rock, and size
of specimen required The barrels are also made in vari-
ous lengths, 1 5 and 3 0 m being common lengths for
site investigation work Core diameters and the corre-
sponding borehole diameters for core barrels conform-
ing to BS 4019, Part 1, are listed in Table 1 3. BS 5930
lists a number of other types and diameters including
core barrels designed for wire-line equipment used in
offshore drilling The Mazier barrel is designed to
achieve good recovery in weak friable rocks and hard
clays It consists of a triple-tube barrel, the inner tube

Table 1.3 British Standard core barrel sizes

Reference
on borehole
record

Core barrel
design

Nominal
core diameter
(mm)

Nominal
diameter of
hole (mm)

B

N

H
P
S
U
Z

BWF, BWG,
orBWN
NFW, NWG,
orNWM
HWF or HWG
PWF
SWF
UWF
ZWF

420

545
760 (or 705)
920

1125
1400
1650

600

760
990

1210
1460
1750
2000
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being stationary and fitted with a spring-loaded cutting
shoe This pushes the inner tube in advance of the cut-
ting bit, so keepmg the core from contact with the drill-
ing fluid For most purposes core diameters of N-size
(545 mm) or H-size (76 mm) for the weaker rocks are
swtable For very weak friable rocks or heavily fissured
strong rocks it may be desirable to adopt coring in the
P to Z designations (92—165 mm diameter)

It is false economy to use a small-diameter core bar-
rel for the sake of cheaper drilling rates if this results in
a poor core recovery, or even no recovery at all in weak
or shattered rocks It is most important to recover the
weakest matenals when assessments of safe bearing
pressures are being made on rock cores This requires,
as nearly as possible, 100 per cent core recovery Failure
to obtain specimens of the weak rocks in formations
consisting of alternating beds of strong and weak ma-
tenal will prevent any reasonable assessment of the
bearing capacity of such formations A case occurred on
a building site where a strong red sandstone was overlam
by wealdy cemented and friable weathered sandstone
For the sake of economy, small-diameter core drilling
had been used in the site investigation, with the result
that the weathered sandstone did not yield a core but
was returned to the surface as a sand suspension in the
wash water The weathered rock was thus identified
as a sand and a correspondingly low bearing pressure
was adopted for the foundation design When, at the
construction stage, the foundations were excavated,
compressed-air tools were required to break up the
friable rock A much higher bearing pressure could have
been used, at least 1000 kNIm2, but at that stage it was
too late to change the design

The point load test' a quick and cheap method of
obtaimng an indirect measurement of the uniaxial com-
pression strength of a core specimen It is particularly
useful in closely jointed rocks lacking in cores of suffi-
cient length for making umaxial compression tests in
the laboratory The point load test equipment is easily
portable and suitable for use in the field The tests are
made in axial and diametrical directions on the cores or
block samples The failure load to break the specimen
is designated as the point load strength (4) which is
then corrected to the value of I,which would have been
measured by a diametral test on a 50 mm diameter core
using a standard method of correction' obtain J
Some values collected by the author of the ratio of
the uniaxial compression strength of weak rocks to the
corresponding axial point load strengths are shown in
Table 1 4 The value of qI4,,))of24 is frequently quoted
for sandstone

Since rotary core drilling is a fairly expensive pro-

Rock description Average q (MN/rn2) q/I,(50)

Jurassic limestone 58 22
Magnesian limestone 37 25
Upper Chalk (Humberside) 3—8 18
Carbonate siltstone/sandstone

(UAE) 2—5 12
Mudstone/siltstone (Coal

Measures) 11 23
Tuffaceous rhyolite (Korea) 15—90 8
Tuffaceous andesite (Korea) 40—160 10

preserving the cores recovered from the drill-holes The
value of the investigation is lost if the cores are mislaid
or become mixed up in the boxes The moisture content
of weak rocks and weathered rocks should be maintained
at its true zn-situ value if laboratory tests are required to
be made This can be done by coating selected cores
with wax or wrapping them in alumimum foil or plastic
sheeting

A frequent practice in Britain is to adopt cable per-
cussion boring in the soil overburden then to continue
with this method through very weak to weak weathered
rock until the matenal becomes too strong to advance
the hole Only at this stage is core drilling commenced.
This is a bad practice because the important engineer-
ing characteristics of the weathered rock cannot be
assessed properly from chippings brought to the surface
by percussion drilling Attempts to hammer standard
U 100 or SPT samplers result in poor recovery of shat-
tered material The practice can lead to confusion and
error in the determination of 'rock-head' or 'bedrock'
level, as noted in Section 1 3

Cable percussion boring should be stopped as soon
as it is evident that a rock formation has been reached
Core drilling with bentomte, foam, or air flush with a
barrel of sufficient diameter should then be adopted
The equipment should be capable of recovering good
cores of a very weak weathered rock Laboratory tests
on the rock cores can be supplemented by pressure-
meter or dilatometer testing as separate boreholes drilled
specially for this purpose using open-hole (non-coring)
techniques

Table 1.4 Relationships between uniaxial compression strength
(q,) and point load strength (f,(55)) of some weak rocks

1.6 Ground water

1.6.1 Water level observations

Reliable information on ground-water levels within the
cedure it is important to give care and attention to depth proposed for excavations and pile borings, and
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(a) (b)

Figure 1.12 Types of plezometer for ground-water level observations (a) Standpipe (b) Hydraulic plezometer

Ground water 19

within the zone of mfluence of foundation pressures, is
vital to many aspects of foundation design and construc-
tion Regrettably, observations of ground-water condi-
tions are all too often neglected in site investigation
work This is because in cable percussion drilling the
operation of the tools causes wide variations in water
level and it is often necessary to add water during drill-
ing Frequently insufficient time is given for the first
'strike' of ground-water in a borehole or trial pit to
reach an equilibrium level In wash boring or rotary
core drilling no observations of any value are possible
while drilling is in progress Merely to observe water
levels on conclusion of dnllmg is madequate, since these
levels may take days to recover to equilibrium condi-

tions Ground-water levels should be monitored over as
long a period as possible by measurements in one or
more standpipes or piezometers installed in boreholes
A simple standpipe (Fig 1 12(a)) consisting of a PVC
tube with a slotted end and surrounded by a granular
filter (see Section 11 3 4) or plastic filter fabric is satis-
factory for granular soils or permeable rocks In silts
or clays more sensitive equipment is required The hy-
draulic piezometer (Fig 1.12(b)) consists of a porous
element connected by twm small-bore plastic tubing to
a remote reading station where pressures are measured
by a mercury manometer or a Bourdon gauge Where
ground water under pressure is met in aquifers confined
by impermeable strata above and below, it is necessary
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(to exclude surface water)

T
Leads in trench
to read-out point

Sand or gravel backfill

Ground water

1

•25 mm o d standpipe
(PVC or steel tube)

— Compacted backfill

Bentonite—cement
grout

Graded granular filter

— 1\vin polythene coated
nylon leads

Perforated length of
standpipe

02—03'

End plug

3o0mmf

I— Piezometer tip



This edition is reproduced by permission of Pearson Educational Limited

20 Site investigations and soil mechanics

to install standpipes or piezometers within each separ-
ate aqwfer, sealed from the adjacent strata by expandable
plugs or a bentomte—cement grout Details of stand-
pipes, piezometers, and their method of installation are
given in BS 5930

1.6.2 Sampling ground water

Because ground-water samples are required for chem-
ical analyses to determine the nsks of aggressive action
on buried foundation structures (see Chapter 13) or
ground-water lowenng installations, it is essential that
they are not diluted by water used to assist drilling The
ground water should be sampled immediately it is struck
in a pit or borehole If samples are required dunng
progress of drilling, the borehole should be pumped or
baled dry and water allowed to seep in before samples
are taken Ground water in confined aquifers should
preferably be sampled from standpipes or piezometers
sealed into these strata Site testing of pH values may
be required immediately after extraction of the sample
where a measure of the acidity of the ground water is
required in connection with aggressive action on con-
crete or steel (see Section 132) This is because oxidation
of the water may occur on exposure to air in a sample jar,
leading to a marked increase in acidity. Water samples
for bacterial analysis in connection with corrosion
studies should be taken in special stenhzed containers

1.6.3 Field permeability tests

Field tests to determine in situ the permeability of soils
and rocks are used in connection with ground-water
lowering schemes when it is necessary to estimate the
number and diameter of pumping wells and the size of
the pumps, for a given size of excavation (see Section
11 2 2) These tests are also used to determine the rate
of consolidation of soil strata under foundation loading
more accurately than is possible with conventional
laboratory oedometer tests (see Section 2 6 6) and in
investigations for dams and impounding reservoirs when
information is required on the rate of seepage beneath
the dam or into the surrounding ground These tests can
be camed out quite economically in site investigation
boreholes where relatively simple tests can give reli-
able indications of field permeability BS 5930 describes
two types of test In the variable head test a piezometer
tube is filled with water and then the water in the tube
is allowed to fall until it reaches equilibrium with the
water level in the surrounding ground The falling head
of water in the tube is measured at mtervals of time
from the commencement of the test Alternatively, the
water can be pumped or baled from the piezometer

tube and the rising head is recorded until equilibrium is
reached In the constant head test, water is allowed to
flow into the piezometer tube at such a steady rate that
the head of water in the tube attains a constant value,
when the rate of flow reqwred to obtain these conditions
is recorded.

Pumping tests in which the ground water is pumped
from a well with observations of the draw-down in the
surrounding water table in an array of standpipes or
piezometers are time-consuming and costly They are
usually performed only in connection with trials for
large-scale ground-water lowering installations (see
Section 11 2 2)

Details of all the above tests and methods of record-
ing and interpretation are given m BS 5930

1.7 Borehole records

The first stage in the preparation of borehole records is
the site log or 'journal' prepared by the driller or site
engineer, which gives a record of the soil or rock strata
as determined by visual examination in the field All
relevant data on ground-water levels, reduced levels of
strata changes, depths of samples, and records of any
zn-situ tests are shown on these site records which pro-
vide preliminary information for the designer and enable
the laboratory testing programme to be drawn up The
second stage is the final record which is included in the
engmeenng report on the site mvestigation In tius record
the descnptions of the soils and rocks are amended
where necessary in the light of information given by
laboratory testing and examination of the samples and
detailed assessment by a geologist In both stages of
borehole record presentation it is important to adopt a
consistent method of describing soil and rock types
The standard method of description and recording in
borehole records and daily logs is given in BS 5930

Where rotary core drilling in rocks has been under-
taken, an essential addition to the standard practice of
showing percentage total core recovery is a statement
of the rockquality designation (RQD) and fracture index
for each run of the core barrel (see Section 1 1)

1.8 Investigations for foundations of works
over water

The equipment and techniques for sinking boreholes
through water are essentially the same as for land
bonngs For boring close to land or existing structures
or in shallow water, it is economical to use staging to
carry the rig This need only be of light construction
such as tubular steel scaffolding since the drilling equip-
ment is of no great weight Where the borehole is within
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about 50 m of the land the platform can be connected to
the shore by a catwalk For greater distances it may be
more economical to erect the platform as an island,
either lowering it as a umt from a crane barge or in the
form of a raft which can be sunk by admitting water
into buoyancy chambers For boring m water deeper
than about 10 m or at some distance from the shore it is
convenient to mount the dnlhng rig on a platform
cantilevered over the side of a barge or pontoon Dumb
craft of this type are suitable for working in sheltered
waters or where a harbour is reasonably close to hand
to which the craft can be towed at times of storms
However, when boring in open unsheltered waters away
from harbours it is advisable to use a powered craft
which, at the onset of a gale, can cast off its moorings
and ride out the storm at anchor or seek shelter at the
nearest available place With increased availability of
the smaller types of jack-up platforms, greater use is
being made of this equipment for site investigations in
shallow or moderate water depths

Drilling from a floating craft in water depths up to
about 30 m requires some slight modifications in tech-
nique and there are complications in making some of
the zn-situ tests such as vane tests and static cone tests

For investigations in deep water, say for the founda-
tions of petroleum drilling and production platforms,
special techniques are necessary since equipment such
as the standard penetration test sampler or cone penetro-
meter cannot be used within a drill 'string' which may
be 200 m or more in length below platform level on the
drill-ship Moorings are not used to hold the ship in
position This is achieved by an assembly of thruster-
type propellers controlled by signals from transponders
installed on the sea bed around the borehole position
For investigations of this type, boreholes are usually
drilled entirely by water or mud-flush rotary methods
with sampling by core barrels lowered to the drill head
by wire rope, latched into position, and lifted to the
surface again by wire rope Soil samples recovered by
these 'wireline' core barrels are not usually of good
quality and reliance is placed more on in-situ testing to
obtain shear strength and deformation values Various
devices have been developed for latching into core bar-
rels for cone pressuremeter or vane testing

1.9 Geophysical methods of site investigation

It is possible to determine stratification of soils and
rocks by geophysical methods which measure changes
in certain physical characteristics of these materials, for
example the magnetism, density, electrical resistivity,
elasticity, or a combination of these properties How-
ever, such methods are of limited value in foundation

engineering since they only record changes in stratifica-
tion where the layers have appreciably different geo-
physical properties, and the only useful information they
give is the level of the interfaces between the various
strata Vital information on ground-water conditions is
usually lacking Geophysical methods in their present
state of development do not give direct quantitative
data on shear strength, compressibility, or particle-size
distribution, but measurements of seismic velocity can
be helpful in assessing the effect of weathenng and
discontinuities on the compressibility of rock masses
(see Section 2 7) At best geophysical surveying is a
means of fillmg m data on strata changes between widely
spaced boreholes On large sites geophysical methods
can show economies due to the rapidity with which
extensive areas can be covered Before embarking on
such surveys, the engineer should consider whether
other methods such as wash boring or probing, or static
and dynamic cone penetration tests would not be pref-
erable, since these methods are also rapid and have the
advantage of giving quantitative data on the in-situ
density or the shear strength of soils Generally, geo-
physical methods are best suited to deep investigations
in rock strata, for example for dams or tunnels where
the stratification of rocks at depth is required, and for
investigations in soils contaimng many cobbles or
boulders where probings or cone tests are impractic-
able. British Standard 5930 describes the suitability for
engmeering purposes of the following techniques

(a) Electrical resistivity
(b) Gravunetric
(c) Magnetic
(d) Seismic refraction and reflection
(e) Side scan sonars
(f) Borehole logging
(g) Ground radar

The author's limited experience of ground radar has
shown that only vague indications of substantial buried
objects were produced even though they were previously
known to exist

1.10 Investigations of filled and
contaminated ground

Investigations of filled ground are required to deal with
three different aspects These are

(1) The engineering characteristics such as compress-
ibility, permeability, and the presence of buried
obstructions

(2) The effect of organic and mineral substances on
the durabilty of foundation structures and services
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(3) The toxicity of contaminants in the fill, or in ground
water seeping into natural soil underlying the fill,
which could cause health risks to personnel under-
taking the investigations, subsequently to construc-
hon operatives and the general pubhc, and eventually
to the occupiers of the completed works

Foundation design and construction methods for items
(1) and (2) are dealt with in Section 3 6 and Chapter 13
respectively Considerations of toxic contaminants are
beyond the scope of this book except for descnptions
of methods for isolating buildings and their occupants
from these substances Categones of potential toxicity
and the correspondmg health nsks are described by Solo-
mon and Powrie "

Investigations of filled ground are best undertaken by
visual examination and sampling in test pits. Intensive
investigations are needed where toxic contaminants
are suspected The British Standard Draft Code of
Practice' 16 recommends at least 25 sampling points for
a site of 1 ha (10 000 m2) Guidance of investigations,
and statutory controls for building on contaminated
ground is given in a number of British Government and
European Community directives listed in ref 115

Careful attention must be paid to precautions against
health risks to personnel engaged in the investigations
These may require special protective clothing and the
possible need for self-contained breathing apparatus

Plate beanng tests or other forms of in-situ testing
described in Section 1 45 are of limited value in filled
ground This is because of the wide-ranging variability
in the composition and density of material placed
by uncontrolled tipping Obstructions in the fill usually
prevent the use of probe-type devices Investigations
of backfilled opencast mineral workings are particu-
larly difficult because of the depth to which test pits are
needed for an adequate exploration of the extent of any
voids or arching in the rock debris

The contamination of natural soils underlying the fill
due to seepage was mentioned above The chemoprobe,
described by Olie Ct al , provides a means of making
investigations at close spacings of soluble contaminants
in the ground water The pH value, redox potential, and
the electrical and hydraulic conductivity are measured
directly Sampling in the form of slugs discharged from
the probe is possible, but qualitative identification of
contaminants can only be made on the samples

1.11 Laboratory tests on soils

The physical characteristics of soils can be measured
by means of laboratory tests on samples extracted from
boreholes or trial pits The results of shear strength

tests can be used to calculate the ultimate bearing
capacity of soils or the stabihty of slopes in foundation
excavations and embankments Laboratory tests also
provide data from which soils can be classified and
predictions made of their behaviour under foundation
loading From the laboratory test information, methods
of treating soils can be devised to overcome difficulties
in excavations, especially in dealing with ground-water
problems It is important to keep in mind that natural
soil deposits are variable m composition and state of
consolidation, therefore it is necessary to use consider-
able judgement based on common sense and practical
experience in assessing test results and knowing where
reliance can be placed on the data and when they should
be discarded It is dangerous to put blind faith in lab-
oratory tests, especially when they are few in number
The test data should be studied in conjunction with the
borehole records and other site observations, and any
estimations of bearing pressures or other engineering
design data obtained from them should be checked as far
as possible with known conditions and past expenence

Laboratory tests should be as simple as possible Tests
using elaborate equipment are time-consuming and
therefore costly, and are liable to senous error unless
carefully and conscientiously camed out by highly
experienced techmcians Such methods may be quite
unjustified if the samples are few in number, or if the
cost is high m relation to the cost of the project. Elabo-
rate and costly tests are justified only if the increased
accuracy of the data will give worthwhile savings in
design or will eliminate the risk of a costly failure, as in
the case of geotechnical category 3 investigations

An Important point in favour of carrying out a
reasonable amount of laboratory testing is that an
mcreasing amount of valuable data is built up over the
years relating test results to foundation behaviour, for
example stabthty and settlement, enabling engineers to
use laboratory tests with greater confidence At the very
least the test results give a check on field descnptions
of boreholes based on visual examination and handling
of soil samples, and are a useful corrective to 'wishful
thinking' by engineers in their first impression of the
strength of a soil as it appears in the borehole or trial pit

The soil mechanics tests made in accordance with
BS 1377 which concern the foundation engineer are as
follows

(a) Visual examination
(b) Natural moisture content
(c) Liquid and plastic lmnts
(d) Particle-size distribution
(e) Unconfined compression
(f) Triaxial compression
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(g) Shear box
(h) Vane
(1) Consolidation
(j) Swelling and suction
(k) Permeabihty
(1) Chemical analyses

Items (a) to (d) are required for the purpose of soil
charactensation

Visual tests camed out in the laboratory are for not-
mg the colour, texture, and consistency of the disturbed
and undisturbed samples received from the site This
should be undertaken as a routine check on the field
engineer or bonng foreman's descriptions

Natural moisture content test results are compared
and related to the liquid and plastic limits of the corres-
ponding soil types in order to arrange the programme
for shear strength tests and to ensure that tests on the
softer soils (as suggested by the higher moisture con-
tent) are not omitted.

Liquid and plastic limit tests are made on cohesive
soils for classification purposes and for predicting their
engineenng properties The plasticity chart (Fig. 113)
can be used to predict the compressibility of clays and
silts To use this chart it is necessary to know whether
the soil is of organic or inorganic ongin The usual
procedure is to make hquid and plastic limit tests on a
few selected samples of each main soil type found in

the boreholes By comparing the results and plotting
the data on the plasticity chart the various soil types
can be classified in a rough order of compressibihty
and samples selected accordingly for consolidation tests
if these are required

The particle-size distribution test is a form of classi-
fication test for which sieve analysis or a combination
of sieve analysis and sedimentation or hydrometer
analysis is used to obtain gradmg curves which can
be plotted on the chart shown in Fig. 114 The grading
curves are of no direct value in assessing allowable
bearing pressure, and generally this type of test need
not be made in connection with any foundation investi-
gation in clays or in the case of sands and gravels where
the excavation is above the water table The particle-
size distribution test is, however, of particular value in
the investigation of problems of excavation in per-
meable soils below the water table, when the results can
be used to ascertain which of several geotechnical pro-
cesses are feasible for ground-water lowering or grouting
treatment, as descnbed in Section 11 3 1

The shear strength of soil can be used directly to
calculate the ultimate bearing capacity of a foundation,
as described in Chapters 2, 4, and 7, and to calculate
earth pressure on sheeted excavations as described in
Section 962.

The unconfined compression test is the simplest form
of shear strength test It cannot be made on cohesionless
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soils or on clays and silts which are too soft to stand
in the machine without collapsing before the load is
applied In the case of fissured or bnttle soils the results
are lower than the true in-situ strength of these soils

The triaxial compression test is a more adaptable form
of shear strength test which can be applied to a wider
range of soil types than the unconfined compression
test, and the conditions of tests and observations made
can be varied to suit a wide range of engineering prob-
lems It is used to determine the cohesion (c) and the
angle of shearing resistance (4)) of a soil as defined by
the Coulomb—Mohr equation, for three conditions.

Undrained shear (total stresses)

su = Cu

Drained shear strength of sands and normally consolid-
ated clays (effective stresses)

s = o', tan 4)'

Drained shear strength of over-consolidated clays

s = C + a tan 4)'

Drained residual (large strain) of clays

Sr = C + ct

The three main types of tnaxial test are

(1) Undrained
(2) Consolidated-undrained
(3) Drained

In the undrained test the specimen is not allowed to
drain during the application of the all-round pressure or
during the application of the deviator stress, and there-
fore the pore pressure is not allowed to dissipate at any
stage of the test In the case of a saturated fine-grained
soil, this test procedure reproduces the conditions which
occur when the soil beneath the full-scale foundation is
subjected to load or when earth is removed from an
open or sheeted excavation In these conditions the pore
pressures in the soil beneath the loaded foundation or
in the soil behind the face of an excavation have no
time to dissipate during the time of application of stress
The analyses to determine the ultimate bearing capacity
of the foundation soil or the initial stabihty of excava-
tions are camed out in terms of total stresses

The test procedure for the consolidated-undrained
test is to allow the specimen to drain while applying the
all-round pressure, thus the specimen is allowed to con-
solidate fully during this stage of the test. Drainage is
not allowed during the application of the deviator stress
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In the case of the drained test, drainage of pore water
from the specimen is allowed both durmg the stage of
consolidation under all-round pressure and dunng the
application of the deviator stress The time allowed for
consolidation under all-round pressure and for apphca-
tion of the deviator stress must be slow enough to ensure
that no build-up of pore pressure occurs at any stage of
the test The procedure for consolidated-undrained and
drained tests corresponds to the conditions when the
soil below foundation level is sufficiently permeable to
allow dissipation of excess pore-water pressure during
the period of application of foundation loading, or when
pore-water pressure changes can occur due to external
influences at any time during the life of a structure The
long-term stability of excavated slopes is also investi-
gated by means of consolidated-undrained or drained
tests These long-term stability problems are analysed
in terms of the effective stress (see Section 9 3) The
reader is referred to standard soil mechanics text books
for descriptions of test procedures and mterpretation of
the data Elaboration of tnaxial testing techniques such
as the msertion of probes or other devices into the test
specimen to measure pore pressures and deformations
at small strains can be justified for category 3 investi-
gations and to obtain small strain values of Young's
modulus for use as fimte element analysis (see Sec-
tion 2 8 2)

Tnaxial tests are usually limited to clays, silts, peats,
and weak rocks The angle of shearing resistance of
sands and gravels is best determined empirically by
means of in-situ tests (see Section 1.4 5)

The vane shear test is more applicable to field conch-
tions than to the laboratory However, the laboratory
vane test has a useful application where satisfactory
undisturbed samples of very soft clays and silts have
been obtained by the procedures described in Section
1.4 3 and where it is impossible to prepare specimens,
because of their softness, from the tubes for shear
strength tests using the unconfined or tnaxial apparatus

The shear box testcan be used to determine the shear-
ing resistance of soils, but it is not used in preference
to the triaxial test because of difficulties in controlling
drainage conditions, and the fact that the failure plane
is predetermined by the apparatus However, the shear
box has useful applications for determining the inter-
face shear between soils and matenals such as concrete
and steel in connection with studies of shaft friction in
piles Also, the reversing shear box provides a useful
means of obtaimng the residual or long-term shear
strength used in calculating the stability of earth slopes
where failure may take place on an ancient slip surface

The ring shear test is also used to obtain the large
strain parameters c and 4

Consolidation test results are used to calculate the
magnitude and rate of consolidation of the soil beneath
foundations The test is more accurately descnbed as a
one-dimensional consolidation test, because the sample
is enclosed in a metal ring and the load is applied in
one direction only The apparatus used is known as the
oedometer, or sometunes as the consolidometer. From
the results the coefficient of consolidation (cv) is obtained
which, with proper instrumentation, enables the rate of
settlement of the full-scale structure to be calculated
The load—settlement data obtained from the full cycle
of loading and unloading are used to draw a pressure—
voids ratio curve from which the coefficient of volume
compressibility (mu) is derived This is used to calcu-
late the magnitude of consolidation settlement under
any given loading

Consolidation tests are restricted to clays and silts
since the theones on which settlement calculations are
based are limited to fine-grained soils of these types
The rate of settlement calculated from the coefficient
of consolidation as obtained by oedometer tests on con-
ventional 75 mm specimens may be grossly in error
This is because the 'fabric' of the soil, i.e the presence
of fissures, laminations, root-holes, etc may not be
properly represented in a 75 mm specimen I2 Where
soils exhibit a type of fabric which will influence their
permeability, and hence their rate of consolidation, the
consolidation tests should be made on 200 or 250 mm
diameter specimens Alternatively, the rate of con-
solidation can be deduced from observations of the rate
of settlement of full-scale structures on similar soil types
The use of consolidation test data to calculate the mag-
nitude and rate of settlement of foundations is descnbed
in Section 266 The settlement of structures founded
on sands is usually estimated from field test data as
described as Section 265

Swelling and suction tests are used to assess the
effects of moisture content changes on desiccated clays
and unsaturated soils (Section 3.1 1)

Permeability tests can be made in the laboratory on
undisturbed samples of clays and silts, or on sands or
gravels which are compacted in cyhndncal moulds to
the same density as that in which they exist in their
natural state (as determined from in-situ tests) How-
ever, the results of laboratory tests on a few samples
from a vertical borehole are of rather doubtful value in
assessing the representative permeabihty of the soil for
calculating the quantity of water to be pumped from a
foundation excavation or the rate of settlement of large
foundations It is preferable to determine the per-
meability of the soil on a given site by means of tests
as boreholes or field pumping tests as descnbed in
Section 1.63
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Chemical analyses of soils and ground water are
required to assess the possibility of deterioration of
buried steel and concrete foundation structures In the
case of steel structures such as permanent sheet piling
or steel bearing piles it is usually sufficient to deter-
mine the pH value and chloride content of the soil and
ground water For concrete structures the sulphate con-
tent and pH value are normally required. Although the
pH value, which is a measure of the degree of acidity or
alkalimty of the soil or ground water, cannot be used
directly to determine the nature or amount of acid or
alkaline material present, it is a useful mdcx in consid-
ering if further information is required to decide on the
precautions to be taken m protecting buried concrete
structures For example, a low pH value indicates acid
conditions, which might result from naturally occurring
matter in the soil or which might be due to industrial
wastes dumped on the site In the latter case, detailed
chemical analyses would be needed to determine the
nature of the substances present, to assess the health
nsks to construction operatives and in the long term to
the occupants of the site, and to assess their potential
aggressiveness towards concrete A full discussion on
the subject of chemical attack on foundation struc-
tures, including the procedure for sampling, is given in
Chapter 13

1.12 Laboratory tests on rock specimens
obtained by rotary core drilling

For foundation engineering purposes, laboratory tests
on rock cores obtained by rotary drilling are usually
limited to point load tests (Section 1 5 4) and uniaxial
compression tests The results are used for purposes of
strength classification and for empirical correlations to
obtain the compressibility of a rock mass (Section 27)
Failure in shear of a rock mass under spread founda-
tion loading is unhkely to occur, hence triaxial testing
to obtain shear strength parameters is not normally
required

Tnaxial and consolidation tests can be made on speci-
mens of completely or highly weathered rocks of soil-
like consistency recovered in open-drive samplers The
compression tests should not be made on unconfined
specimens, since these are likely to exhibit brittle fail-
ure, with consequent underestimate of the bearing
capacity value Tnaxial compression tests should be
made using high lateral pressures comparable with the
vertical deviator stresses, so enabling Mohr's circles of
stress to be drawn from which the cohesion and angle
of shearing resistance can be derived

Where laboratory compression tests on rock cores
are required the procedure should be as follows

(a) Examine all rock cores and the results of point load
tests made in the field

(b) Select cores representative of the weakest and
strongest rocks for test

(c) Examine the drilling records to ensure that there is
no weaker rock from which there has been no core
recovery (if the drilling technique has not been
satisfactory the weakest rocks may have crumbled
away) If this is the case selected holes should be
rednlled with a more careful technique or a larger
core barrel to ensure recovery of the weakest rocks
If this cannot be done the idea of laboratory testing
should be abandoned

(d) Make uniaxial compression tests on the rock cores
(e) Make further point load tests as necessary to estab-

lish the relationship between point load and umaxial

compression strength
(f) On the basis of the test results classif' the rock in

terms of strength (see Section 11)

The references descnbing the procedure for com-
pression tests on rock specimens and for a number of
other tests of relevance to foundation engineenng are
listed in BS 5930

1.13 The foundation engineering report
The engineering report on a foundation investigation is
a consideration of all available data from boreholes,
trial pits, site observations, geological and histoncal
records, and laboratory tests Eurocode 7 requires the
preparation of a geotechnical report and its submission
to the owner/client to be part of the foundation design
process Most reports follow a fairly stereotyped pat-
tern under the following headings.

1.13.1 Infroduction

This should tell the reader for whom the investigation
was undertaken, the reason for the investigation, how
(bnefly) the work was camed out, and the time of year
the job was done. It should state the terms of reference,
for example whether the investigation was merely to
obtain a limited amount of factual data for assessment by
the design engineer, or whether a full investigation was
required with boring, laboratory tests, and an analysis
of the results to consider possible methods of founda-
tion design and construction and to calculate the allow-
able bearing pressures If the scope of the mvestigation
has been limited, on the grounds of cost or for other
reasons, to such an extent that the engineer regards it as
inadequate, he should state the reasons for this limita-
tion in the introdction or at another appropnate point
in the report If, ipecause o such limitations, the soil
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conditions are subsequently found to be different from
those inferred, and the cost of the work is thereby in-
creased, the engineer cannot be held to blame However,
he will be regarded as negligent if he bases his conclu-
sions on inadequate data without qualifying his report

It is sometimes the practice, and is in fact a require-
ment of EC 7, for a site investigation report to be
divided into two parts (1) a factual report, and (2) an
mterpretative report. Part 1 includes all the factual data
from the desk study, field investigation, and laboratory
testing. Part 2 compnses the interpretation of the data
by an engtneenng geologist or by the engineer or both
of these Because much of Part 2 is an expression of
opinion, it is not unusual for this document to be with-
held from contractors tendenng for the construction
work Opinions on such matters as excavation difficul-
ties, quantities of ground water to be pumped, and the
installation of piles often have to be made necessarily
on limited data, and when difficult conditions are en-
countered at the construction stage these give good
grounds for a claim by the contractor

An expenenced contractor has the capability to make
a judgement on these matters from the factual informa-
tion in a sufficiently detailed Part 1 report, or can
obtain the necessary specialist advice Therefore while
the author can appreciate the arguments of those who
advocate supplying both factual and interpretative
reports to tendering contractors, he believes that as a
general rule it is in the best interests of the employing
authonty to supply only the former An exception to
this might be a foundation design specifically adopted
to accommodate certain inferred ground conditions when
it would be reasonable to inform tenderers of the rea-
sons for the particular design

1.13.2 General description of the site

This part of the report should describe the general
configuration and surface features of the site, noting
the presence of any trees, hedges, old buildings, cellars,
quarnes, mine shafts, marshy ground, ponds, water-
courses, filled areas, roads, and tracks Any useful in-
formation derived from historical records on previous
usage of the site should be descnbed, and other observa-
tions should cover such factors as flooding, sea or wind
erosion, subsidence, earthquakes, or slope instability, any
nearby buildings showing signs of settlement cracking
should be noted

1.13.3 General geology of the area

Notes should be given on the geology of the site, com-
paring published information on maps, memoirs, etc,

with conditions found in the boreholes Attention should
be drawn to any known faults, quames, springs, swal-
low holes, mines or shafts, or other features such as the
regional seismicity, which will have a bearing on the
foundation works

1.13.4 Description of soil conditions found in
boreholes (and trial pits)

This is a general description of the soil conditions with
reference to the configuration of the ground and varia-
tions in level of the various strata and the ground-water
table A detailed descnption is not required. The wntten
matter should not be a mere catalogue of the borehole
records, for the reader of the report can get a much
clearer picture of these by personal study of the records
if a number of boreholes have been sunk on a site it is
a good plan to draw one or more sections through the
site to show the variations and level of particular strata
which may be of significance in the engineenng prob-
lem (Fig 115) A single drawing is better than pages
of written matter However, there can be risks in m-
cluding a diagram of this type in a site investigation
report It is not practicable to include detailed informa-
tion on the profile such as the presence locally of ob-
structions or boulders, the variations in ground-water
levels in successive soil strata and the extent and vari-
ability of weathering in rock formations Costly mistakes
can then be made if the lazy design engineer, or a con-
tractor's estimator pressed for time, bases engineering
judgement only on the diagram without a proper study
of the borehole records

1.13.5 Laboratory test results
A long description of the test results should not be
given The descriptive matter should be limited to a
brief mention of the various types of tests which were
made and attention drawn to any results which are
unusual or of particular significance For details of the
results the reader should be referred to a table of results
with charts and diagrams of such tests as particle size
analysis, triaxial compression (Mohr's circles of stress),
and consolidation tests (pressure—voids ratio curves)

The test procedure should be described only in the
case of non-standard tests specially devised for the in-
vestigation as required by Eurocode 7

1.13.6 Discussion of results of investigation
in relation to foundation design and
construction

This is the heart of the report and the writer should
endeavour to discuss the problem clearly and concisely
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Figure 1.15 Typical section through boreholes

without 'ifs' and 'buts' For readability, this section of
the report should be broken down into a number of sub-
headings First, under 'general', a description is given
of the main structures and the related loadings which
are to be considered, together with a general assessment
of the ground conditions and the types of foundation
which could be adopted, e g strip foundations, rafts, or
piles. The remainder of the subheadings can refer either
to particular structures (e g in the case of an electricity
generating station, the boiler house, turbine house, coal
or ash handling plants, switchgear, and circulating
water culverts, all of which have different foundation
charactenstics requiring separate consideration) or they
can refer to possible types of foundation design for any
individual structure or structures.

The wnter should come straight to the point The
reader's time should not be wasted in learning about
obviously unsuitable foundation arrangements In the
case of strip foundations the required foundation depth
should be stated, then the allowable bearing pressures,
and then the settlements to be expected with these
pressures The advantage gained by gomg deeper, so
enabling higher bearing pressures to be used or settle-
ments to be reduced, should be considered

In the case of piled foundations the wnter should
give the bearing stratum to which piles should be driven,
the required or likely penetration of piles into this
stratum, the working loads to be adopted per pile or per
group of piles, and the settlements likely to occur in the

mdividual pile or pile groups Possible difficulties in
driving or boring should be noted and any possible
detrimental effects on adjacent structures should be
pointed out

In wntmg this section of the report care should be
taken to avoid wishful thinking based on preconceived
ideas on the foundation design The problem should be
studied without prejudice For example, test results
which appear to be too low should not be lightly dis-
carded because they do not fit in with preconceived
ideas on bearing pressures The reasons why the results
are low should be studied Only if it can be established
that they are due, say, to sample disturbance or are too
few in number to have any practical significance to the
problem as a whole can low results be neglected Simi-
larly, any borehole data which are unfavourable to the
general ideas on foundation design must not be pushed
on one side If the results of a particular boring are
unlike all the others in the vicinity, so upsetting a tidy
arrangement of the foundations, the reasons for the
discrepancy should be investigated In cases of doubt a
confirmatory bonng or borings or check tests should be
made If it is demonstrated that the peculiar soil condi-
tions do in fact exist the foundation design should take
them mto account

The recommendations for foundation design must
be based on the facts stated in the report, i e on the
borehole records and test data They must not be based
on conjecture.
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It is desirable that the engineer m charge of the site
investigation and the writer of the report should work
in close liaison with the designer of the project at all
stages of the work The effects of total and differential
foundation settlements on the structure can be assessed
and the appropriate measures recommended in the report

EC 7 requires the report to include recommendations
for momtonng behaviour dunng and after construction,
and for post-construction maintenance

1.13.7 Conclusion

If the preceding 'discussion' section of the report is
lengthy or involved it may be convement to summarize
the main findings in itemized form. This is of help to
the busy engineer who may not have time to read
through pages of discussion Alternatively, the report
may commence with a bnef summary of the investiga-
tion procedure and the main conclusions which have
been drawn from it

The last stages are the final typing and checking of
the report, pnnting the drawings, and assembling and
binding the whole A neatly pnnted and bound report
with good clear drawings free of typing and draughting
errors reflects the care with which the whole investi-
gation has been done Slipshod writing and careless
typing and drawing may lead the chent to think that the
whole investigation has been carried out in a smular
manner, but bulky report covers and over-elaborate pres-
entation are not required

1.14 Foundation properties of soil types

In the following pages, some notes are given on the
engineering properties of various soils and rocks, with
special reference to their bearing capacity and behav-
iour during construction and under foundation loading
Reference to BS 5930 should be made for visual and
geological descriptions of these materials

1.14.1 Non-cohesive (coarse) soils

Gravels in the form of alluvial deposits are usually
mixed with sands to a greater or lesser degree. Examples
of the range of particle-size distribution are the beach
gravels of the south coast of England which contain
little or no sand The sandy gravels which are wide-
spread in the Thames Valley may contain 60 per cent
or more of sand

Gravels and sandy gravels in a medium-dense or
denser state have a high bearing capacity and low
compressibility Compact gravelly soils give rise to

difficulty in driving piles through them If deep penetra-
tion is required into gravel strata it is usually necessary
to adopt steel piles which have a higher penetrating
ability than concrete or timber members

Sandy gravels m a damp state but above the water
table have some cohesion and can therefore be excavated

to stand temporarily at very steep slopes provided that
they are protected from erosion by flowing water Loose
gravels without sand binder are unstable in the slopes
of excavations and require to be cut back to their angle
of repose of about 30 to 35°

Heavy pumping is required if deep excavations in
open gravels are made below the water table, but the
water table in sandy gravel can be lowered by well
pomts or deep wells with only moderate pumping. As
an alternative to providing large-capacity pumping
plant the permeability of shghtly sandy or clean gravels
can be substantially reduced by injecting cement, clay
slumes, or chemicals (see Section 11 3 7)

Erosion or solution of fine material from the inter-
stices of gravel deposits can result in a very permeable
and unstable formation Open gravels caused by solution
are sometimes found in the alluvial deposits derived
from limestone formations

Sandysoilshave bearing capacity and compressibility
characteristics similar to gravels, although very loosely
deposited sands (e g dune sands) have a moderately
high compressibility requiring correspondmgly low bear-
ing pressures in order to avoid excessive settlement of
foundations

Dense sands and cemented sands have a high resist-
ance to the driving of piles and steel piles are required
if deep penetrations are necessary

Sands in their naturally deposited state above the
water table are usually damp or cemented to a varying
degree and thus will stand, in the short term, at a steep
slope in excavations However, support by timbering or
sheet piling is necessary in deep and narrow excava-
tions where a sudden collapse — caused by drying out
of the sand or vibrations — might endanger workmen

Excavation in sands below the water table will result
in slumping of the sides or 'boiling' of the bottom,
unless a properly designed ground-water lowering
system is used This instability, which is also known as
the 'quick' or 'running sand' condition, is due to the
erosive action of water flowing towards the excavation
By providing a ground-water lowering system to draw
water away from the excavation towards filter wells or
welipoints a condition of high stability can be achieved
(Section 11 3). In particular circumstances it may be
necessary to stabihze the sands by the injection of
chemicals (Section 11 3 7), or excavation under com-
pressed air in caissons may be required
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Loosely deposited sands are sensitive to the effects
of vibrations which mduce a closer state of packing of
the particles. Therefore, special consideration should
be given to the design of machinery foundations on
loose to medium-dense sands, and it is necessary to
take precautions against the settlement of existing struc-
tures due to vibrations arising from such construction
operations as blasting or pile driving (Section 3 3).
Ground vibrations from earthquakes can cause large-
scale liquefaction and subsidence of loose to medium-
dense sands

In some and parts of the world the structure of loose
deposits of sand is liable to collapse upon wetting, with
consequent serious settlement of structures founded on
these deposits. Wetting may be due to fracture of drains
or leaking water pipes Collapsing sands are found in
some parts of South Afnca, Zimbabwe, and Angola
(Section 3 2). Sand deposits can be formed as a result
of weathering and breakdown of calcareous formations
Examples of these are limestone sands which are found
on the coasts and islands of the Mediterranean Sea,
shelly sands and coral sands which are found on the
coasts and islands of the Red Sea, the Arabian Gulf and
the Pacific Ocean, and on the south-eastern seaboard
of the USA, and the southern and western coasts of
Australia Other deposits include gypsum sands which
are found in baq and Arabian Gulf temtones These
deposits which are formed from weathermg are nearly
always in a loose state except at the surface where they
may be wealdy cemented by silt or salt spray It should
not be assumed that the relationships between SPT
or CPT values and the angle of shearing resistance and
deformation moduli of sands (see Sections 23.2 and
265) will apply to coralliferous or gypsum sands These
relationships were established for silica sands which
have much higher particle strengths than the calcareous
materials Low foundation bearing pressures are required
unless the loose deposits can be compacted by vibration
or by the dropping weight method (Sections 11 64 and
11 6 5) These processes may be ineffective if the loose
layers are mterbedded with cemented material which
cannot be broken down by vibration or impact Piling
problems can occur m very deep deposits of coralluferous
shelly sands where isostatic changes in sea-level have
resulted in successive layers of cemented sands inter-
bedded with loose uncemented material The cemented
layers can cause difficulty in the penetration of piles,
but after they have been crushed they provide very
little resistance in skin friction or end-bearing to the
loaded piles. The characteristics of these deposits and
difficulties of achieving pile penetration have been dis-
cussed by Beake and Sutcliffe ' Gerwick' 19 quoted an
extreme case of a pile driven to 60 m below the sea bed

into calcareous sand where the force required to extract
the pile was measured at httle more than its weight

Sands loosely deposited in the nver flood plains
cause problems to bndge foundations because of their
susceptibility to deep erosion at times of major floods
Hinch et al 120 descnbed the erosion studies for the
foundations of overhead power cable towers crossing
the Jamuna River in Bangladesh where deposits of sands
and gravels extend to depths of more than 100 m A
maximum scour depth of 60 m below bank level was
predicted for the bank-full flood discharge of 70 700 m3/s

Distinct from these products of weathering are the
cemented calcareous sands or sandstones which are formed
by saline and hme-nch waters being drawn up by tem-
perature effects and evaporation in the surface layers to
form a hard crust These soils or weak rocks are known
by their geological classification of 'gypcrust' or 'salt
crust' depending on the cementing medium 'Silicretes'
are formed by the evaporation of lime-rich waters in
sandy sediments or sandstones, and are known by local
names in various parts of the world, such as 'gatch'
(Iran and Kuwait) and 'kurkar' (Israel and Jordan) The
deposits occur widely in Australia where they are known
as 'limestone rubble' A feature of their formation is the
irregularity in thickness and distribution of the hardened
crust It may exist in several distinct layers of varying
thickness separated by loose sands or soft clay, or in ir-
regular masses of varying degrees of cementation Thus it
is difficult to design foundations to take full advantage
of the high bearing capacity of the cemented material
Disturbance of the cemented sands by excavating
machinery, construction traffic, or flowing water results
in rapidbreakdown to a material having the texture of a
sandy silt which is highly unstable when wet Cemented
sands are highly abrasive to excavation machinery

1.14.2 Cohesive (fine) soils

The foundation charactenstics of cohesive soils vary
widely with their geological formation, moisture con-
tent, and mineral composition It is impossible in this
chapter to cover all the types and combinations which
exist in nature, and the following notes are restricted to
the characteristics of some of the well-known types

Glacial till is generally a stiff to hard clay Because
of its heavy overconsolidation in glacial times only small
consolidation settlements will occur under heavy foun-
dation bearing pressures Some tills are highly variable
contaimng lenses (often water-bearing) of gravels, sands,
and silts In such conditions, foundation design must
take account of the variable bearing capacity and corn-
pressibihty at any particular locality When carrying
out deep excavations in variable glacial deposits, pre-
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cautions should be taken against mrushes from water-
bearing pockets Excavations in stiff to hard glacial tills
will stand vertically without support for long penods
(Fig 9 1), but slips may occur if steep-sided excavations
are made on slopmg sites with a history of instability
due to the presence of weak shcken-sided fissures or
failure planes in the clay The presence of random boul-
ders orpockets of large gravel and cobbles can cause
difficulties in driving sheet piles or bearing piles into
glacial till Another type of glacial deposit is fluvio-
glacial or varved clay, which comprises layers of silty
clay separated by thinner layers of sand or silt These
lntervemng layers are often water-bearing, which causes
difficulties in 'bleeding' of sand or silt into excava-
tions Varved clays are usually softer in consistency
and more compressible than boulder clays Dnving piles
into varved clays may weaken the strength of the clay
layer to that of a soft slurry Also, where varved clays
are bordenng a lake or river, fluctuations in the water
level may be communicated to the sand layers with a
detrimental effect on their bearing capacity For these
reasons varved clays are generally held to be trouble-
some soils in foundation engineering

Stiff-fissured clays such as London Clay, Barton Clay
(in Hampshire), the Lias Clays of the Midlands, and the
Weald and Gault Clays of south-eastern England have
a relatively high bearing capacity below their softened
weathered surface Also, smce they are overconsohdated
clays, they have a moderate to low compressibility They
are highly plastic clays and heavy structures founded
on them show slow settlement over a very long period
of years Stiff-fissured clays show marked volume
changes with varying moisture content Thus founda-
tions need to be taken down to a depth where there will
be little or no appreciable movement resulting from
swelling and shrinkage of the clay in alternating
wet and dry seasons (see Section 3 11) For the same
reason it is necessary to avoid accumulation of water at
the bottom of excavations in order to avoid swelling
and softemng of the soil Fissuring in these soils can
cause a wide variation in shear strength detemuned by
laboratory tests on samples taken by drive tubes, due
to random distribution of fissures and their partial open-
ing during sampling Thus it is difficult to assess the
results when assessing bearing capacity (Section 4 1 2)

The fissured structure of these clays causes difficul-
ties, mainly unpredictable, in the stability of slopes of
excavations (Section 93), the stability of the walls of
unlined holes sunk by mechanical boring methods for
deep piers or piles (Section 8 14) and in the design of
tunbenng or sheet piling to excavations (Section 962).
Clays having similar charactenstics to the British stiff
fissured clays include the Fort Union 'shale' of Mon-

tana and the Bearpaw 'shale' of Saskatchewan Stiff-
fissured clay also occurs in northern France, Denmark,
Germany, and Trimdad

Tropical red clays are pnncipally residual soils
resulting from physical and chemical weathering of
igneous rocks They are widespread in India, Africa,
South America, Hawaii, the West Indies, and Far East-
ern countries They are usually of low plasticity clays
with a relatively high bearing capacity and low compress-
ibility However, in certain tropical conditions, leaching
of the clays can occur at shallow depths, leavmg a porous
material with a fairly high compressibility

In an extensive study of the formation and engineering
characteristics of tropical residual soils the Engmeenng
Group of the Geological Society of London'2' noted
the following features of these soils which are signifi-
cant to engmeenng problems These are as follows

(a) The soils may have a hard 'duncrust' capping over-
lying weaker matenal The capping may be up to
lOm thick

(b) Residual clay horizons may be present within
saprolites

(c) Variations occur in depth and lateral extent of
weathering Fresh rock outcrops may give way to
troughs of weathering 15—20 m deep over horizontal
distances of 100—200 m

(d) The soils are often only partly saturated The bond-
ing between particles can be broken down by the
intrusion of water or by mechamcal disturbance
such as by earth-moving machinery

(e) Site investigation techmques and interpretation of
soil test results can be different from those used for
saturated soils in temperate climates Soil sampling
can be difficult because of the brittleness of the soils
and the introduction of drilling water can weaken
the soil structure

(f) Conventional relationships between moisture con-
tent, plasticity index, and properties such as strength
or stiffness or relationships with the standard pen-
etration test do not necessarily apply to tropical
residual soils

(g) The important characteristic of the tropical clays
is the yield stress beyond which their behaviour
under compression loading changes from elastic
to plastic The yield stress can be determined by
laboratory tests on large block samples, and in the
field by large plate loading tests or pressuremeter
tests Accurate geological classification is essential
for correlation with expenence of engineering be-
haviour in similar conditions

The soil mechanics of these unsaturated soils is dis-
cussed by Bennett '
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Laterite is a term given to a ferruginous soil of clayey
texture, which has a concretionary appearance It is
essentially a product of tropical weathering and occurs
widely in Central and South America, West and
Central Africa, India, Malaysia, the East Indies, and
Northern Australia' Latentes are characteristically
reddish-brown or yellow in colour They exist in the
form of a stiff to hard crust 6 m or more thick, over-
lying rather softer clayey materials followed by the
parent rock Latentes have a high bearing capacity and
low compressibility They do not present any difficult
foundation engineenng problems.

Tropical black clays are also developed on igneous
rocks, examples being the 'black cotton soils' of the
Sudan and Kenya, the 'vlei' soils of southern Zimba-
bwe, and the 'adobe' clays of the south-western USA 124
Black clays are also found m India, Nigeria, and Aus-
tralia They are generally found in poorly drained top-
ography Unlike the tropical red clays, black clays are
very troublesome in foundation engineering in that they
show marked volume changes with changes in mois-
ture content, and because of their poor drainage charac-
teristics they become impassable to construction traffic
in the wet season Because these clays exist in coun-
tries where there are marked wet and dry seasons, the
soil movements brought about by alternate wetting and
drying are severe and extend to considerable depths
In the Sudan, seasonal swelling and shrinkage occurs
to depths of 4—5 m In many cases it has been found
necessary to construct even light buildings on piled foun-
dations to get below the zones of soil movement

Saline calcareous clays are widely distributed in the
Near and Middle East They are found in the Mesopo-
tamian plain of Iraq, the coastal piains of the Levant
and south-west Iran, the coast of North Africa, the is-
lands of the Mediterranean, the limestone plateaux of
Jordan, and in Utah and Nevada, USA ' These soils
were formed by the deposition of clay minerals in
saline or lime-rich waters The deposits are augmented
by wind-blown sand and dust The profile of calcareous
silty clays is similar throughout the arid and semi-and
countries of the Near and Middle East It compnses a
surface crust about 2 m thick of hard to stiff desiccated
clay overlying soft moist clay The surface crust is not
softened to any appreciable depth by the winter rains

The stiff crust has adequate bearing capacity to sup-
port hght structures, but heavy structures requiring wide
foundations which transmit pressures to the underlying
soft and compressible layers may suffer serious settle-
ment unless supported by piles driven to less compress-
ible strata Calcareous clays show marked volume
changes with varying moisture content, and where there
are marked seasonal changes, as in the wet winter and

dry summer of the countries bordering the Mediterra-
nean, the soil movements extend to a depth of 5 m or
more below ground level, and special precautions in
foundation design are required In regions where there
are no marked differences in seasonal rainfall, as m
southern Iraq, soil movement is not a serious problem
In some regions the stiff crust is a weakly cemented
agglomeration of sand or gravel-size particles of clayey
material, probably resulting from deposition by winds.
These soils may suffer collapse on mundation com-
bined with foundation loading

Alluvial (including marine) clays are geologically
recent matenals formed by the deposition of silty and
clayey matenal in river valleys, estuaries, and on the
bed of the sea They are 'normally consolidated', i e
they have consolidated under their own weight and have
not been subjected in their geological history to an
overconsolidation load as in the case of glacial till and
stiff-fissured clays Since they are normally consolidated
they show a progressive increase in shear strength with
increasing depth ranging from very soft near the ground
surface to firm or stiff at depth The normally consoli-
dated clays of the Chao Praya plain in Thailand extend
to depths of 200—300 m 126 Atmospheric drying and
the effects of vegetation produce a stiff surface crust on
alluvial clays The thickness of this crust is generally 1—
1 2 m in Great Britain, but it is likely to be much greater
and liable to vary erratically in thickness in and clim-
ates Some regions show several layers of desiccation
separated by soft, normally consolidated clayey layers
Moderately high bearing pressures, with httle or no
accompanying settlement, can be adopted for narrow
foundations in the surface crust which do not transmit
stresses to the underlying soft and highly compressible
deposits In the case of wide or deep foundations it is
necessary to adopt very low bearing pressures, or to use
a special type known as the buoyancy raft (Section 5 3),
or to support the structure on piles driven through the soft
and firm alluvial clays to a satisfactory bearing stratum

Alluvial clays, especially marine clays, are 'sensi-
tive' to disturbance, i e if they are disturbed in sampling
or in construction operations they show a marked loss
in shear strength. The sensitlvlty* can range from 2 or
3 in the case of estuanne clays of the Thames and the
Firth of Forth to as much as 150 in the post-glacial
clays of eastern Canada The marine clays of Norway
and Sweden are also highly sensitive due to leaching of
salts from the pore water of the soil by the percolation
of fresh water, leaving an open lattice structure which
is readily broken down on disturbance

Undisturbed shear strength* Sensitivity =
Remoulded shear strength
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Excavations below the dned-out surface crust require
support by timbering or sheetpihng; open excavations
require to be cut back to shallow slopes to avoid massive
rotational slips. Excavations in soft clays exceeding a
certain depth—width ratio are subject to failure by heav-
ing of the bottom or appreciable inward yielding of the
side supports (Sections 97 and 9 8)

As in the case of stiff-fissured clays, precautions must
be taken against the effects on foundations of seasonal
swelling and shrinkage and the drying action of the
roots of vegetation (Section 3 1.1)

Alluvial clays are frequently varved or laminated clays
interbedded with layers of peat, sand, and silt as in the
Fens of East Anglia, and in major river deltas

Silts occur as glacial or alluvial deposits, or as
wind-blown deposits Examples of the latter are the
'bnckearth' of south-eastern England, and 'bess' which
is found in widespread tracts in the Midwest and north-
western USA, China, India, Russia, and Israel Glacial
and alluvial silts are generally water bearing and soft in
consistency They are among the most troublesome soils
in excavation work, since they are readily susceptible
to slumping and 'boiling' Being retentive of water they
cannot readily be dewatered by conventional ground-
water lowering systems. Silts are liable to frost heave

Bnckearths are generally firm to stiff and do not
normally present any difficult problems in foundation
work Similarly, bess soils are slightly cemented and
have a high bearing capacity. However, they are liable
to collapse of their structure on wetting which may
occur as a result of flooding or even broken water mains
(Section 3 2) Loess soils can stand with vertical faces
to a great height provided they are protected from ero-
sion by flowing water

Peat consists of dead and fossilized orgamc matter
It is found in many parts of the world Extensive depos-
its occur in northern Europe, North Amenca, and the
former USSR, where it is overlain by living vegetable
matter in 'muskeg' terrain Peat is a permeable fibrous
matenal and is highly compressible The usual pro-
cedure is to take foundations of structures below peat
to less compressible strata unless heavy settlements can
be tolerated It has the characteristic of undergoing large
secondary consohdation settlements which can continue
with little diminution over a very long penod of years
Berry et al'27 described the detailed geotechmcal and
structural investigations at two housing estates in north-
west England where a number of blocks of two-storey
dwellings had undergone large settlements due to com-
pression and consolidation of a near-surface stratum
of peat varying in thickness from 1 5 to 26 m. Total
settlements of the buildings ranged from 60 to 258 mm
over periods of about 25 years On one of the estates

the maximum settlement of 258 mm had occurred at
the centre of a two-storey block and it was estimated
that the secondary consolidation would continue at the
rate of about 2mm/year for the following 10 years and
thereafter at only a slightly diminishing rate The aver-
age differential settlement between the centre and
corner of three blocks was 74 mm in 25 years Another
undesirable characteristic of peat is its 'wasting' The
ground surface of the peat in the Fen districts of East
Anglia is slowly sinking through the years due to con-
solidation of the ground under its own weight (acceler-
ated by drainage), to the fibrous peat blowing away in
the wind, and to accidental or deliberate burning of the
peat Thus if foundations are taken below peat layers
by means of piles or piers the surrounding ground
surface sinks relative to the structure with the result
that over a long penod of years the foundations become
exposed Many instances of tins can be seen in the Fens
Peats may contain organic acids which are aggressive
to concrete (Section 13 5 4)

1.15 Foundation properties of rock types

The engineer is not usually concerned with the physical
properties of the matenal fornung the mtact unweathered
rock since its strength and compressibility are normally
adequate for most foundation structures However, it is
essential to investigate the properties of the rock mass
since these govern foundation behaviour and are relevant
to problems of foundation construction The various
properties of the rock mass which should be investi-
gated are listed below

1.15.1 Weathering

Weathering of rocks results from the action of environ-
mental conditions such as rainfall and temperature
variation An important influence on weathering was
the deep freezing and thawing which occurred in the
various glacial penods Weathering also occurs as a
result of chemical action or leaching of ground water
seeping through the rocks The effect of weathering is
to degrade the physical characteristics of the intact rock,
reducmg it, in the ultimate state, to a mass of uncemented
mineral particles or to a material of soft clay consist-
ency The products of weathenng may be removed by
solution or erosion, leaving open fissures or cavities
These may later be filled by soil washed in from the
overlying superficial deposits Weathering can occur to
a highly irregular extent in a rock mass usually follow-
ing joints or other structural weaknesses

In tropical countries, weathering can extend to great
depths The granites of Hong Kong are weathered to
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depths of 60 m or more, the strong rock being degraded
to a compressible porous mass of quartz particles in a
clayey matrix of decomposed feldspar and biotite 128

Sandstones weather to a condition of uncemented
granular particles. Meigh129 reported weathenng of the
Bunter Sandstones in north-eastern Englahd to a depth
of 20 m below rockhead Care is necessary in explora-
tory drilling in sandstones since cable percussion or
small-diameter core drilling in the partly weathered rock
produces loose debris which can give a false impression
of the bearing charactenstics of the rock. In Singapore
the interbedded sandstones, siltstones, and mudstones
of the Jurong Formation have weathered to depths of
more than 100 m below the surface ''°

Weathenng of the mudstones and siltstones of the
Keuper Marls of the Midlands and north-eastern Eng-
land can extend to depths of 60 m below rockhead The
weathering can degrade the rock to an uncemented silt
Leaching of calcareous materials in the marl leaves
numerous cavities and open fissures which can increase
the compressibility and permeability of the mass I29
Shalesor shaly slates are weathered by deep frost action
to a clayey consistency or to a crumbly mass of crushed
flat particles

Some mudstones and shales contain pyrite In a weath-
ering environment removal of the pynte causes chenu-
cal and mineralogical changes leading to degradation
and weakemng of the rock mass A reduction in ground-
water level or exposure in excavations can cause oxida-
tion of the pyrite and the production of sulphuric acid
If calcite is present the reaction with sulphuric acid
could cause the growth of gypsum crystals in fissures
and laminations with consequent massive expansion of
the rock mass The reactions are partly chemical and
partly bacterial '31 They can be accelerated by warmth
in thepresence of moisture, e g beneath a heated build-
ing as descnbed in Section 13 5 5

Lunestones (other than chalk) are generally strong
and massive and do not show the effects of weathering
other than those of solution which can form very large
caverns or wide drift-filled fissures Those karstic
conditions occur extensively in Greece, Malaysia, and
China The features are sometimes indicated by depres-
sions m the ground surface, but where the hmestones
are overlain by younger rocks or deep drift deposits
it may be very difficult to explore the extent of cavities
Geophysical methods have been attempted with mixed
success On a site in Derbyshire'32 solution had taken
place in numerous vertical Joints in the limestone pro-
ducing a karstic formation of pinnacles and promontor-
ies of strong limestone wholly or partially surrounded
by wide sand and clay-filled Joints, the influing extend-
ing to depths of 15 m or more below the surface These

conditions are best investigated by trenching supple-
mented by probing with small-diameter non-coring per-
cussion or rotary drilling.

Matenal mfillmg solution cavities in limestone forma-
tions are frequently in a loose condition Spread or piled
foundations beanng on these materials cannot be adopted
because of the nsks of slumping after periods of heavy
rainfall Foundations must be designed to bridge across
the infilling matenals

Chalk is a form of limestone which is frequently
found in a deeply weathered condition due to the
effects of freezing and thawing in the glacial periods
The effect of freezing was to produce a mass of crumbly
frost-shattered rock weathered to a soft or firm clayey
consistency adjacent to joints and fissures The weath-
ering effects can extend to depths of 15 m The heavily
weathered chalks near the surface are prone to erosion
and creep on hillside slopes, producing a transported
very weak rock known as solifluction chalk, combe
deposits, or combe rock

Chalk has a porous cellular structure and mechanical
disturbance such as penetration by boring tools releases
water from the cells to form a soft putty-like material
around the borehole Similarly, driving piles into chalk
produces a soft crushed zone around the pile. Samples
of weak chalk taken by driving an open-end tube are
usually crushed and softened and unswtable for testing
The degree to which these effects occur depends on the
particular geological formation (in Britain the Upper,
Middle and Lower Chalk), the stratigraphic level within
that formation and the weathering grade

The classification originally established by the then
Building Research Station has been revised in a com-
prehensive report published by the Construction Indus-
try Research and Information Association (CIRJA) '°
The new classification is closely associated with the
intact dry density of the chalk, as determined by labora-
tory testing. The classification related to density is
shown in Table 1 5

The CIRIA report gives very detailed guidance for
establishing the density of chalk in the field using hand

Table 1.5 Intact dry density scales of chalk

Density scale Intact dry
density
(Mg/rn3)

Porosity,
nt

Saturation
moisture content
(%)t

Low density
Medium density
High density
Very lugh density

1 55
1 55—1 70
1 70—1 95
1 95

043
043—037
037—028
028

27 5
27 5—21 8
21 8—14 3
14 3

t Based on the specific gravity of calcite = 270
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manipulation and the use of a nail and a geological
hammer to indent the chalk fragments

Each density grade shown in Table 1 5 is further
subdivided by the aperture between the discontinuities
in the rock mass Thus:

Grade A Discontinuities closed
Grade B Typical discontinuity aperture <3 mm
Grade C Typical discontinuity aperture >3 mm
Grade D Structureless or remoulded mélange

A further subdivision depends on the spacing of the
discontinuities thus

Suffix Typical discontinuity spacing
1 t>600mm
2 200<t<600mm
3 60<t<200mm

20<t< 60mm
t< 20mm

If the typical discontinuity aperture and/or spacing
is different horizontally and vertically, this should be
detailed in the description and two grades should be
given, one for each direction If the chalk mass is a
structureless mélange of fines and intact lumps with no
regular orientation bedding or thscontinutties, it is graded
as D with the suffix m if there is more than 35 per cent
of comnunuted chalk matrix with less than 65 per cent
of coarser fragments, and c if the matrix is less than 35

percent with less than 65 per cent of coarser fragments
The CIRIA report gives the following examples of

classification of a chalk mass as seen m a trial pit

Weak, medium density, white with frequent black
specks CHALK Fractures very closely spaced (10/
40/60), open and generally mfilled (2/10/20) with
uncompact, hght brown, sandy silt-size comminuted
chalk, sometimes with trace of brown clay, heavily
brown stained No discernible fracture sets, Hori-
zontal band of medium spaced rmded flint cobbles
at 270 m (Seaford Chalk, Cuckmere Beds, medium
density, Grade C4)

Structureless CHALK composed of slightly sandy
silty, subangular to rounded, mainly medium and
coarse GRAVEL with many rounded cobbles Gravel
is very weak, low density, white with frequent black
specks Cobbles are weak, medium density, white
with occasional black specks Matrix is uncompact,
light brown Occasional gravel-size voids (Lewes
Chalk9 Grade Dc)

Chalk formations are subject to solution by water
seeping through joints forming 'pipes' or cavities known
variously as swallow holes, sink holes, or dene holes,
similar to those descnbed in hmestone formations (see
Fig. 116)

From the results of plate-bearing tests, pressuremeter
tests or the observations of settlement of full-scale struc-
tures, deformation modulus values have been assigned
to each weathering grade for various types of rock —as

listed in Section 2 7 It is rarely possible to map the
lateral and vertical extent of irregularly weathered rock
formations, and the engmeer should base allowable bear-
ing pressures and estimate settlement on the assump-
tions of values for the weakest rocks at or below the
design foundation level It is usually uneconomical to
attempt to use higher bearing pressures appropriate to
stronger less-weathered rocks with the idea of stepping
down the foundation level to get below layers or pockets
of weaker material. This can lead to deep and difficult
excavation for which the contractor cannot quote firm
prices since the required volume and depth of excava-
tion will not be known until all the weak material has
been removed.

1.15.2 Faulting
Faults may not be significant to foundation design since
all movements along the fault plane may have ceased
in geological times However, faults are of significance
in earthquake zones, and m districts subject to mining
subsidence (see Section 3 5)

1.15.3 Jointing
Joints are fractures m the rock mass with little or no
relative displacement of the rock on either side of the
joint plane The spacing and width of open joints is of
significance to the compressibility of the rock in the
stressed zone beneath foundations Inclmed joints
dipping towards an excavation may be a cause of in-
stability, particularly if the joints are filled with weak
weathering products forming a plane of shdmg (see
Section 9 3 4) Similarly, steeply inclined clay-filled
joints may result m failure of a foundation bearing on
an irregular rock surface (see Section 2.3 6)

The spacing, inclination, and width of joint systems
should be established by examination of rock cores,
and preferably by geological mapping of the exposures
in outcrops, pits, or deep shafts

1.15.4 Strength of intact rock
The strength of intact rock can be related to the ulti-
mate bearing capacity and compressibility of a jointed
rock mass (see Section 112) The results of umaxial com-
pression and splitting tests are helpful in connection
with the use of explosives or rock-boring tools for foun-
dation excavations, and for possible uses of the rock as
a constructional material.

4
5
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2.1 Foundation types

The foundation of a structure is defined as that part of
the structure in direct contact with the ground and which
transmits the load of the structure to the ground

Padfoundations are usually provided to support struc-
tural columns They may consist of a simple circular,
square, or rectangular slab of umform thickness, or they
may be stepped or haunched to distribute the load from
a heavy column Pad foundations to heavily loaded struc-
tural steel columns are sometimes provided with a steel

gnllage
Various forms of pad foundations are shown in

Fig 2 l(a)—(d)
Strip foundations are normally provided for load-

bearing walls (Fig. 22(a)), and for rows of columns
which are spaced so closely that pad foundations would

II II II ILS
'I,

Figure 2.2 Types of strip foundation (a) Strip foundation to
load-bearing wall (b) Stop foundation to a row of close-spaced
columns

nearly touch each other (Fig 2 2(b)) In the latter case
it is more economical to excavate and concrete a
strip foundation than to work m a large number of
individual pits. In fact, it is often thought to be more
economical to provide a strip foundation whenever the
distance between the adjacent square pads is less than
the dimensions of the pads, and for ease in construction
close-spaced pad foundations can be formed by insert-
ing vertical jomts in a continuous strip of concrete (see
Section 426)

Wide strip foundations are necessary where the bear-
ing capacity of the soils is low enough to necessitate
a strip so wide that transverse bending occurs in the
projectmg portions of the foundation beam and rein-
forcement is required to prevent cracking

Raft foundations are required on soils of low bear-
ing capacity, or where structural columns or other
loaded areas are so close in both directions that indi-
vidual pad foundations would nearly touch each other
Raft foundations are useful in reducing differential
settlement on variable soils or where there is a wide
variation in loading between adjacent columns or other

(b)

(a)

(a) (b)

T1T TH H:
(c) (d)

Figure 2.1 Types of pad foundation (a) Mass concrete for
steel column (b)Reinforced concrete with sloping upper face
(c) Plain reinforced concrete (d) Stepped reinforced concrete

.59-
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Hollow watertight
rectangular cells

ThThL
(c)

Figure 2.3 Types of raft foundation (a) Plain slab (b) Slab and beam (c) Cellular (or buoyancy) raft

(b) (c)

Uund

pumping station

Ground-water.- level

Sheet —a
pile wall

Piles to resist
uplift

applied loads Forms of raft foundations are shown in
Fig 23(a)—(c)

Bearing piles are required where the soil at normal
foundation level cannot support ordinary pad, strip, or
raft foundations (Fig 24(a)) or where structures are
sited on deep filling which is compressible and settling
under its own weight (Fig. 24(b)) Piled foundations
are a convement method of supporting structures built
over water (Fig 24(c)) or where uplift loads must be
resisted (Fig 24(d)) Inclined or raking piles are pro-
vided to resist lateral forces (Fig 2 4(e))

2.2 Foundation design procedures

2.2.1 General

At the time of preparing this edition the design pro-
cedure in Britain was the permissible stress method as
followed by the British Standard Code of Practice Foun-
dations BS 8004 1986 The same method is normal
practice in the USA and many other countries through-
out the world. Using the permissible stress methods the
actual dead loads of a structure and the most unfavour-
able combinations of imposed loads are assumed to be
applied to the ground The foundation design is assumed
to be safe if the permissible stress of the soil or rock is
not exceeded The method recognizes the highly vari-
able strength and stiffness properties of soil or rock,
also the important influence of such matters as the level
of the ground water and the rate of loading on strength
and stiffness, and the possible uncertainty about the
reliability of the analytical method used to calculate
the failure conditions of the ground To allow for these
variations and uncertainties a safety factor is applied
to the calculated failure stress or failure load applied
to the ground to deterimne the allowable or design
bearing pressure or loading Because of the critical
unfavourable effects of variations and uncertainties the
recommended safety factors are quite high In the case
of BS 8004 a safety factor between 2 and 3 is generally
adopted It is essentially a safety factor applied to the
material properties as measured in the laboratory or
field, but the factor is applied globally to cover all the
other uncertainties

It is recogmzed when using the perrmssible stress
method that a structure can fail due to excessive de-
formation caused by foundation settlement long before
reaching a state of collapse due to failure in shear of the
ground In routine structures excessive total and differ-
ential settlement can often be avoided by choosing the

I II iflhl
II II I

(a) Slab [

Beam -

EJLJLJLJ
LJLJL

H II

(b)

(0)

Lerod

Raker piles

(d) (e)

Figure 2.4 Types of piled foundation
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safety factor at a sufficiently high value which has been
shown by expenence to avoid excessive settlement risks
In the case of heavy structures or those sensitive to
differential settlement a separate calculation is made to
determine the settlement Again a realistic value of dead
loading and the most favourable and unfavourable com-
binations of imposed loading are used in conjunction
with actual (unfactored) values of the stiffness of the
ground as measured by laboratory and field testing

During the 1960s and l970s structural codes in
Europe and the UK were changing to limit state design
methods Engmeermg organizations m the member states
of the European Commumty (BC) recognized the desir-
ability of uniformity in structural and foundation codes
and a drafting panel to produce a foundation code was
set up under the auspices of the International Society
of Soil Mechanics and Foundation Engineering The
panel produced a draft code in 1989 and a revision in
1995, entitled Eurocode 7, Geotechnical Design 21 This
code was pubhshed as a draft for development and it
is possible that there may be some changes before an
approved document is pubhshed The comments in this
and succeeding chapters will refer to the 1995 draft

A useful commentary on EC 7 has been prepared by
Simpson and Driscoll.22 This discusses the application
of the Eurocode to UK practice It is essential reading
for engineers engaged in the design of foundations, re-
taining walls, and earth works to conform to the Code
requirements

The basis of limit state design as applied to founda-
tions is that a structure and its supporting foundation
should not fail to satisfy the design performance re-
quirements because of exceeding various hmit states
The ultimate limit state is associated with safety, that
is, the avoidance of the risk of collapse or any other
form of failure which could endanger people Design
against the occurrence of the ultimate hnut state is
concerned with applying factors both to the applied
loading (actions) and to the resistance of the ground
(the matenal factors) so as to ensure that reaching the
limit state is highly improbable

Serviceability limit states are concerned with ensur-
ing that deformations or deflections do not damage the
appearance or reduce the useful life of a structure or
cause damage to finishes, non-structural elements, or
machinery or other installations in a structure

EC 7 also requires structures and their foundations to
have sufficient durability to resist attack by substances
in the ground or m the environment which could cause
weakening and the nsk of exceeding the ultimate and
serviceability limit states

In addition to a consideration of the general suit-
ability of the ground and of the various geological and

geotechmcal factors set out in Sections 11 and 114 of
this book, EC 7 lists the following design situations
which should be studied

(a) Actions (i.e forces) their combinations and load
cases

(b) The nature of the environment within which the
design is set including the following

(1) effects of scour, erosion, and excavation lead-
ing to changes in the geometry of the ground
surface,

(2) effects of chemical erosion,
(3) effects of weathering,
(4) effects of freezing,
(5) variations in ground-water levels, including

the effects of dewatering, possible flooding,
failure of drainage systems, etc,

(6) the presence of gases emerging from the
ground,

(7) other effects of time and environment on
the strength and other properties of materials,
e g the effects of holes created by animal
activities,

(8) earthquakes,
(9) subsidence due to mining or other causes,

(10) the tolerance of the structure to deformations;
(11) the effect of the new structure on existing

structures or services

The above items provide a useful checklist for the
engmeer using either permissible stress or limit state
design methods

The adoption of the limit state design procedure
is advantageous in UK practice where building super-
structures are designed to British Standard Codes of
Practice, 8110, 'Structural concrete', 5950, 'Structural
steelwork in buildings', and 5400, 'Bndges' These are
limit state codes and it is difficult to define the specific
locations in the structure where the design procedure
changes to BS 8004 Foundations, which is in terms
of permissible stresses In this situation the structural
designer should define to the foundation engineer the
loads which are to be camed by the ground It should
be clearly stated whether or not these are factored or
unfactored loads, or dead loads combined with imposed
loading reduced as permitted by British Standard 6399

2.2.2 Foundation design by calculation
(Eurocode 7 procedure)

Eurocode 7 considers four methods of design These are

(1) By calculation
(2) By prescnptive measures
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Case Actions Ground properties

Permanent Variable tan 0 c' c, q,

Unfavourable Favourable Unfavourable

A
B
C

100 095
135 100
100 100

150
150
130

11
10
125

13
10
16

12
10
14

12
10
14

* In the above table, , c'and ; are soil shear strength parameters as defined in Section 111, q,, is the compression strength of soil
or rock The partial factors have been accepted by the British Standards Institution Technical Committee B1526 for the design of
geotechnical structures to be constructed in the UK

(3) From results of load tests or tests on experimental
models

(4) By observation during construction
All the above are applicable both to limit state and
permissible stress methods The Eurocode methods
will be described as they may be unfamiliar to some
engineers Differences with penmssible stress methods
will be noted where appropriate A bnef account only
can be given of the Eurocode procedure It is essential
to study the draft code for a full understanding of all
the relevant factors and qualifications

EC 7 refers to foundation loadings as actions These
can be permanent as m the case of weights of structures
and installations, or variable as for imposed loading,
or wind and snow loads They can be accidental, e g
vehicle Impact or explosions

Actions can vary spatially, e g self-weights are fixed
(fixed actions), but imposed loads can vary in position
(free actions) The duration of actions affects the re-
sponse of the ground It may cause strengthening such
as the gain in strength of a clay by long-term loading,
or weakemng as in the case of excavation slopes in clay
over the medium or long term To allow for this EC 7
introduces a classification related to the soil response and
refers to transient actions (e g wind loads), and per-
sistent actions, e g structural or construction loading

In order to allow for uncertainties in the calculation
of the magnitude of actions or combinations of actions
and their duration and spatial distribution, EC 7 re-
quires the design values of vertically applied actions
Vd to be used for the geotechnical design either to be
assessed directly or to be denved from characteristic
values Fk from the equation

Vd = Fk X

where 'y is a partial safety factor
In order to ensure that the ultimate limit state is not

exceeded the design value of actions d must be equal

to or less than the design bearing resistance of the foun-
dation material Rd

VdRd (22)

Rd is required to be determined by one of the design
methods listed at the beginning of this section When
the calculation method is used, Rd is determined from
the physical characteristics of the soil or rock as ob-
tained by field or laboratory tests Characteristic values
are derived from these tests and EC 7 requires them to
be modified by a partial factor for material properties
'Yrn Values of the partial factors (iF) for actions and
ground properties (ym) are shown in Table 2 1

The three cases shown in Table 2 1 are concerned
with the type of structure, its situation, and the ground
properties The introduction of these cases was intended
to make EC 7 compatible with the structural codes23

Case A governs the overall stability of a structure
According to Clause 24 2(14) it is relevant only to
buoyancy problems where uplift from hydrostatic forces
is the principal unfavourable action and the partial
factors for ground properties are correspondingly low
However Simpson and Dnscoll22 point out that shear on
the sides of an underground structure can act to restrain
uplift and, hence, the adequacy of the partial factors for
ground properties need to be checked to ensure overall
stability Case B is concerned only with the strength
of the structural members in foundations and retaining
structures Case C involves the geotechnical design of
foundation and earthworks In the last case, structural
considerations may be irrelevant The partial factors for
ground properties for Case C are higher than in A and
B to allow for natural variations in the ground and un-
certainties in the analytical procedure

(2 1) Simpson and Dnscoll22 recommend that calculations
should be made to cover all three cases in any given
problem, at least until the engineer becomes familiar
with the applications of the Code
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For the venfication of serviceability limit states,
EC 7 recommends a partial factor of 1 0 for actions and
ground properties unless specified otherwise

EC 7 emphasizes ground-water level changes and
drainage charactenstics of the ground before and after
construction as particular matters which influence the
selection of design values In the case of structures,
characteristic values of actions are given in the relevant
structural Eurocodes For accidental situations EC 7
recommends that the partial factors for actions and
ground properties should be taken as 1 0

As noted in Section 2 2 1 the loadings (or actions)
are not factored when using the permissible stress
method The maximum load to be camed by the ground
is determined This is the sum of the actual dead load-
mg and the maximum credible imposed loading Actions
are resisted by the supporting ability of the ground
(action effects), which can be calculated from a
knowledge of the geotechnical properties (referred to as
material properties) to obtain design values The partial
factors are necessary to allow for uncertainties in the
relation between the soil and rock properties as used in
the calculation model and the properties as measured
by laboratory or field tests and also uncertainties con-
cerning the effects of brittleness, ductility, soil response
to the duration of actions, and construction activities
(including workmanship)

Design value of material properties, Xd, are required
to be assessed directly or denved from characteristic
values Xk from the equation

Xd = Xk/Tm, (23)

where Tm is the partial safety factor for the matenal
properties Values are given in Table 2 1

EC 7 provides guidance on the selection of char-
acteristic values, defining them as those such that the
probability of a more unfavourable value governing the
occurrence of a limit state is not more than 5 per cent
This suggests that characteristic values should be ob-
tained by a statistical analysis of a number of test results
However, EC 7 tends to play down the statistical ap-
proach and defines a characteristic value as a cautious
estimate of mean values of the ground properties in the
volume of ground influenced by the foundation load-
ing In contrast to structural codes, the engineer is quite
unrestricted in his choice of design values and need
not consider either characteristic values or the applica-
tion of material factors if the design value is assessed
correctly As is the case with the permissible stress
method, experienced judgement is essential to the selec-
tion process The engineer follows the same process
of considering all the available test data and the fac-
tors which govern the selection of design parameters,

no matter whether the limit state or permissible stress
methods are used

EC 7 recommends a value for Tm of unity for service-
ability limit state calculations and for accidental situ-
ations Care is needed in selecting characteristic values
for the serviceability limit state where stiffness is related
to strength Later in this chapter stiffness in terms of an
elastic or deformation modulus is shown to be related
empirically to soil shear strength or rock unconfined
compression strength by a simple multiplying factor
Hence if the soil strength is chosen conservatively,
i e a low value, the stiffness will also be low which
may give an unrealistically high estimate of foundation
settlement

Design values for geometrical data should be selected
by reference to dimensional tolerances in the struc-
tural code or job specification Alternatively, they can
be allowed for when selecting the values of actions or
matenal properties

A constraint has been defined as an 'acceptable limit-
ing value for a particular deformation in order to satisfy
the ultimate or serviceability limit state of the struc-
ture' Constraints are limit values of total and differen-
tial settlements, rotation, tilt, and distortion of structural
members and claddings These will be discussed in
Section 2 6 2 It is evident that close liaison is essential
between the designers of the superstructure and foun-
dation in order to establish acceptable and compatible
constraints and to avoid the insistence by the super-
structure designer of impracticable constraints such as
zero settlement

2.2.3 Foundation design by
prescriptive measures

Prescriptive measures to avoid limit states are rec-
ommended in EC 7 'where calculation models are not
available or unnecessary' These measures are assumed
to include tables of allowable bearing pressures for
various classifications of soil or rock such as those in
the BS Code of Practice BS 8004 Foundations, and in
municipal regulations in most countries of the world

2.2.4 Design using load tests and
experimental models

Loading tests, either full scale or reduced scale, on
plates, piles, or on other components of a substruc-
ture are permitted by EC 7 to justify a design provided
that differences in the ground conditions between the
test and prototype locations, and the effect of duration
of loading and of scale, are taken into account The
importance of scale effects was noted in Section 1 45
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(see Fig 110) Loading tests are frequently used for
the design of piles, the results bemg used either directly
or as a check on calculated beanng capacity

2.2.5 Design by the observational method

The observational method requires the behaviour
of a structure to be monitored at intervals dunng con-
struction to ensure that settlements or deflections of the
substructure or superstructure comply with the con-
strauits established before construction commences The
intervals should be sufficiently short to enable corrective
measures to be taken with due allowance for time taken
in recording and interpreting data from the momtonng
instruments

Although this method is frequently applied to the
construction of embankments on soft ground, often with
frustration and annoyance to contractors when their pro-
grainme becomes uncertain or is delayed, the method
has little application to structures such as bridges or
buildings where design changes or delays in occupancy
could have senous financial consequences

The method has a useful application to the design of
temporary works for deep excavations, as discussed in
Sections 962 and 1237

2.2.6 The design report

EC 7 requires the submission of a geotechmcal report,
similar in outline to that described in Section 113,
to be part of the design process Safety measures and
requirements for maintenance and for momtonng be-
haviour during and after construction are items to be
included in the report

2.2.7 Stages in the design process

The stages in the process for foundation design are first
to prepare a plan of the base of the structure showing
the various column, wall, and distributed loadings Dead
and imposed loadings should be differentiated and any
bending moments at the base of columns or walls should
be noted Second, the bearing characteristics of the
ground as given by the site investigation should be
studied From this, tentative allowable bearing pressures
can be allocated for the various strata below ground
level The third step is to determine the required foun-
dation depth This may be the minimum depth to get
below surface layers of soil affected by seasonal tem-
perature or moisture changes or by erosion Structural
requirement may involve founding at greater depths
than the minimum required solely from soil considera-
tions For example, the building may have a basement,

or there may be heating ducts or culverts below ground
level Having decided upon a minimum depth from
either geotechnical or structural requirements, the di-
mensions of the foundations are amved at following
the procedures described in the preceding sections
This usually decides the type of foundation, i e pad,
strip, or raft foundations If soil of a higher bearing
capacity exists at no great depth below the required
minimum depth, consideration could be given to taking
foundations to the deeper stratum, with consequent sav-
ings in the quantity of excavation and concrete How-
ever, if the deeper stratum lies below the ground-water
table, the cost of pumping or sheet piling might well
outweigh these savings.

With the foundation depth and bearing pressures ten-
tatively decided upon, the fourth step is to calculate or
estimate the total and differential settlements of the struc-
ture, i e to check the serviceability limit state if the EC
7 procedure is adopted If the limits are exceeded, the
bearing pressures will have to be reduced or the foun-
dations taken to a deeper and less compressible stratum
If the bearing capacity of the shallow soil layersJ
inadequate, or if the estimated settlements of shallow
foundations are excessive, the structure will have to
be founded on piles or other special measures taken,
such as providing some articulation in the structure to
accommodate the estimated differential movements

2.2.8 Definitions

It will be useful at this stage to define the various terms
relating to bearing capacity and bearing pressure These
are as follows

(a) Total overburden pressure, a, is the intensity of
total pressure or total stress (a), due to the weights
of both soil and soil water, on any horizontal plane
at and below foundation level before construction
operations are commenced (Fig 25)

(b) Effective overburden pressure, o, is the inten-
sity of intergranular pressure, or effective normal
stress (o), on any horizontal plane at and below
foundation level before construction operations are
commenced This pressure is the total overburden
pressure (a) less the pore-water pressure, which,
in the general case, is equal to the head of water
above the horizontal plane For example, for a foun-
dation level at a depth h below the water table,

= — yh (2.4)

(c) Total foundation pressure (or gross loading inten-
sity), q, is the intensity of total pressure on the ground
beneath the foundation after the structure has been
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erected and fully loaded. It is mclusive of the gross
load of the foundation substructure, the loading
from the superstructure, and the gross loading from
any backfilled soil and soil water supported by the
substructure

(d) Net foundation pressure (or net loading intensity),
p, is the net increase in pressure on the ground
beneath the foundation due to the dead load and
live load applied by the structure

=p — a,,,, (at foundation depth D)

The term p is used for calculating the distribution
of stress at any depth below foundation level

(e) Effective foundation pressure, p, is the effective
increase in pressure on the ground beneath the foun-
dation due to the dead load and live load applied by
the structure

p' =p—a (at foundation depth D)

(f) Ultimate bearing capacity, q, is the value of the
loading mtensity at which the ground fails in shear

(g) Net ultimate bearing capacity, q,,, for a particular
foundation is that value of the net loading intensity
at which the ground fails in shear, i e

= q — a,, (27)

(Ii) Presumed bearing value is the net loading inten-
sity considered appropnate to the particular type
of ground for preliminary design purposes The

2 5\ particular value is based either on local expen-' / ence or by calculation from strength tests or field
loading tests using a factor of safety against shear
failure

(i) Allowable bearing pressure, pa, is the maximum
allowable net loading intensity of the ground in any
given case, taking into consideration the bearmg
capacity, the estimated amount and rate of settle-

2 6' ment that will occur, and the ability of the struc-
" / ture to accommodate the settlement It is therefore

a function both of the site and of the structural
conditions

Ground-water
level

06

GL

Sand (y= 17 5kNIm3)

a,,,, =y(D— h) = 10 5 kN/m2

/
Sand (,, = 20kN/m3)

/
Clay (y,,,, = 18 5 kNIin3)

a,,=41 5kN/m2

Figure 2.5 Example of calculating total and effective overburden pressure
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It will be seen from the above definitions that there
is an important difference between the terms 'bearing
capacity' and 'bearing pressure' It is important that
this distinction is clearly understood and that the terms
are correctly used The bearing capacity of a founda-
tion soil is that pressure that the soil is capable of
carrying, i e. in the case of ultimate bearing capacity, or
ultimate limit state, the pressure at which shear failure
occurs, and this value, divided by a suitable safety factor,
gives the safe bearing capacity The bearing pressure
of a foundation is the loading intensity imposed by the
foundation on the soil.

The use of the above terms can be illustrated by the
following statement 'Calculations based on the shear
strength of the soil showed that the ultimate bearing
capacity for 1 2 m wide strip foundations at a depth of
1 5 m was 600 lcN/m2.' Adopting a safety factor of 3 on
this value, the safe bearing capacity of the soil beneath
the strip foundation is 200 kM/rn2 However, in view of
the sensitivity of the structure to the effects of small
differential settlements, it was decided to limit the total
and differential settlements by adopting an allowable
bearing pressure of 150 kN/m2

In EC 7 terms the statement would be expressed as
follows 'Calculations based on the shear strength of
the soil gave an ultimate limit state bearing pressure
of 310 kN/m2 for a 1.2 m wide strip foundation at a
depth of 1.5 m' Checking the serviceability limit state
for the constraints imposed for a structure sensitive
to the effects of small differential settlement resulted
in the reduction of the allowable bearing pressure to
150 kN/m2

2.3 Calculations for ultimate bearing
capacity by analytical methods

2.3.1 General case

When a load is applied to a foundation, settlement will
occur in the form shown in the load—settlement graph
(Fig 2 6) Up to a certain stage (point A), the settle-
ment of the foundation will be comparatively small and
mainly elastic (i e on removal of the load the founda-
tion will rise nearly to its original level) With increased
loading the settlement will increase at a disproportion-
ate rate until ultimately (point B) the settlement will
increase rapidly without further increase of loading The
ultimate bearing capacity (q) of the soil will have been
reached, and the foundation will sink and tilt accom-
panied by heaving of the surrounding soil

Sinking and tilting of the foundation will continue
until the structure overturns or until a state of equilib-
rium is reached when the foundation reaches such a

Figure 2.6 Load—settlement relationship

depth that the bearing capacity of the soil is sufficiently
high to prevent further movement Tilting nearly always
occurs in cases of foundation failure because the mevit-
able variation in the shear strength and compressibility
of the soil from one point to another causes greater
yielding on one side or another of the foundation This
throws the centre of gravity of the load towards the side
where yielding has occurred, thus increasing the inten-
sity of pressure on this side followed by further tilting

Various analytical methods have been established
for calculating the unit ultimate bearing capacity, q,
for permissible stress calculations, or bearing pressures
QIA' for limit state calculations, of foundations The
most comprehensive ones, which take into account the
shape and depth of the foundation, and the inchnation
of the loading, the base of the foundation and the ground
surface have been derived by Brinch Hansen24 and
by Meyerhof.25 Both use the same basic equation (2 8),
but the shape, depth, inclination, and N7 factors are
computed in a different way The Bnnch Hansen factors
are widely used in Western European practice while
the Meyerhof method has been adopted generally in
North America The former factors give more conser-
vative values, and have been used in this book Bnnch
Hansen's factors for N and Nq conform very closely
to those denved from the equations in Appendix B of
EC 7 However, his values for N7 have been revised.
Those shown in Fig 27 have been taken from the
German foundation code DIN 4017, and are somewhat
higher than the original Bnnch Hansen values The depth
factors relating the ratio of the embedment depth to the
breadth of the foundation have been omitted from the
EC 7 equation Simpson and Dnscoll22 advise that they
are unreliable They suggest that the depth factor need
not be considered for shallow spread foundations be-
cause the factors are small for this case However, if
the depth factor is disregarded for moderately deep or
deep foundations such as shafts or piles, their omission

Bearing pressure

8

A\Settlement after
removal of load

q,

B
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Figure 2.7 Bearing capacity factors Nc, Nq, and N7 (after Bnnch
Hansen2 4)

from equation (2 8) will give highly conservative values
of ultimate limit state bearing capacity

The Bnnch Hansen factors for ground surface mchna-
tion have also been omitted from EC 7 and from equa-
tion (2 8) It is recommended that this problem should
be analysed from first principles The basic equation is

Q/A' or q = +poNqSqdqiqbq

where

+ (28)

= density of soil below foundation level,
B = width of foundation,

c = undrained cohesion of soil,
p0 = effective pressure of overburden soil at

foundation level,
N7, Nq, and N = bearing capacity factors,
Sr, 5q' and s = shape factors,
d7, dq, and d = depth factors,
i7 tq' and i, = load inclination factors,
b7, b, and b = base inclination factors

For calculating QIA', or RIA' in EC 7, the value of c
is the selected design value or the characteristic value
divided by the material factor Tm For calculating q0 for
the permissible stress method the selected design value
is used directly Values of for obtaining Nq and N7 are
obtained in the same way

The loading conditions, or spatial distribution of
actions, for the Bnnch Hansen equation are shown in
Fig 2.8 Values of the bearing capacity factors N, Nq,
and N7 and the shape factors s and s for centrally
applied vertical loading are shown in Figs 27 and 29,
respectively The shape factor 5q is calculated from the

Sq=Sc (29)

Inclined loading must be considered from two direc-
tions, i.e in the direction of the effectivebreadth B' and
the effective length L' of the foundation The dimen-
sions B' and L' represent the effective foundation area
for which the point of application of the load coincides
with the geometric centre of the area A method by
Meyerhof2 of determining the effective foundation
breadth and width is shown in Fig 2 10

Thus for loading in the direction of the breadth,

B'=B—2e, (210)

and for loading in the direction of the length,

L'=L—2e7 (210a)

The shape factors for inclined loading then become

Equivalent horizontal base''
B

Figure 2.8 Loading arrangements for Bnnch Hansen's general equation (2 8)

2'.
Ua0aU
000
aa

I0

equation

Ground level

hnoaterI a thanB)H---r B

Ground surface
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3cB 1 +O2ICBBIL, (211)

SCL = 1 ÷ 0 2iL'IB', (2 12)

Sqa = 1 + Sill d?lqsB'/L', (2 13)
= 1 + Sin (2 14)

S1B
= 1 — 0 478B'/L', (2 15)

SYL 1 —O41YLL'IB' (216)

The shape factors s and 5yL must not be less than 06
Approximate values which are sufficiently accurate

for most practical purposes, for the shape factor for
centrally apphed vertical loading and B less than L are
as follows:

Shape of base s, s s
Continuous strip
Rectangle
Square
Circle (B = diameter)

1 0
1÷02B/L
13
1 3

1 0
1+02B/L
12
1 2

1 0
1—O4BIL
08
06

Values of the depth factor d are shown in Fig 2 11
The final values for the base at a great depth (D = oo)
are shown to the nght of this figure. The depth factor dq
is obtained from the equation

LVL I

Figure 2.10 Transformation of eccentrically loaded foundation to equivalent rectangular area carrying uniformly distributed
vertical pressure

C.,

.5

41 08

02 04 06 08

Figure 2.9 Shape factors s and s7 (after Bnnch Hansen24)

Breadth/length, BIL

10

Eccentricity applies,, V
vertical load

; Inclined load

Point of application
of resultant vertical
force V

Pressure distribution
on equivalent base

V-
B'x L'

Centroid of
foundation Equivalent base of area A'

=B'x L'
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Figure 2.11 Depth factor d, (after Bnnch Hansen24)

dq=dc (217)

The depth factor d7 can be taken as umty in all cases
Also when 4> is zero dq is equal to unity. Where 4>is
greater than 25°, dq can be taken as equal to d A
smiphfied value of d and dq when 4> is less than 25° is
1 ÷ 0.35D/B The increase in bearing capacity provided
by the use of depth factors is conditional upon the soil
above foundation level being not significantly infenor
m shear strength characteristics to that below this level
Where soft or loose soil exists above foundation level
the depth factors should not be used

Values for the inclination factors :, and :., are
shown in Fig 2 12 in relation to4>, and the effective
foundation breadth and length B' and L' Simplified
values for H not greater than V tan 8 + cB'L' (where
6 and c are the coefficient of friction and cohesion,
respectively, between the base and the soil) are

=1—
H

, (2.18)C 2cB'L'

—1
15H 219 Figure2.121q •••' Hansen)

(220)

H/(V+ B'L'c cot 4)

0 02 04 06 08 10
HI(V+B'L'c cot $)

Inclination factors ç, I,, and 17 (afterBnnch

Equation (220) is applicable only for c =0 and 4>=
30°, but Bnnch Hansen states that it can be used for
other 4> angles Determination of the base inclination
factors is rather complex, methods of calculating them

are not given in EC 7, and the reader is referred to the
Bnnch Hansen 1968 paper24 for gwdance However,
provided the load is mainly normal to the foundation
surface, foundations having an inclined base can be
treated as having a horizontal base at the same level as
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the lowest edge of the foundation and bounded by ver-
tical planes through the other three edges (Fig 2 8)

In a soil where the angle of sheanng resistance is
zero the effect of ground inclination can be allowed for
by calculating the ultimate bearing capacity as for a
level ground surface then reducing it by an amount
equal to 2c (where f3 is m radians)

EC 7 requires the resistance to sliding to be checked
where the loading is not normal to the foundation base
For safety against failure by sliding on a honzontal base
BC 7 requires the following inequality to be satisfied

HdSd+E, (221)

where

11d = honzontal component of design load
including active earth force,

Sd = design shear resistance between the
foundation and the ground,

E = design resistance of the ground which can be
mobilized with the displacement appropnate
to the hnut state considered and which is
available throughout the life of the structure.

Similar requirements apply to foundations on sloping
bases

For drained conditions

= V tan öd

where

Checks by equations (223) and (224) can be dis-
regarded if soil suction prevents the formation of a gap
in areas where there is no positive bearing pressure

2.3.2 Foundations on sands and gravels

Sands and gravels are highly permeable such that pore
pressures induced in these soils by the applied load-
ing are dissipated rapidly Hence, for the calculation of
bearing capacity, drained conditions can be assumed
and the calculations are made in terms of effective
stresses The c' term in equation (2 8) is zero or very
low and can be omitted except perhaps for silty sands
which are sufficiently permeable to dissipate excess pore
pressures during the construction penod, and where
the cohesion is not lost because of relief of overburden
pressure by excavation or by disturbance from con-
struction operations.

The value of the effective angle of shearing resist-
ance, ', is required to obtain the factors Nq and N7 from
Fig. 2 7 Usually the ' values are obtained from stand-
ard penetration tests (SF1') or cone penetration tests
(CPT) as descnbed in Section 1 45 The relationship
between SPT and 4 establishedby Peck et at26 is used
for ordinary foundation design (see Fig 2 13) Values
of 'obtained from CP testing are more reliable because

V' = design effective load normal to the Very loose
foundation base,

= friction angle on the foundation base

EC 7 recommends a friction angle equal to 4' where
concrete is cast on the ground or 2/3l for smooth precast
concrete Any effective cohesion c' should be neglected

For undrained conditions

Sd A'c,
where A' is the effective base area.

In equation (221) E is mainly concerned with the
passive resistance of the soil against the side of the
base Yielding of soil is necessary to mobilize this
resistance The reference to the life of the structure
considers the possibility of trenching or reshaping the
ground alongside the foundation

Bending moments on a foundation causing a tend-
ency to tilt introduces the possibility of ground water
gaining access to a gap between the foundation base
and the soil Therefore EC 7 requires the following
condition to be checked

the soil does not undergo the same amount of disturb-
(222) ance dunng the test The relationship between CPT and

0
10

a

(223) 20
30

40

50

60
'C

r/2 70
28 30

flgure 2.13 Relationship between SiP N-values and angle of
5d < 0 4V, (2 24) shearing resistance (after Peck et al 26)

32 34 36 38 40

Angle of shearing resistance (degrees)

42 44
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FIgure 2.14 Relationship between angle of shearing resistance
and cone resistance for an uncemented, normally consolidated
quartz sand (after Durgunoglu and Mitchell27)

4)' established by Durgunoglu and Mitchell27 is shown
in Fig 2 14. Dynamic cone testing (DCPT) produces
about the same degree of soil disturbance and the DCPT
values can be converted to SPT values using the rela-
tionship shown m Fig 1 6, but generally there is little
published evidence of such correlations to justify using
DCPT tests in preference to the SPT or CPT

It was noted in Section 1 45 that 4)' values can be
obtained in the field using the self-boring pressuremeter,
but the results have been shown to be higher than those
given by SPTs or CPTs in the same soil deposit How-
ever, they appear to agree with 4)'-values obtained by
tnaxial testing and hence can be used with caution to
obtain the bearing capacity factors from Fig 27. The
pressuremeter values must not be converted back to
SPTs or CPTs for use in empirical relationships such as
that used to obtain the deformation modulus of a soil
(Section 265)

The pressuremeter can be used directly to calculate
ultimate bearing capacity by the semi-empirical method
as described in Section 24 1

When calculating the bearing pressure for the ulti-
mate limit state the values of c' obtained from triaxial
testing and 4)' from field tests should be factored (see
Table 22) or they are used directly for the permissible
stress method In either case judgement is required to
obtain design and characteristic values from the scatter
of test results usually obtained from field or laboratory
testing Some illustrations of the selection procedure
are given in the worked examples at the end of this
chapter.

In equation (2 8) the first term is zero or very low in
a sand or gravel, the second term can be high in a dense

soil with a high 4)'-value and the third term is low if B is
small, as is the case for strip foundations for low-nse
buildings Hence the level of the ground-water table
can be critical in determining a For example if the
ground-water level were to be assumed to be at founda-
tion level the value of the overburden pressure would
be the total pressure Then if the site were to be flooded
so that the ground-water level rose to ground level the
overburden pressure and consequently the ultimate bear-
ing capacity would be approximately halved It is for
this reason that EC 7 puts emphasis on the correct evalu-
ation of ground-water levels and the need to factor
the wbrst credible value to allow for uncertainties and
accidents

In most cases design bearing pressures for sands and
gravels are governed by the serviceability hmit state

At the preliminary design stage before a site investi-
gation report is available the 4)-values of Terzaghi and
Peck28 for dry sands, sandy gravels, and silts can be
used These are as follows

Round
gravis
unifonn (0)

Angular
grains well
graded (0)

Silty
sands
(0)

Sandy
gravels
(0)

Inorganic
silts (0)

Loose
Dense

27 5
34

33
45

27—33
30—34

35
50

27—30
30—35

Terzaghi and Peck state that the 4)-values for satur-
ated sands are likely to be one or two degrees below
the values given m the table, except in the case of very
silty sands where 4) maybe considerably lower for rapid
loading conditions such as in earthquakes or machinery
foundations, when 4) must be determined from shear
strength tests in the laboratory or from field loading
tests

It should be pointed out that the empirical relation-
ship between the SPT or CPT and the angle of shearing
resistance ignores the phenomenon of dilatancy in dense
granular soils whereby a peak angle occurs at a rela-
tively small shear strain followed by a lower ultimate
angle at long strain Dilatancy is of importance in the
design of earth-retaining structures It is discussed in
Section 5 7

2.3.3 Foundations on clays

Measurement of the apparent cohesion as given by the
development of negative pore pressures in an undrained
shear test on a clay or silt (fine soil) is accepted as the
basis for calculating ultimate bearing capacity for most

Cone resistance, q. (MN/rn2)
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normal cases of structural loading, where the load comes
on to the foundations relatively quickly, and the load-
mg is of short duration, e.g. in temporary works Only
in the case of very slow rates of loading, or with very
silty soils, can the effect of decrease in water content,
and hence increase in shear strength, be taken into ac-
count Gain in shear strength with very slow rates of
loading is allowed for when estunating the safe bearmg
pressures for high earth dams which are likely to take
several years to construct. The decrease in water con-
tent of the soil is, of course, accompanied by settle-
ment In the case of an earth dani, such settlement would
not be detrimental to the stability of the embankment
However, this procedure cannot be apphed to struc-
tures which are sensitive to appreciable settlement It
can be used for flexible structures such as steel storage
tanks constructed on silty clays The tanks can be filled
in small increments over long periods The resulting
settlement might dish or warp the steel plate floors with-
out causing fracture and loss of the contents

On the assumption that the angle of shearing resist-
ance of the soil is equal to zero, the second and third
terms in equation (2 8) are omitted The cohesion c is
determined from the results of 'immediate' undrained
triaxial compression tests at constant volume made on
soil samples from below foundation level within the
zone which is stressed sigmficantly by the foundation
loading Alternatively c,, can be obtained indirectly from
correlations with standard penetration test N-values
(Fig 1 5), from cone penetration tests as described
in Section 2 4 1, or from pressuremeter tests (Section
1 45) Because of the appreciable variations in strength
which usually occur in natural soil deposits, the selection
of a representative value of C for substitution in the
above equation is a matter requiring some experience
and judgement as discussed in Section 222 Where
soils are sufficiently permeable for sigmficant drainage
to take place during the period of application of load, or
where changes m the ground-water regime can cause
pressures or upward flow to develop beneath the foun-
dation, then the ultimate bearing capacity must be cal-
culated in terms of effective stress In these conditions
the apparent cohesion c' is substituted for C in equation
(2 8), and the values of N, Ng, and N7 are read off for
the effective angle of shearing resistance ' Values of
c' and t' are obtained from drained tnaxial compres-
sion tests (Section 111) It is important to note that the
effective overburden pressure a in equation (27) is
equal to the total overburden pressure minus the pore-
water pressure Where changes in the pore-water pres-
sure regime are expected during the service life of a
structure it is necessary to calculate the ultimate bear-
ing capacity both in terms of total and effective stress

In fact it is advisable to make both sets of calculations
for all cases of foundation loading, even for temporary
works

It should be noted that the bearing capacity factor
N for undrained shear conditions (4 =0) was based on
undrained shear tests made in a vertical direction on
samples in the laboratory It is sometimes the practice
to obtain the undrained shear strength of soft clays by
means of field vane tests (Section 1 4.5) These shear
the soil in a horizontal direction and Bjerrum's correc-
tion factors related to the plasticity index of the clay
(Fig 1 3) should be applied

The values of N shown in Fig 27 are for surface
foundations They will give rather conservative values
of ultimate bearing capacity for undrained ($ =0) con-
ditions where foundations are placed below ground level
and the depth factor is ignored as recommended by
Simpson and Driscoll 22 The following N factors have
been shown by long experience to be reliable to take
account of foundation depths where calculations are
being made by permissible stress methods

Type of foundation NjorD/B

Square pad
0
6 1

05
7 1

10
7 8

20
84

40
90

Strip 52 59 64 70 75

For rectangular foundations N becomes (084 +
0 16BIL)N Caution is necessary when adopting the
above factors for design based on the EC 7 procedure,
because the material factors in Table 2 1 have been
derived from correlation of field expenence with theor-
etical ultimate bearing capacities obtained from the
Bnnch Hansen equation.

Design bearing pressures for large raft foundations
on uniform clays are likely to be assessed from con-
siderations of the permissible total and differential
settlements rather than calculated by dividmg the cal-
culated ultimate bearing capacity by a nominal safety
factor However, there may be a considerable variation
in shear strength and compressibility of natural soil
deposits beneath a large raft foundation, particularly in
alluvial deposits where a stiff crust of variable thick-
ness may be overlying soft compressible layers of
varying extent both horizontally and vertically In such
conditions there is the possibility of failure of a founda-
tion due to overstressing and squeezing out of a wedge-
shaped layer of soft soil from one side of the loaded
area (Section 4 1 2)

Where the shear strength and compressibihty of the
soil varies over the foundation area, the shear strength
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R =+cd
'Yb 'Is

—depth relationship and the coefficient of volume corn-
pressibility (m)—depth relationship (Section 2 6 6)

2.3.5 Deep foundations

should be plotted at each borehole position and the
information displayed on a soil profile along one or
more cross-sections Inspection of the plotted data will
indicate whether or not the potential zones of over-
stressed soils are sufficiently large in extent to involve
a risk of failure by tilting if this is the case then the

For economical design of deep foundations, some
account must be taken of the contribution to bearing
capacity provided by skin friction mobilized between
the periphery of the foundation and the surrounding
ground. The general equation in limit state terms is

foundation should be taken below such zones to deeper
and stiffer soils If, however, the weaker soils are fairly (2 25a)

uniformly distributed over the area, or if they are con-
fined to a relatively small zone beneath the centre of where

the area, then the design bearing pressure can be calcu- RCd = design bearing resistance of the foundation,
lated from considerations of settlement A preliminary
value for the design bearing pressure should be adopted

Rbk = characteristic value of the resistance of the
soil or rock beneath the base,

based either on limit state or permissible stress methods
The immediate and consolidation settlements should be

RSk = charactenstic value of the friction mobilized
on the sides of the foundation,

calculated corresponding to the maximum, minimum,
and average compressibility of the soil layers as shown
by the various plottings of m versus depth using the
methods described in Section 266 If the differential

'Yb and y, = partial factors

The design vertical axial load V applied to the founda-
tion must be less than or equal to R

settlements or tilting are excessive then the foundation In permissible stress terms the equation is
should be taken down to deeper and less compressible
soil, or if the compressible soil layers are thin, in rela-

Q51, = qA +jA,, (2 25b)

tion to the zone of soil stressed by the raft, it may be where
possible to increase the plan area of the raft, so reduc-
ing the bearing pressure and hence the compression of
these layers The final stage of the settlement calcula-
tions should take into account the depth and rigidity of
the raft as descnbed later in this chapter

The firnte element method is useful for making a
parametric study of the effects of vanations of soil stiff-
ness both in magnitude and spatially (see Sections 28 3

Q = ultimate bearing capacity of the foundation,
q = unit ultimate bearing capacity of the soil or

rock beneath the base,
Ab = area of base,

= average unit ultimate skin friction mobilized
around the foundation shaft,

A5 = area of shaft in contact with the ground

and 2 84) Values of q, can be obtained from equation (2 8)
with due allowance being given to the effects of con-

2.3.4 Foundations on silts struction, such as loosening of the soil by a mechanical
grab or rotary auger The average or charactenstic unit

The engineering characteristics of silts are intermediate skin fnction depends to a great extent on the method
between those of sands and clays Calculations for ulti- of constructing the foundation If concrete is dumped
mate bearing capacity should be made separately for into an open excavation in clay the sides may swell and
undrained ( = 0) and drained (c', ') conditions and soften during the construction period, or if it is in the
judgement made on the value to be used for design For form of a pad and stem (Fig 2 1(c)) skin friction will
drained conditions the value of c'obtained from drained not be mobilized above the pad and there could be a
tnaxial tests should be used with caution If it is caused dragdown force on the stem from the settling backfill
by a weak cementing medium the cement can be broken Low skin friction is mobilized if the deep foundation is
down by relief of overburden pressure or by disturb- in the form of a caisson when the surrounding soil is
ance from construction operations, when c' may fall to grossly disturbed or friction is eliminated by the use of
zero bentonite to assist sinking

Soils descnbed in borehole records as 'silts' are some- Deep pier and pad foundations are discussed in more
times in the form of silty clays interbedded within layers detail in Chapter 4, and caissons in Chapter 6 Piles are
or laminae of fine sand In such cases the undrained a special form of deep foundation and the calculation
shear strength of the clayey layers will govern ultimate of bearing capacity is discussed in Chapter 7 and in
bearing capacity for normal structural foundations Chapter 7 of EC 7
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Figure 2.15 Failure of foundations on jointed rocks (a) Shear failure of unsupported rock columns (b) Wedge-type failure with
closed joints (horizontal or inclined) (c) Splitting and punching with strong layer over weak layer (d) Sliding on weak inclined
joint

It should be noted that different partial factors are
used in equation (2 25a) Partial safety factors are also
applied to the base and skin friction terms in equa-
tion (2 25b) to obtain the safe bearing capacity of the
foundation

2.3.6 Shallow foundations on rock

Where rocks are completely weathered to the consist-
ency of a sand, silt, or clay the bearing pressure for the
ultimate limit state or the ultimate bearing capacity can
be calculated analytically using the methods in Section
2 3 2—23 4 Failure of foundations bearing on bedded
and jointed unweathered or partly weathered rocks oc-
curs in modes different from that of soils (Fig 2 15)

It should not be assumed that safe bearing pressures
on rock are governed only from considerations of per-
missible settlement It is evident from Fig 2 15 that
critical conditions causing bearing capacity failure can

occur The following methods of calculating the ulti-
mate bearing capacity refer to foundations on level
ground with horizontal or subhonzontal bedding Stab-
ihty conditions for foundations on rock slopes or on
steeply bedded formations are described in detail by
Wyllie29

For the case of a rock mass with wide open Joints
(Fig 2 15a) the ultimate bearing capacity of the foun-
dation is given by the unconfined compression strength
of the intact rock which is measured as described in
Section 1 5 4 The ultimate bearing capacity of a long
strip foundation on a rock mass with closed Joints iS
given by the equation

qn=cNc+TNy+yDNq (226)

This is basically the same as equation (2 8), but the
three terms are usually arranged in a different order as
shown, and the factors N, N7, and Nq are different from

(a) (b)

(c)

joint plane

(d)
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Figure 2.16 Wedge bearing capacity factor for foundations on
rock

the Bnnch Hansen factors in Fig 2 8 The factors for
rocks shown in Fig 2 16 are appropnate to the wedge
failure conditions shown in Fig 2 15 They are related
to the friction angle, 4),of the jointed rock mass

The term cN should be multiplied by 1 25 or 1 2 for
square or circular pad foundations respectively Also
the term y(B/2)N7 should be multiplied by 08 and 07
respectively for the two types of foundation This term
is small compared with cN and is often neglected

In order to obtain c and 4) it is necessary to make
triaxial compression or shear box tests on large repres-
entative samples of the jointed rock The samples are
difficult to obtain and the tests are expensive For
ordinary foundation design it may be satisfactory to use
typical values of 4) such as those given by Wyllie29
from back-analyses of failures in rock slopes These are
given in Table 22

Kulhawy and Goodman21021' have shown that the
c and 4) parameters can be related to the RQD (rock
quality designation) of the rock mass and they have
suggested the following approximate relationships

RQD (%) Rock mass properties

q, c

0—70
70—100

0 33q,, 0 lq,, 30
033—0 8q,, 0 1q,, 30—60

Table 2.2 Typical friction angles () for clean fractures in rock
(after Wylhe29)

Rock type 4,-values (°)

Schists With high mica content
Shale
Marl

20—27

Sandstone
Siltstone
Chalk
Gneiss
Slate

27—34

Basalt
Granite
Limestone
Conglomerate

34—40

where q,, is the ultimate bearing capacity of the rock
mass and q,,.,, is the unconfined compression strength of
the intact rock

In limit state terms the charactenstic values of c and
4) are divided by the matenal factors Ym to obtain the
design values of q For an effective foundation area A',
the factored design ultimate axial load to be applied to
the foundation should not exceed q x A'

The additional load which can be applied to a pile
foundation by forming a socket in the rock will be dis-
cussed in Section 7 122 This method is also applicable
to deep shaft foundations in rock

2.4 Calculation of ultimate bearing capacity
by semi-empirical methods

2.4.1 Foundations on sands and gravels

The use of the CPT or SPT to obtain values of 4)and

hence Nq and N7 for substituting in equation (2 8) is
essentially part of the analytical method (Section 23 2)
The direct use of the CPT values to obtain the ultimate
bearing capacity of a foundation applies only to piles
(Section 74 1) Values of SPT are not used directly
either for spread or piled foundations

The results of pressuremeter tests can be used
directly EC 7 gives the equation

RIA' = q + kp',

where

(2 27)

R =design bearing resistance,
q = the design total overburden pressure at the

level of the foundation base,
k = the design bearing resistance factor with

numencal values in the range of 0 8—3 0

0 10 20 30 40 50 60 70

Friction angle$
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depending on the type of soil, the embedment
depth, and the shape of the foundation,

p = the design net eqwvalent limit pressure,
the net hnut pressure p is defined for a
pressuremeter test as the difference (Pi —Po)
between the limit pressure Pi and the at rest
honzontal earth pressure Po at the level of the
test, Po may be deternuned from an estimate
of the at rest earth pressure coefficient k0 and
from the values of the effective overburden
pressure q' and the pore water pressure u as
Po = k0q' + U

Values of k for use in conjunction with the Menard
pressuremeter are given by Baguelin eta!2

2.4.2 Foundations on clays

Standard penetration tests are not used directly to cal-
culate the ultimate bearing capacity of foundations on
clays The test results can be converted to undrained
shear strengths from Fig 1 4 and used to obtain the N
values from Fig 28

Cone penetration test results can be used to obtain
values from the equation

= —a

where

— = net cone resistance,

Nk = cone factor.

Meigh213 gives the following values of Nk for use
with the electrical resistance cone (Fig 1 7(c))

Type of clay N
Normally consolidated

Overconsohdated
(stiff, fissured, marine)

UK glacial

15—19 (higher values for
sensitive clays)

27—30
18—22

Where the mantle cone (Fig 1 7(a)) has been used
the Na-values in normally consolidated clays are from
17 5 to 21, but the ce-values obtained must be corrected
by the Bjerrum factors for the vane test (Fig. 1 3) to
give results corresponding to those obtained from plate
bearing tests

The Menard-type pressuremeter can be used directly
to obtain the ultimate bearing capacity of foundations
on clay from equation (227) using the appropriate k-
values for clay given by Baguelin et a!212

2.4.3 Foundations in weak rocks

The ultimate bearing capacity of weak rocks which
behave as clays can be determined from equation (2 8)
using ce-values obtained from SPT, CPT, or pressure-
meter relationships

Values from CPT can be used directly from equation
(2.28) using the cone factor appropnate to overcon-
solidated clays

Mair and Wood214 state that the pressuremeter can
be used only if the rock is weak enough for a signifi-
cant plastic zone to develop around the cell during ex-
pansion For a pressuremeter capable of being expanded
to 20 MN/rn2 the maximum c which can be reasonably
determined from the test is 7 MN/rn2 equivalent to an
unconfined compression strength of 14 MN/rn2 which
is in the moderately weak to moderately strong classi-
fication However, Mair and Wood point out that many
types of rock do not behave hke clays when sheared by
the pressuremeter, and the results cannot be used to
obtain ce-values

2.5 Estimation of allowable bearing pressures
by prescriptive methods

The presumed bearing values for rock stated in local or
national building regulations are usually based on long
experience of the behaviour of foundations on rocks
in the localities covered by the regulations. They are
usually conservative, but not always so Where, for ex-
ample, low bearing values are given, these may well be
due to local knowledge of such factors as deep weath-
enng or intensive fissuring of the formation The engin-
eer is often tempted to adopt a higher bearing value
after inspecting what appears to be sound strong rock
in trial pits However, when the foundation trenches are
subsequently excavated, the surface of the sound rock
may be found to be highly irregular, thus necessitating
deep excavation in pockets in a narrow trench to reach
a swtable stratum This delays the construction pro-
gramme, and there may also be protracted delays while
discussions are held to define what is the acceptable
bearing stratum compatible with the adopted bearing
pressure It is not unusual to find that the engineer who
made the mitial site investigation and recommendations
has an opinion on an acceptable bearing stratum which
is different from that of the engineer supervising the
construction on site.

It is nearly always cheaper to construct wide founda-
tions to a uniform and predetermined depth than to

(2 28) 2.5.1 Presumed bearing values for
foundations on rock
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Table 2.3 Presumed bearing values for horizontal foundations under veitical static loading, settlement of individual foundation not
to exceed 50 mm

(a) Strip foundations not exceeding 3 m wide, length not more than ten times width, beanng on surface of rock

Rock group Strength grade Discontinuity spacing
(mm)

Presumed allowable
bearing value (kN/m2)

Pure hmestones and Strong 60 to >1000 >12 500t
dolomites, carbonate Moderately strong >600 >10 000*
sandstones of low porosity 200—600 7500—10 000

60—200 3000—7500

Moderately weak 600 to >1000 >5000t
200—600 3000—5000
60—200 1000—3000

Weak >600 >1000?
200—600 750—1000

60—200 250—750

Very weak See note*

Igneous, oolitic, and marly Strong 200 to >1000 10000 to >12 500?
limestones, well.cemented 60—200 5000—10000

sandstones, indurated Moderately strong 600 to >1000 8000 to >10 000?
carbonate mudstones, 200—600 4000—8000

metamorphic rocks 60—200 1500—4000
(including slates and schists Moderately weak 600 to >1000 3000 to >50001
with flat cleavage/foliation) 200—600 1500—3000

60—200 500—1500
Weak 600 to >1000 750 to >1000?

<200 See note *
Very weak All See note *

Very marly limestones Strong 600 to >1000 10000 to >12 500t
poorly cemented sandstones, 200—600 5000—10 000
cemented mudstones and 60—200 2500—5000
shales, slates and scists with Moderately strong 600 to >1000 4000 to >6000?
steep cleavage/foliation 200—600 2000 to >4000

60—200 750—2000

Moderately weak 600 to >1000 2000 to >3000?
200—600 750—2000

60—200 250—750
Weak 600 to >1000 500-750

200—600 250—500
<200 See note *

Very weak All See note *

Uncemented mudstones and Strong 200—600 250—5000

shales 60—200 1250—2500

Moderately strong 200—600 1000—2000
60—200 1300—1000

Moderately weak 200-600 400-1000
60—200 125—400

Weak 200—600 150—250
60-200 See note *

Very weak All See note *

Notes Presumed bearing values for square foundations up to 3 m wide are approximately twice the above values, or equal to the
above values if settlements are to be hmited to 25 mm
t Bearing pressures must not exceed the unconfined compression strength of the rock if the joints are tight Where the joints are
open the bearing pressure must not exceed half the unconfined compression strength of the rock
* Bearing pressures for these weak or closely jointed rocks should be assessed after visual inspection, supplemented as necessary by
field or laboratory tests to determine their strength and compressibility
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(b) Strip or pad foundations not exceeding 3 m wide, length not more than 10 times width bearing on surface of Keuper Marl

Rock type Weathering classification Description Presumed bearing
value (kN/m2)

Keuper Marl I (unweathered)
H (lightly weathered)

ifi (moderately weathered)
lV(a) (highly weathered)

IV(b) (completely weathered)

Mudstone (often fissured)
Angular blocks of unweathered marl or mudstone
with virtually no matrix
Matrix with frequent lithorelicts up to 25 mm
Matrix with occasional claystone pellets less than
3 mm (usually coarse sand size)
Matrix only (m form of silty clay)

300—500
200—300

100—200
50—100

See note :1:

Notes Presumed bearing values for square foundations up to 3 m wide are approximately twice the above values
Presumed bearing values may be assessed visually on inspection or determined by field or laboratory tests assuming that the rock

has weathered to the consistency of a soil

excavate narrow trenches or pits to a depth which can-
not be forecast at the time of estimating the cost of the
work The values in Table 2 3 are based on the com-
pressibility of rocks and soils as determined by field
and laboratory tests The adoption of these values may
result in immediate and long-term settlements totalling
up to 50 mm in the case of an isolated foundation In
the case of foundations on Keuper Marl, presumed bear-
ing values have been related to the weathenng grades
of these rocks as shown in Table 2 3(b) The differ-
ential movement between adjacent foundations should
be considered. If this exceeds permissible limit for
structural damage (Section 262) a detailed settlement
analysis should be made following the procedure de-
scnbed in Section 26.

The values for rocks shown in Table 2 3(a) and
for Keuper Marl in Table 23(b) have been based on
relationships between the deformation modulus and
unconfined compression strength or weathenng grade
established by Hobbs2 All values assume

(a) That the site and adjoining sites are reasonably level,
(b) That the ground and strata are reasonably level,
(c) That there is no layer of higher compressibility

below the foundation stratum,
(d) That the site is protected from deterioration

Lord et alui6 recommend allowable bearing pressure
values (kN/m2) for the various chalk grades shown in
Table 1 5, as follows

Medium/high density chalk
Grade A 1000
Grades B and C 400-600
Grade Dc 400

Low density chalk
Grades A, B and C 250-450
Grade Dc 225

The lower values m the ranges shown should be adopted
unless it can be shown by tn-situ tests that a higher
apphed stress can be used. The allowable bearing pres-
sures are for vertical non-eccentric loading and should
result in a settlement equal to or less than 02 per cent
of the diameter of a circular plate For square, rect-
angular or strip foundations shape factors should be
applied as descnbed in Section 27

2.5.2 Presumed bearing values for foundations
on soils

Presumed bearing values for foundations on sands
and gravels are shown in Table 2.4 and are related to

Table 2.4 Foundations in sands and gravels at a minimum depth of 075 m below ground level

Description of soil N-value in SPT Presumed bearing value (kN/m2)for foundation
of width

Im 2m 4m

Very dense sands and gravels
Dense sands and gravels
Medium-dense sands and gravels
Loose sands and gravels

>50
30-50
10—30
5—10

800
500-800
150—500
50—150

600
400-600
100—400
50—100

500
300-500
100—300
30—100

Note The water table is assumed not to be above the base of foundation Presumed bearing values for pad foundations up to 3 m
wide are approximately twice the above values
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Table 2.5 Foundations on clays at a minimum depth of 1 m below ground level

Description Undrained shear strength (kN/m2) Presumed bearing value
(kN/m2)forfoundation of width

Im 2m 4m

Hard boulder clays, hard-fissured clays
(e g deeper London and Gault Clays)

Very stiff boulder clay, very stiff 'blue'
London Clay

Stiff-fissured clays (e g stiff 'blue' and brown
London Clay), stiff weathered boulder clay

Fmn normally consolidated clays (at depth),
fluvio-glacial and lake clays, uppper
weathered 'brown' London Clay

Soft normally consohdated alluvial clays
(e g marine, river and estuarme clays)

>300

150—300

75—150

40—75

20—40

800

400—800

200—400

100—200

50—100

600

300—500

150—250

75—100

25—50

400

150—250

75—125

50—75

Negligible

standard penetration test N-values They assume that
the ground-water level will not nse above foundation
level and that the long-term settlement should not exceed
50 mm for an isolated strip foundation The bearing
pressures shown m Table 24 have been calculated from
the Burland and Burbidge217 method described later in
this chapter and rounded up or down to take account of
the average and upper bound values An upper limiting
bearing pressure of 800 kN/m2 has been adopted

Presumed bearing values for foundations on clays
are shown in Table 2.5 They assume that the total
of the immediate and long-term settlements should
not exceed 50 mm They have been based on pub-
lished deformation modulus values of clays by routine
laboratory testing on samples obtained by geotechnical
category 2 methods (see Section 1 0) They are only
intended as a gwde and should be accepted as design
values only if confirmed by expenence of the settle-
ment behaviour of foundations on similar soil types

2.6 Settlement of foundations

2.6.1 Total and differential settlements

Settlement due to consohdation of the foundation soil
is usually the most important consideration in calculat-
ing the serviceability limit state or in assessing allow-
able beanng pressures where permissible stress methods
are used Even though sinking of foundations as a result
of shear failure of the soil has been safeguarded by
ultimate limit state calculations or by applying an arbit-
rary safety factor on the calculated ultimate bearing
capacity, it is still necessary to investigate the likelihood
of settlements before the allowable bearing pressures

can be fixed In the following pages consideration will
be given to the causes of settlement, the effects on the
structure of total and differential movements, methods
of estimatmg settlement, and the design of foundations
to eliminate settlement or to minimize its effects.

Where the serviceability limit state is calculated by
EC 7 recommendations, the partial factor y inTable 2 1
for actions is unity for unfavourable loads and zero for
favourable loads The matenal factor 'Ym is unity when
applied to determinations of the charactenstic deforma-
tion modulus or coefficient of compressibility

The settlement of a structural foundation consists of
three parts The 'immediate' settlement (p,) takes place
dunng application of the loading as a result of elastic
deformation of the soil without change m water con-
tent 'Consohdation' settlement (pa) takes place as a
result of volume reduction of the soil caused by extru-
sion of some of the pore water from the soil 'Creep' or
'secondary' settlement (pr,) occurs over a very long
period of years after completing the extrusion of excess
pore water It is caused by the viscous resistance of the
soil particles to adjustment under compression The
'final' settlement (pr) is the sum of p, and p if deep
excavation is required to reach foundation level, swell-
ing of the soil will take place as a result of removal
of the pressure of the overburden The magnitude of
the swelling depends on the depth of overburden re-
moved and the time the foundations remain unloaded
A diagram illustrating the various stages of swelling
and settlement is shown in Fig 2 17

hi the case of foundations on medium-dense to dense
sands and gravels, the 'immediate' and 'consolidation'
settlements are of a relatively small order A high pro-
portion of the total settlement is almost completed by
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Figure 2.17 Load-settlement—time relationship for a structure

the time the full loading comes on the foundations
Similarly, a high proportion of the settlement of foun-
dations on loose sands takes place as the load is ap-
plied, whereas settlements on compressible clays are
partly immediate and partly long-term movements The
latter is likely to account for the greater proportion of
the movement and may take place over a very long
period of years. Immediate settlement is defined in EC
7 as 'settlement without drainage for fully saturated
soil due to shear deformation at constant volume' A
reminder is given in EC 7 of the need to consider causes
of foundation settlement other than normal soil com-
pression and consolidation Some of these causes are
listed in Section 22 1

Settlement of foundations is not necessarily confined
to very large and heavy structures In soft and compress-
ible silts and clays, appreciable settlement can occur
under light loadings Settlement and cracking occurred
in two-storey houses founded on a soft silty clay in
Scotland The houses were of precast concrete block
construction and the foundation loading was probably
not more than about 3 2 kNIm run of wall In less than
3 years from the time of completion, differential settle-
ment and cracking of the blocks of houses were so
severe that a number of the houses had to be evacuated
One block showed a relative movement of 100 mm
along the wall.

The differential, or relative, settlement between one
part of a structure and another is of greater significance
to the stability of the superstructure than the magnitude
of the total settlement The latter is only sigmficant in
relation to neighbourmg works For example, a flood
wall to a flyer might be constructed to a crest level at a
prescribed height above maximum flood level Excess-
ive settlement of the wall over a long penod of years
might result in over-topping of the wall at flood periods

If the whole of the foundation area of a structure
settles to the same extent, there is no detrimental effect

on the superstructure If, however, there is relative move-
ment between various parts of the foundation, stresses
are set up in the structure Senous cracking, and even
collapse of the structure, may occur if the differential
movements are excessive

Differential settlement between parts of a structure
may occur as a result of the following.

(a) Variations in strata One part of a structure may
be founded on a compressible soil and the other
part on an incompressible material Such variations
are not uncommon, particularly in glacial deposits,
where lenses of clay may be found in predomi-
nantly sandy material or vice versa In areas of
irregular bedrock surface, parts of a structure may
be founded on shallow rock and others on soil or
compressible weathered rock Wind-laid or water-
laid deposits of sands and gravels can vary widely
m density in a vertical and horizontal direction

(b) Variations in foundation loading For example,
in a building consisting of a high central tower
with low projecting wings, differential settlement
between the tower and wings would be expected
unless special methods of foundation design were
introduced to prevent it Similarly a factory build-
ing might have a light superstructure surrounding a
very heavy item of machinery

(c) Large loaded areas on flexible foundations The
settlement of large flexible raft foundations, or large
loaded areas comprising the independent founda-
tions of a number of columns, when constructed
directly on a compressible soil, takes a characteristic
bowl shape with the maximum settlement at the
centre of the area and the minimum at the corners
The maxunum differential settlement is usually
about one-half of the total settlement However, m
the case of a structure consisting of a large num-
ber of close-spaced equally loaded columns, even
though the maximum differential settlement be-
tween the centre and corners may be large, the rela-
tive settlement between columns may be only a
fraction of the maximum An example of the form
of settlement of a large loaded area is shown in
Fig 2 18(a). Where the large loaded area is founded
on a relatively incompressible stratum (e.g dense
gravel) overlying compressible soil (Fig 2.18(b)),
settlement of the structure will occur due to con-
solidation of the latter layer, but it will not take the
form of the bowl-shaped depression The effect of
the dense layer, if thick enough, is to form a ngid raft
which will largely eliminate differential settlement

(d) Differences in time of construction of adjacent parts
of a structure This problem occurs when extensions

+
0a0 flme
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Dense gravel

essible !!:i:::iii:i

(a)

Differential settlement

(b)

Figure 2.18 Shape of settlement of large flexible loaded areas (a) Raft on umform compressible soil (b) Raft on dense
incompressible stratum overlying compressible soil

to a structure are built many years after completion
of the ongmal structure Long-term consolidation
settlements of the latter may be virtually complete,
but the new structure (if of the same foundation
loading as the onginal) will eventually settle an
equal amount Special provisions in the form of
vertical joints are needed to prevent distortion and
cracking between the old and new structures

(e) Variation in site conditions One part of a building
area may have been occupied by a heavy struc-
ture which had been demolished, or on a sloping
site it may be necessary to remove a considerable
thickness of overburden to form a level site These
variations result in different stress conditions both
before and after loading with consequent differen-
tial settlement or swelhng

2.0.2 The deformation of structures and
their supporting foundations

In a comprehensive review of the behaviour of struc-
tures and their foundations, Burland et a!.2 stated
that certain basic cntena must be satisfied when con-
sidenng the limiting movements of a structure. These
are

(a) Visual appearance
(b) Serviceability or function
(c) Stability

In discussing these criteria in relation to limiting
movements, it is necessary to define settlements and dis-
tortions in accordance with the accepted nomenclature
shown in Fig 2.19

Considering first the visual appearance, a tilt or
rotation greater than 1 in 250 is likely to be noticed
in buildings A local rotation of horizontal members
exceedmg 1 in 100 or a deflexion ratio greater than 1
m 250 is likely to be clearly visible Cracking of load-
bearing walls or of claddings to framed buildings is

detrimental to their appearance Crack widths of more
than 3—5 mm at eye level are unsightly and require
remedial treatment.

Cracking of structures affects their serviceability or
function in that it can result in loss of weathertightness,
fire-resistance, and thermal and sound insulation values
Total settlement may be critical to serviceability in rela-
tion to connections to external drains or other pipework,
while deformations can affect the proper functiomng
of installations such as overhead cranes and precision
machinery

Relative deflexions and relative rotations may be
cntical to the stability of structures since these may
cause excessive bending stresses in members Excessive
tilting may lead to the complete collapse of a structure

The degree of damage caused by settlement is to
some extent dependent on the sequence and time of
construction operations For example, in the case of a
tall building founded on a deep basement in clay, the
base of the excavation will initially heave to a convex
shape As the superstructure is erected, floor by floor,
the foundation soil will consolidate and will eventually
deform to a concave (bowl) shape, thus resulting in a

complete reversal of curvature of the basement and
lowermost storeys The structural frame of multi-storey
dwelling or office blocks represents the major propor-
tion of the total dead load Thus the greater proportion
of the settlement of the building will have taken place
by the time the frame is completed Then claddings or
fimshes constructed at a later stage will add to the stiff-
ness of the structure and will suffer much less distor-
tion than that which has already taken place in the
structural frame On the other hand the contents of a
grain silo can weigh much more than their containing
structure when the major proportion of the settlement
does not take place until the compartments are filled for
the first time.

Empirical criteria have been established for limit-
ing the movement of structures in order to prevent or
minnmze cracking or other forms of structure damage

-1

Bowl shape7
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Figure 2.19 Definitions of differential settlement and distortion for framed and load-bearing wall structures
(after Burland and Wmth2 )

Table 2.6 Limiting values for distortion of framed buildings
and reinforced load-bearing walls

Type of damage Limiting values for relative rotation
(angular distortion)

Skempton and
MacDonald22°

Meyerhof22'

Structural damage
Cracking in walls

and partitions

1/150

1/300 (but 1/500
recommended)

1/250

1/500

Note The hmiting values for framed buildings are for structural
members of average dimensions Values may be much less for
exceptionally large and stiff beams or columns for which the
hinting values of relative rotation should be obtained from
structural analysis

Some criteria are shown in Tables 26 and 2.7 The
criteria of Skempton and Macdonald2 20 conform to the
recommendations for acceptable limits in Clause 24.6
(7) of EC 7 Clause 246(4) requires the hmiting values
to be agreed with the designer of the supported structure

It will be noted from the tables that the critical factor
for framed buildings and reinforced load-bearing walls

Table 2.7 Limiting values of the deflection ratio for
unreinforced load-bearing walls

Type of damage Limiting values of deflection ratio
(4/L)

Meyerhof22' Burland and Wroth2t9

Cracking by sagging

Cracking by hogging

04 x iO

—

At L/H = 1 04 x l0
AtL/H=5 08x l0-
At L/H = 1 02 x l0-
AtL/H=5 04x103

is the relative rotation (or angular distortion), whereas
the defiexion ratio is the criterion for unremforced load-
bearing walls which fail by sagging or hogging as shown
in Fig 2 19 In this respect the length to height ratio of
the wall is sigmficant, the larger the LIII ratio the higher
the limiting value of tilL It will also be seen that crack-
ing by hogging occurs at deflexion ratios one-half of
those which are critical for sagging movement

The Building Research Establishment has classi-
fied the degree of cracking which can be regarded
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Table 2.8 Classification of visible damage to walls with particular reference to ease of repair of plaster and bnckwork or masomy
(after Tomlinson eta! 222)

Category
of damage

Degree of
damage

Description of typical damaget
(ease of repair is underlined)

Approximate crack
width4 (mm)

Hairline cracks of less than about 01 mm width are classed as negligible t'O 1

1 Very slight Fine cracks which can easily be treated during normal decoration
Perhaps isolated slight fractunng in building Cracks rarely visible in
external bnckwork

' 1 0

2 Slight Cracks easily filled Redecoration probably required Recurrent cracks can
be masked by suitable linings Cracks not necessarily visible externally,
some external repointing may be required to ensure weathertighiness
Doors and windows may stick slightly

l'5 0

3 Moderate The cracks require some opening up and can be patched by a mason
Repointing of external brickwork and possibly a small amount of brickwork
to be replaced Doors and windows sticking Service pipes may fracture
Weathertightness often impaired

5—15 (or a number
of cracks 3 0)

4 Severe Extensive repair work involving breaking-out and replacing sections of
walls, especially over doors and windows Window and door frames
distorted, floor sloping noticeably § Walls leaningl or bulging noticeably,
some loss of bearing in beams Service pipes disrupted

15—25 but also
depends on
number of cracks

5 Very severe This requires a major repair job involving partial or complete rebuilding
Beams lose bearings, walls lean badly and require shoring Windows
broken with distortion Danger of instability

Usually >25 but
depends on
number of cracks

t It must be emphasized that in assessing the degree of damage account must be taken of the location in the building or structure
where it occurs, and also of the function of the bwlding or structure
1 Crack width is one factor in assessing degree of damage and should not be used on its own as direct measure of it
§ Local deviations of slope, from the horizontal or vertical, of more than 1/100 will normally be clearly visible Overall deviations
in excess of 1/150 are undesirable

A I L2HG—=Il+— — —,
L dmaxL 18 1 E

y = depth of neutral axis,
I = moment of intertia,
G = shear modulus,
E = Young's modulus

where

(2 30)
as acceptable or which requires various forms of re-
medial work as shown m Table 2 8. This table has been
cnticized by building owners and their technical advisers
in that it underrates the senousness of damage The
pnncipal factor to be considered when assessmg dam-
age is the nsk of future increase in crack widths For
example a 5 mm crack width can reasonably be classed
as shght if there is no risk of future widemng.

It is possible to examine the effects of distortion on
the individual components of structures by considenng
the concept of a lumting tensile strain (k,)which can
be withstood by the material of the component before
cracking takes place Burland and Wroth2 i9 defined the
defiexion ratio (AlL) in terms of the maximum strain on
a centrally loaded beam of unit thickness and their equa-
tions were later modified as follows- for maximum fibre
strain

When = ., equations (229) and (2 30) define
the luniting values of AlL for cracking of simple beams
in bending and shear

The relationships of AlL i,m and L/H for simple
rectangular beams of various EIG ratios are shown in
Fig 220 These curves show that even for simple beams
the hmiting deflexion ratios causing cracking can vary
over wide limits depending on their stiffness From a

A LI 18 I E—= —11+— — —,L bIi2YL L2 H G
for maximum diagonal strain

survey of case histories of cracking of buildings, Burland

(229) and Wroth2 i9 established ranges of iim bet%Vecn 005
and 0 1 per cent for bnckwork and blockwork set in
cement mortar and between 0.03 and 005 per cent for
reinforced concrete
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BIG =2 5 n a at middle, diagonal strain critical

EIG=05,na atbottom,hoggmg

0 1 2 3 4 5 6
L/H

BIG =2 5 n a at middle, bending strain critical

Figure 2.20 Limit of deflection ratio for cracking in load-bearing wall or rectangular panel (after Burland et a12)

2.6.3 Methods of avoiding or accommodating
excessive differential settlement

Differential settlement need not be considered only
in the case of structures founded on relatively mcom-
pressible bedrock Where structures are sited on weak
weathered rocks or on soils an estimate must be made
of the total and differential settlements to decide whether
the movements are likely to be tolerated by the design
of the structure, or whether they are sufficiently large
as to require special measures to avoid or accommo-
date them General guidance on the approach to this
study is given an a report by the Institution of Structural
Engineers223

It is unrealistic to design foundations to prevent all
cracking due to differential settlement In most build-
ings with mternal plaster finish cracking can be seen m
walls and ceihngs due to thermal and moisture move-
ments in the structure, therefore a certain degree of
readily repairable cracking due to differential settle-
ment should be accepted (see Table 2.8)

In the case of simple structures on relatively umfonn
compressible soils the nsks of damage due to settlement
can be assessed with the guidance of empirical rules
based on experience For foundations on sands,Terzaghi
and Peck28 suggested that the differential settlement is
unlikely to exceed 75 per cent of the maximum move-
ment, and since most ordinary structures can withstand
20 mm of settlement between adjacent columns a limit-
mg maximum settlement of 25 mm was postulated
For raft foundations the limiting maximum settlement
was increased to 50 mm. From a study of movements
of 11 buildings, Skempton and MacDonald22° concluded
that for a limiting angle of distortion () of 1 in 500
the limiting maximum differential settlement is about
25 mm, the limiting total settlement is 40mm for iso-
lated foundations, and 40—65 mm for raft foundations
Studies have shown that buildings on sands rarely settle
by more than 50 mm and in the majority of cases the
settlement is of the order of 25 mm or less 224 These
rules should not be applied to sands containing silt or
clay which greatly increases their compressibility

For foundations on clays, Skempton and
MacDonald22° similarly prescribed a design limit for
maximum differential settlement of 40 mm, with de-
sign limits for total settlement of 65 mm for isolated
foundations and 65—100 mm for rafts

If as a result of applying the above empirical rules,
or of undertalung a settlement analysis of the struc-
ture based on the assumption of complete flexibility
in the foundations and superstructure, it is shown that
the total and differential settlements exceed the ser-
viceability limit state, then the engineer has the choice
either of avoiding settlement or of accommodating the
movement by the appropnate measures in the structural
design

If the structures themselves have insufficient rigid-
ity to prevent excessive differential movement with
ordinary spread foundations, one or a combination
of the following methods may be adopted in order to
reduce the total and differential settlements to a toler-
able figure.

(a) Provision of a rigid raft foundation either with
a thick slab or with deep beams in two or three
directions,

(b) Provision of deep basements to reduce the net bear-
ing pressure on the soil,

(c) Transference of foundation loading to deeper and
less compressible soil by means of basements, piers,
or piles;

(d) Provision of jacking pockets, or brackets, in col-
umns to relevel the superstructure,

(e) Provision of additional loading on lightly loaded
areas in the form of kentledge or embanlunents

As well as reducing maximum settlements due to
relief of overburden pressure an excavating for deep
basements, method (b) is useful in preventing excess-
ive differential settlement between parts of a structure
having different foundation loads Thus the deepest base-
ments can be provided under the heaviest parts of the
structure with shallower or no basements in the areas of
lighter loading
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Figure 2.21 Foundation arrangement of Latino-Amencana
Tower, Mexico City (after Zeevaeit2n)

An outstanding example of a combination of
methods (b) and (c) is given by the foundations of the
40-storey Latino-Amencana building in Mexico City
(Fig 2 21(a))2n A 13 m deep basement was constructed
to reduce the net bearing pressure on the piled raft The
piles were driven to a depth of 34 m below street level
to reach a 5 m thick stratum of sand followed by firm to
stiff clays and sands The settlement observations for
this building (Fig 222)) illustrate the high compress-
ibility of the deep volcanic clay layers in Mexico City
These deposits are settling under their own weight as
shown by the surface settlement relative to the deep
benchmark

An important point to note in connection with the
excavations of deep basements m clay soils is that swell-
ing will occur to a greater or lesser degree on release of
overburden pressure This causes additional settlement
as the swelled ground reconsohdates during the applica-
tion of the structural load

May2 observed the heave of a basement on a site in
London where the substructure did not carry any super-
imposed loadmg over the 5-year period of observation
The 11 m deep excavation was taken down through fill,
sand, and sandy gravel alluvium close to the surface of
the London Clay A heave of 60 mm was observed at
the centre of the basement after 5 years had elapsed
from the date of completion Movement was still con-
tinuing and it was estimated that the final heave would
be 100 mm including an upward movement of 27 mm
during the period of construction of the basement The
observed heave corresponded to a coefficient of vol-
ume mcrease (m') of 0.035 m2/MN

The effects of such swelling are eliminated by the
adoption of piled basements as discussed in Section 5 5

Figure 2.22 Settlement observations at Latino-Amencana
Tower

2.6.4 Pressure distribution beneath foundations

The first consideration in calculating the magmtude of
settlements is the distribution of pressure beneath the
loaded area This depends on the rigidity of the founda-
tion structure and the nature of the soil The variation
of contact pressure beneath a smooth rigid founda-
tion on a clay (or a soil containing thick layers of soft
clay) is shown in Fig 223(a) A similar foundation
on sand or gravel shows a very different contact pres-
sure distribution as in Fig 223(b), and the distribution
for intermediate soil types takes the form shown m
Fig 223(c). When the bearing pressures are mcreased to
the point of shear failure m the soil, the contact pres-
sure is changed, tending to an increase in pressure over
the centre of the loaded area ineachof the above cases

A fully flexible foundation, such as the steel plate
floor of an oil storage tank, assumes the characteristic
bowl shape as it deforms with the consolidation of the
underlying soil. The contact pressure distribution for a
fully flexible foundation on a clay soil takes the form
shown in Fig 2 23(d).

Smooth ngid foundations

"N'
'

(a) (b) (c) (d)

Figure 2.23 Contact pressure distribution beneath foundations
(a) Clay (b)Sand and gravel (c) Intermediate soil type
(d) Fully flexible foundation on clay
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In the calculation of consolidation settlement we are
concerned with the pressure distnbution for a contact
pressure which has a reasonable safety factor against
shear failure of the soil Also, it is impracticable to
obtain complete rigidity in a normal foundation struc-
ture Consequently the contact pressure distribution is
intermediate between that of ngid and flexible founda-
tions, and for all practicable purposes it is regarded as
satisfactory to assume a uniform pressure distribution
beneath the loaded area

The next step is to consider the vertical stress dis-
tribution in depth beneath the loaded area. In the case
of a concentrated load on the surface of the ground, the
vertical stress (ox) at any pomt N beneath the load is
given by Boussinesq's equation

a =—--1 1
1, (231)

2nz2 L(' + (r/z)2)fj
where

Q= concentrated vertical load,
z = vertical distance between N and the underside

of the foundation structure,
r = horizontal distance from N to the lme of

action of the load

Boussinesq's equation is based on the assumption
that the loaded matenal is elastic, homogeneous, and
isotropic None of this is strictly true for natural soils,
but the assumptions are justifiable for practical design
Influence factors for calculating a for various ratios
of the diameter of a circular foundation and z have
been calculated by Jurgenson227 and are reproduced m
Table 29

In the case of rigid foundations, only the mean stress
need be determined for settlement calculations The

Table 2.9 Influence factors for vertical pressure (a) under
centre of uniformly loaded flexible circular area of diameter D

coefficients for rectangular areas ranging from square
to strip foundations for various depths below founda-
tion level are shown in Fig. 2 24

Using any of the above methods for determining stress
distribution, EC 7 requires that the depth over which
compression of the soil layers should be considered
should be taken as the depth at which the effective
vertical stress due to the foundation load decreases to
20 per cent of the effective overburden stress However,
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7
Influence
factor

D
7

Influence
factor

D
7

Influence
factor

000 00000 200 06465 400 09106
020 00148 220 06956 600 09684
040 00571 240 07376 800 09857
060 01213 260 07733 1000 09925
080 01966 280 08036 1200 09956

100 02845 300 08293 1400 09972
1 20 03695 320 08511 1600 09981
1 40 04502 340 08697 2000 0 9990

1 60 05239 3 60 08855 4000 0 9999

180 05893 380 08990 20000 10000

Note a, = influence factor x contact pressure (q)

Figure 2.24 Calculation of mean vertical stress (a,) at depth z
beneath a ngid rectangular area a x b on surface, loaded at
uniform pressure q
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Table 2.10 Influence values (Jo) for vertical normal stress a at pomt N beneath corner of a uniformly loaded rectangular area

Bk Liz
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01
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014607
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018357
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015550
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018469
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020341
020417
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023495
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009018
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013745
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015622
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Simpson and Driscoll22 point out that the assumption
that a 20 per cent stress increase is negligible is not
valid for very soft soils

In the case of rectangular flexible foundations
(thin plates, flexible rafts, or close-spaced pad or strip
foundations), the stress is deternuned by Newmark's
method.228 The factors for determining the vertical stress
at a corner of a rectangle have been tabulated by
Newmark (Table 2 10) To obtain the vertical stress at
the centre of the loaded area, the area is divided into
four equal rectangles. By the principle of superposi-
tion, the vertical stress at the centre of the loaded area
is equal to four times the stress at any one corner The
procedure for obtaining the pressure distribution by
Newmark's method beneath irregular loaded areas has
been described by Terzaghi and

In the case of inclined loading, the loaded area is
transformed into an equivalent rectangular area of di-
mensions B' x L', carrying a uniform bearing pressure,
using the method shown in Fig 2 10

2.6.5 Estimation of settlements of foundations
on sands and gravels

As already noted, settlements of foundations on sands,
gravels, and granular fill matenals, take place almost
immediately as the foundation loading is imposed on
them Because of the difficulty of sampling these soils,
there is no practicable laboratory test procedure for

determining their consolidation characteristics From a
review of a number of case records of the settlement
of structures founded on these soils, Sutherland2 con-
cluded that there is no rehable method for extrapolating
the settlement of a standard plate to the settlement of
an actual foundation at the same location Consequently
settlements of foundations on sands and gravels are
estimated by semi-empirical methods based on SPT or
CPT values or on the results of pressuremeter tests

Estimation of settlements from standard pen-
etration tests Schultze and Shenf23° established an
empirical relationship between the SPT N-values,
foundation dimensions, and embedment depth to obtain
the short-term settlement of foundations on sands This
relationship is shown as an equation with graphical
values of the coefficient of settlement in Fig 2 25 It
was established from a correlation of N-values with the
observed settlements of structures It should be noted
that the depth of influence over which the average
N-value is taken was assumed by Schultze and Shenf
to be twice the foundation width.

Burland and Burbidge2t7 established another em-
pirical relationship based on the standard penetration
test from which the settlements of foundations on sands
and gravels can be calculated from the equation

Settlement = p =j f1 j[ (q — . p)
x B°7 x 4] in millimetres, (232)

Reduction factors for djB <2

Figure 2.25 Determining foundation settlements from results of standard penetration tests (after Schultze and Shenf230)
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where

1. = shape factor given by equation (2 33),
f1 = correction factor for the depth of the sand or

gravel layer from equation (2 34),
= time factor from equation (2 35),
= average net applied pressure in kNIm2,
= maximum previous effective overburden

pressure in kN/m2,
B = foundation depth in metres,
4 = compressibility index

Here I is related to the SPT N-value as shown in
Fig 226. The average N-value is taken over the depth
of influence z1, which is obtained from Fig 2.27 The
probable linuts of accuracy of equation (2 32) can
be assessed from the upper and lower limits of 4 in
Fig 2 26 It may be necessary to take these limits
into account where total and differential settlement are
a cntical factor in foundation design The term p is
introduced by Burland to allow for the effects of previ-

\\\
Lowerlurnt \\\

B10

0-I
x

I

01

\\\\\
B (metres)

Compressibility grades

HI;
\

lVm 11 I

1 100
Standard penetration test N-value

(blows/300 mm)

Figure 2.26 Values of the compressibility mdcx for sands and
gravels (after Burland and Burbidge2 17)

Figure 2.27 Relationship between breadth of loaded area and
depth of influence z1 (after Burland and Burbidge2 I?)

ous over-consolidation of the soil or for loading at the
base of an excavation for which the maximum previous
overburden pressure was p For shallow foundations
on a normally consolidated sand the term within the
squared brackets in equation (2 32) becomes

(q x B°7 x 4)

The shape factor is given by the equation

= ( 1 25L/B
(2 33)

025)
Where the depth of influence of the applied pressure z1
is greater than the depth of the sand or gravel (H) the
correction factorf1 is given by the equation

fI=-=12—fl (234)
p, z1 z1)

Values of z1 can be obtained from Fig 227
Burland recogmzes that the settlements on sands and

gravels can be time dependent His time factor is given
by the equation

f=(1+Ri+Rlog) (235)

where

t 3years,
R = creep ratio expressed as a proportion of the

immediate settlement (p,) that takes place per
log cycle of time,
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= time-dependent settlement expressed as a
proportion of the immediate settlement (p,)
that takes place during the first 3 years after
construction

Burland gives conservative values of R and R3 as 02
and 03 respectively for static loading, and 08 and 07
respectively for fluctuating loads.

It is important to note that no corrections are made to
the N-values to allow for the effective overburden pres-
sure, i e. for the level of the ground water. It is accepted
that this is reflected in the N-values measured in situ
However, the Terzaglu and Peck correction for a fine
or silty sand where N-values are greater than 15 should
be applied, i.e. when the SPT value exceeds 15 it should
be assumed that the density of the soil is equal to that of
a sand having an N-value of 15± '/2(N — 15) In gravels
or sandy gravels the N-values should be increased by a
factor of 1 25 Where the results of static cone tests are
available they can be converted to N-values by refer-
ence to Fig 1 8

Where the plot of N-values increases linearly with
depth, which is the case for most normally consolidated
sands, the Burland and Burbidge methods tend to give
higher settlements for loose soils with N-values less
than 10 compared with those obtained from the Schultze
and Shenf equation (Fig 225) This is because the
former method is biased towards the N-value at a shal-
low depth below the foundation Conversely, Burland
and Burbidge give smaller settlements for N-values in
excess of about 30

The upper limit in Fig. 226 is likely to give over-
large settlements for wide foundations on loose sands
Burland and Burbidge stated that there were very few
cases recorded where buildings on sand have settled
more than 75 mm.

Estimation of settlements from static cone penetra-
tion tests The Schmertmann et a123' equation for
calculating the settlement of foundations on cohesion-
less soils is

p = c1CAPkAz, (2 36)

where

C1 = depth correction factor (see below),
C2 = creep factor (see below),

= net increase of load on soil at foundation
level due to applied loading,

B = width of loaded area,
4 = vertical strain influence factor (Fig. 2 28),

= a secant modulus,
= thickness of soil layer

The depth correction factor is given by

(237)

where a = effective overburden pressure at founda-
tion level.

Schmertmann states that although settlements on
cohesionless soils are regarded as immediate, observa-
tions frequently show long-term creep, calculated by
the factor

c2=i+o2log10(tieç) (238)

The vertical strain influence factor is obtained from
one of the two curves shown in Fig. 228. For square
foundations (axisymmeiric loading) the curve for L/B =
1 should be used For long strip foundations (the plane
strain case), where the length is more than 10 tunes
the breadth, use the curve for LIB > 10 Values for
rectangular foundations for LIB C 10 can be obtained
by interpolation.

The secant modulus for square and long strip foun-
dations is obtained by multiplying the static cone re-
sistance by a factor of 2 5 and 3 5 respectively

Where SPTs only are available the static cone resist-
ance q,, (in kg/cm2) can be obtained by multiplymg the
Sfl N-values (in blowsl300 mm) by an empirical factor
for which Schmertmann suggests the followmg values

Silts, sandy silts, and slightly cohesive
silty sands

Clean fine to medium sands, slightly
silty sands N= 35

Coarse sands and sands with a little gravel N = 5

Sandy gravel and gravels N =6

The cone resistance diagram is divided into layers of
approximately equal or representative values of q, (see
Example 24) and the strain influence factor diagram is
placed alongside this diagram beneath the foundation
which is drawn to the same scale The settlements in
each layer resulting from the loading A1, are then calcu-
lated using the values of E, and 4appropnate to each
layer. The sum of the settlements in each layer is then
corrected for the depth factor and creep factor using
equations (2 37) and (2 38)

It should be noted that the values for the secant modu-

lusE5inFig 228as25qand35qforsquareandstrip
foundations respectively assume, rather crudely, that E,
is constant irrespective of the vertical stress imposed
by the foundation This is not the case in practice Fig-
ure 2 29 shows a typical stress—strain curve as obtained

N=2
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Figure 2.28 Vertical strain mfluence factor diagrams (after Schmertmann eta! 231)
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Figure 2.29 Determination of secant modulus from stress—strain curve obtained from plate bearing tests
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from a plate loading test. The E-value is constant only
over the initial low strain portion of the curve This
value is referred to as the imtial tangent modulus or
Young's modulus Hence, when attempting accuracy in
settlement calculations, the stress level for the particu-
lar E-value adopted should be defined as a percentage
of the stress at a strain corresponding to failure This is
illustrated in Fig 230, which relates the secant modu-
lus to the CPT cone resistance for stress levels of 25
and 50 per cent of the failure stress It will be seen that
the values of 25—3 5q suggested by Schmertmann
correspond to a stress level of about 25 per cent of the
failure stress.

The curves in Fig 2.30 are for uncemented norm-
ally consolidated quartz sands Over-consohdated sands
have higher modulus values for a given cone resistance
as shown in Fig 2 31 Cemented sands are likely to
have a high imtial modulus, but breakdown of the inter-
particle bonds with increasing stress will cause drastic
lowenng leading to collapse settlement
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Figure 230 Drained secant modulus values for uncemented normally consolidated quartz sands in relation to cone resistance
(after Robertson et a!23' and Baldi eta!2 ')
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Figure 231 Initial tangent constrained modulus for normally
and overconsolidated sands related to cone resistance (after
Lunne and Chnstoffersen2 32)
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Values of the initial tangent modulus have been pro-
posed by Lunne and Christoffersen232 on the basis of a
comprehensive review of field and laboratory tests as
follows For normally consolidated sands

E = 4q(MN/m2) for q, < 10 MN/rn2,
E = (2q + 20) MN/rn2 for 10 MN/rn2 <q.

<50 MN/rn2,
E = 120 MN/rn2 for q > 50 MN/rn2

For over-consolidated sands with an over-consolidation
ratio >2.

E = 5q for q <50 MN/rn2,
E = 250 MN/rn2 for q> 50MN/rn2

The deformation modulus applicable for a stress in-
crease of &,, above the effective overburden pressure

is given by the equation

Ed=E /Po+(Ltp/2)
11 a0

Estimation of settlements from pressuremeter
tests The self-bonng pressuremeter, which causes the
minimum disturbance, is a useful method of obtaining
the shear modulus G of a sand This is converted to the
drained deformation modulus E' from the relationship

E'=2G(1 i'),
where .t' is the Poisson's ratio for undrained conditions
(typically 0 15 for coarse-grained soils and 025 for
fine-grained soils)

The shear modulus is obtained from the load—unload
loop of the pressure—volume curve at the strain level
corresponding to the design stress conditions, as dis-
cussed for the derivation of E-values from the static
cone resistance The E-value is then used in conjunc-
tion with equations (241) or (242)

2.6.6 Estimation of settlements on clay soils

Very comprehensive and practical guidance on the sub-
ject of settlement of structures on clay soils is given in
a publication by the Construction Industry Research
and Information Association 23i

The simphfied procedure for estimating consolida-
tion settlements described in the following pages is
based on Skernpton and Bjerrum's modification2 of
Terzaghi's theory of consolidation. The latter assumes
that consolidation is a process of one-dimensional strain
Comparison of observed and calculated settlements
indicates that the method underestimates the rate of
settlement. Other theones have been published which
claim to represent more accurately the consolidation

process, but in most cases these are difficult to apply in
practice In any event the magrntude of settlement of
engineenng structures on most firm to stiff soils is rela-
tively small. For this reason, refinement of calculations
is hardly justifiable, especially as natural variations in
soil compressibility can produce settlement variations
of greater significance than differences in values cal-
culated by the various methods Only m cases of soft
compressible soils carrying large heavy structures is
it justifiable to adopt the more elaborate calculation
methods based on three-dimensional strain In cases
where the flexural rigidity of the structure has a sigmfi-
cant effect on the magnitude of differential settlement it
can be advantageous to model the soil—structure inter-
action by means of a finite-element analysis as described
in Section 2 8 4

The steps in carrying out the settlement analysis are
as follows

(a) Choice of the soil profile. A soil profile should
be drawn for the site, on which is marked the average
depths of the various soil strata and the average (or
characteristic) values of the undrained shear strength,
the compression index (or the coefficient of volume
compressibility), and coefficient of consolidation for
each stratum or each division of a stratum In the case
of thick clay strata, it must not be assumed that the
compressibility is constant throughout the depth of the
strata Clays usually show progressively decreasing com-
pressibility and increase in deformation modulus with
increasing depth It frequently happens that the borehole
records and soil test results show wide variations in the
depths of the strata and compressibility values In these
circumstances the choice of a representative soil profile
involves exercise of careful judgement. For large and
important structures it is worthwhile to make settlement
analyses for the highest compressibility and maximum
depth of compressible strata and the lowest compress-
ibility with the minimum depth of strata, and then to
compare the two analyses to obtain an idea of the dif-
ferential settlement if these two extremes of conditions
occur over the area of the structure

(b) Assessment of the loading causing settlement.
When considering long-term consolidation settlement
it is essential that the foundation loading used in the
analysis should be realistic and representative of the
sustained loading over the time period under consider-
ation This is a different approach to that used when
calculating safe bearing pressures In the latter case the
most severe loading conditions are allowed for, with full
provision for maximum imposed loading The imposed
loading used m a settlement analysis is an average value

(2 39)

(240)
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representing the continuous load over the time penod
being considered

Wind loading is only considered in settlement analy-
ses for high structures where it represents a consider-
able proportion of the total loads, and then only the
wind loads representing the average of continuous wind
over the full period are allowed for

The calculation of consolidation settlement is based
on the increases in effective vertical stresses induced
by the loads or actions from the structure

(c) Calculation of pressure and stress distribution
The distribution of effective vertical pressure of the
overburden (a,) and the vertical stress (o) resulting
from the net foundation pressure (q) is shown in
Fig 2 32 Values of a at various depths below foun-
dation level are obtained by the methods described in
Section 264

In the case of deep compressible soils the lowest
level considered in the settlement analysis is the point
where the vertical stress (ar) is not more than 20 per
cent of a, but a deeper level should be considered for
highly compressible soils

(d) Calculation of net immediate settlement (p,)
The net immediate settlement (p,), i.e the elastic settle-
ment beneath the corner of a flexible loaded areas, is
calculated from the equation

(1—v2)p,=qxBx E xJ,

where

B = width of foundation,
E = deformation modulus,
v = Poisson's ratio,

= net foundation pressure,
I,, = influence factor

The drained modulus E'd is used for calculating the
total (immediate + consohdation) settlement of the foun-
dations on gravels, sands, silts, and clays The undrained
modulus E is used to calculate the immediate settle-
ment of foundations on clays or clayey silts As already
noted, it is rather impracticable to determine g values of
sands and gravels from laboratory tests on undisturbed
samples, field tests being used instead However, it is
the general practice to obtain drained and undrained
E-values of clays from laboratory tests on undisturbed
samples taken from boreholes The undrained modulus
E of clays can be determined from relationships with
the undrained shear strength, as shown in Fig 233.

It should be noted that both E and E are strain
dependent Relationships between E/c and strain for
London Clay are shown in Fig. 234, where c is ob-
tained in the laboratory from undrained triaxial tests on
good-quality samples taken in thin-wall tubes The strain
applicable to normal foundations is 001—0 1 per cent,

q..

Overburden
pressure, a

Combmed
aand a.

a) 0 2o

Figure 232 Vertical pressure and stress distribution for deep
clay layer
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Figure 2.33 Relationship between Eu/Cu ratio for clays
(2 41) with plasticity index and degree of overconsolidation

(after Jamiolkowski et al 237)
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E'd =0 6E8 Alternatively, if m0 values from oedometer
tests are available, E is the reciprocal of m This gives
yet another method of obtaimng E'd from the results of
SPTs using Fig 1 5

Values of the Poisson's ratio v in equation (241) are

Clays (undrained) 05
Clays (stiff, undrained) 0 1—02
Silt 03
Sands 01—03
Rocks 02

Figure 2.34 Relationship between E,/c, and axial strain
(after Jardine era! 238)

thus confirming the relationship E0/c8 = 400 which is
frequently used for intact blue London Clay

It is important to note that swelling of the clay due to
exposure in the medium or long term can reduce E0
which is the reason, when calculating foundation settle-
ments, for adoption of EIc8ratios which are lower than
those obtained from triaxial or pressuremeter testing
Padfield and Sharrock235 state that a ratio of 140 is often
used for routine work in London Clay, but this is likely
to be pessimistic by a factor of 2 or 3 for low strains
Higher ratios, as obtained by triaxial or pressuremeter
testing, are used for determining ground movements
around excavations, as discussed in Chapter 9 Very
few E0 values have been pubhshed for other types of
clay Marsland239 obtained values of E/c8 from plate
bearing tests of 348 for upper glacial till and 540 for a
laminated glacial clay at Redcar

If the results of drained triaxial tests are not avail-
able, the drained modulus for overconsolidated clays
can be obtained approximately from the relationship

is a function of the length-to-breadth ratio of the
foundation, and the thickness (H) of the compressible
layer Terzaghi had given a method of calculating I,,
from curves denved by Steinbrenner

For Poisson's ratio of 05, J,, = F1,
For Poisson's ratio of zero, ! = F1 + F2

Values of F1 and F2 for various ratios of H/B and IJB
are given in Fig 2 35 Elastic settlements should not be
calculated for thickness (H) greater than 4B

The immediate settlement at any point N (Fig 2 35)
is given by

p, at point N =-(1 — v2)(JB1 + I2B2E
+ l3B3 + I4B4) (2 42)

To obtain the settlements at the centre of the loaded
area the pnnciple of superposition is followed in a
similar way to the calculation of vertical stress (Section
264) The area is divided into four equal rectangles,
and the settlement at the corner is calculated from equa-
tion (241) Then the settlement at the centre is equal
to four times the settlement at any one corner The

S

B1=L3 B3=B4

FIgure 235 Calculation of immediate settlements due to a flexible loaded area on the surface of an elastic layer Note when using
this diagram to calculate p, at centre of rectangular area, take B as half foundation width to obtain H/B and L/B
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Figure 236 Values of influence factor for deformation modulus increasing linearly with depth and modular ratio of 05
(after Butler240)

based on a constant modulus give exaggerated estimates
of settlement Butler240 has developed a method, based
on the work of Brown and Gibson241, for calculating
the settlement for conditions of a modulus of deforma-
tion mcreasmg linearly with depth within a layer of
finite thickness

The value of the modulus at any depth z below foun-
dation level is given by the equation

Ed = E1(1 + kz/B),

where Ef is the modulus of deformation at foundation
level The value of k is obtained by plotting measured
values of Ed against depth and drawmg a straight line
through the plotted points to obtain values for substitu-
tion m equation (2.43) Having obtained k, the appro-
pnate influence factor i; is obtained from Butler's curves
shown in Fig 2 36. These are for different ratios of
JiB, and are applicable for a compressible layer of thick-
ness not greater than nine times B The curves are based
on the assumption of a Poisson's ratio of 05. This ratio
is applicable to saturated clays for undrained condi-
tions, i e immediate application of load

In the case of a ngid foundation, for example a heavy
beam and slab raft or a massive pier, the immediate
settlement at the centre is reduced by a ngidity factor.

(2 43) The commonly accepted factor is 0 8, thus
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Settlement at corner of
loaded area

Ef

calculations can be performed by computer using a pro-
gram such as VDISP in the Oasys GEOsuite

The curves in Fig 235 are based on the assumption
that the modulus of deformation is constant with depth
However, m most natural soil and rock formations the
modulus increases with depth such that calculations
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= 0.8 approx

A correction is also applied to the immediate settle-
ments to allow for the depth of foundation by means of
the 'depth factor' (see Fig 239).

Generally, it will be found more convenient for
the case of a constant Ed to use the method of Janbu
eta!242as modified by Christian and Camer243 to obtain
the average immediate settlement of a foundation where

Average settlement = p,=

In the above equation Poisson's ratio is assumed to be
05 The factors p and Po are related to the depth D of
the foundation, the thickness H of the compressible
layer and the length/width (JiB) ratio of the founda-
tion Values of these factors are shown in Fig 2 37

10

Rigidity factors and depth factors are not applied to the
settlements calculated from equation (2 44).

EC 7 refers to calculations of settlement using equa-
tion (2 44) as the adjusted elasticity method, and recom-
mends that it should be used only if the stresses in the
ground are such that no sigmficant yielding occurs and
only if the stress—strain behaviour of the ground can be

For stiff over-consolidated clays
Immediate settlement = p, =05 to O6p,,

Consohdation settlement = =05 to 04p,
Final settlement = p,.

20

15

Iti 1 0

05

1000

Figure 2.37 Factors for calculating the average immediate settlement of a loaded area (after Chnstian and Camer243)

Immediate settlement of rigid foundation

Immediate settlement at centre of flexible foundation

considered to be linear
Because of the difficulty of obtaining representative

values of the deformation modulus of a clay, either by
correlation with the undrained shear strength or directly
from field or laboratory tests, it may be preferable to

(244) determine the immediate settlement from relationships
estabhshed by Burland et a!218 These are as follows

IioO
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Type Qualitatwe
description

Coefficient
of volume
compressibility,
m, (m2/MN)

Heavily overconsolidated
boulder clays (e g many
Scottish boulder clays) and
stiff weathered rocks (e g
weathered siltstone), hard
London Clay, Gault Clay,
and Oxford Clay (at depth)

Very low
compressibility

Below 005

Boulder clays (e g Teesside,
Cheshire) and very stiff
'blue' London Clay, Oxford
Clay, Keuper Marl

Low
compressibility

005—0 10

Upper 'blue' London Clay,
weathered 'brown' London
Clay, fluvio-glacial clays,
Lake clays, weathered
Oxford Clay, weathered
Boulder Clay, weathered
Keuper Marl, normally
consohdated clays (at depth)

Medium
compressibility

0 10—030

Normally consolidated
alluvial clays (e g estuarine
clays of Thames, Firth of
Forth, Bristol Channel,
Shatt-al-Arab, Niger Delta,
Chicago Clay), Norwegian
'Quick' Clay

High
compressibility

030—1 50

Very organic alluvial clays
and peats

Very high
compressibility

Above 1 50

For soft normally-consolidated clays
Immediate settlement = 0 lp,

Consohdation settlement =
Final settlement = 1 lp

(e) Calculation of consolidation settlement (ps) If
the vanation m compressibility of a soil is known from
the result of a number of oedometer tests, the consohda-
lion settlement () is calculated preferably from the
values of the coefficient of volume compressibility (my)
as determined from the oedometer tests. Some typical
values are shown in Table 2 11 Relationships between
the undrained shear strength, plasticity mdcx, N-value
and modulus of volume compressibihty are shown m
Fig 1 5.

Skempton and Bjerrum232 have shown that the actual
consohdation settlement (pa) may be less than the cal-
culated values based on oedometer tests They give the
formula

where

= a coefficient (geological factor) which
depends on the type of clay,

= settlement as calculated from oedometer
tests

Skempton and Bjerrum have related p5 to the pore
pressure coefficient of the soils as determined from
undrained triaxial compression tests, and also to the
dimensions of the loaded area However, for most
practical purposes it is sufficient to take the following
values for p5

Type of clay p,
Very sensitive clays (soft alluvial, estuanne,

and marine clays) 1 0—1 2

Normally consolidated clays 07—1 0
Overconsolidated clays (London Clay, Weald,

Kimmendge, Oxford, and Lias Clays) 05—07
Heavily overconsohdated clays (glacial till,

Keuper Marl) 02—05

The p5 value for London Clay is generally taken as 05.
Although the geological factor has some theoretical

basis it is generally regarded as a means whereby the
apparently high settlements calculated from oedometer
test results can be reconciled with the much smaller
settlements as measured in foundations on stiff over-
consolidated clays It is possible that oedometer tests
on good samples taken by piston-driven thin-wall tubes
will give lower m, values than those obtained from
conventional hammer-dnven thick-wall tube samples
and hence the geological factor will no longer be re-
quired However, there is little published evidence at
present to justify changmg the present practice EC 7
(Annex D5) permits empirical corrections to be made
to settlement calculations based on one-dimensional
consolidation of the soil

The oedometer settlement (p) of a soil layer is
calculated from the formula

pOCd
= (246)

where

= average coefficient of volume compressibility
obtained for the effective pressure increment
m the particular layer under consideration,

= average effective vertical stress imposed on
the particular layer resulting from the net
foundation pressure (q,,),

H = thickness of the particular layer under

Table 2.11 Compressibihty of various types of clays

Pc = P5P0c,i' (245) consideration
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of layer

Sand

Figure 2.38 Use of pressure—voids ratio curves in settlement
analysis

The values of p,, and hence PC obtained for each
layer are added together to obtain the total consohda-
tion settlement beneath the loaded area

If only one or two oedometer test results are avail-
able for a given loaded area it is more convenient to
calculate p directly from the pressure—voids ratio
curves obtained in the tests The procedure is then as
follows.

For normally consolidated clays such as estuanne or
marine clays, the virgin compression curve should be
used for the settlement calculations For preconsolidated
or overconsolidated clays such as boulder clays and
the London, Woolwich, and Reading, Gault, Weald,
Kimmeridge, Oxford, and Lias Clays, the actual pres-
sure—voids ratio curves should be used Typical curves
for normally consolidated clays and for overconsohdated
clays are shown in Fig 2 38

The change in voids ratio due to an increase in verti-
cal stress resulting from the foundation loading is con-
sidered at the centre of the clay layer having a thickness
H Thus for the initial (unloaded) condition, the initial
voids ratio (e1) is read off the p—e curve (Fig 2 38)
corresponding to the initial overburden pressure (r)
at the centre of the layer After foundation loading is
applied, the initial vertical pressure (a0) is increased
by the vertical stress (as) induced at the centre of the
layer by the net foundation pressure (q) Thus the final

Depth factor =

corrected settlement for a foundation at depth D
calculated settlement for a surface foundation

a
0

a
e2

Pressure—voids ratio curve
for over-consolidated clays

- - - - Virgin compression curve
(normally consolidated clays)

at., a+a
Pressure (log scale)

voids ratio (e2) is read off the p—e curve corresponding
to a pressure of a0 + a The decrease in thickness of
the layer, i e. the oedometer settlement p,, after full
consolidation is then given by the equation

= —--(e1 — e2), (2 47a)
1 + e

or if the compression index has been used as the basis
for the settlement computations, the final settlement is
calculated from the equation

= H
log10

a, -
(247b)

l+e1
As before,

PC = PgPoed

If the clay layer shows appreciable change in com-
pressibility with depth, the settlement within each layer
should be separately calculated Then the total net final
settlement is given by the sum of the settlements of
each mdividual layer For deep clay layers it is usually
necessary to consider separate layers to allow for van-
ations in compressibility with depth, and also to pro-
vide for the effect of variation in voids ratio with the
rapidly decreasing vertical stress with increasing depth
The net final settlement is calculated for each layer, and
the sum of the values so obtained gives the total net
final settlement for the whole depth of the clay stratum
affected by the foundation loading.

A correction is apphed to the calculated p, m the form
of a 'depth factor' This depends on the depth-to-area
ratio and the length-to-breadth ratio of the foundation
Values of the depth factor,

are obtained from Fox's2 correction curves which
are as shown in Fig 2.39 Theoretically, Fox's curves
apply only to elastic or 'immediate' settlements, but it
is logical to correct consolidation settlements to allow
for the depth of the foundation and Fox's curves provide
a convenient method of doing this

(f) Estimation of final settlement (pr) The final
settlement is the sum of the corrected values of the
immediate settlement and the consolidation settlement,

pr=p,+p. (248)

(g) Estimation of the rate of consolidation settle-
ment It is usually necessary to know the rate at which
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De th factor = Corrected settlement for foundation at depth D
Calculated settlement for foundation at surface

Figure 2.39 Fox's correction curves for elastic settlement of flexible rectangular foundations at depth

the foundations will settle dunng the long process of or, expressed in units of metres per year,
consolidation This is normally calculated as the time
penod required for 50 and 90 per cent of the final Td2 x 107(m)

t(years) =
3 154 X C(m2/s)'

Settlement of foundations 79

D

D

settlement
The time required is given by the equation

Td2

cv

(250)

where

T = time factor,

(249)
d = H (thickness of compressible stratum

measured from foundation level to point
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ceconsohdation--

pt = p1 + Up

The type of curve to be used depends on the pressure
distribution The standard cases of pressure distribution
are shown in Fig 241. When there is two-way drain-
age, i e when there is a permeable layer above and
below the compressible stratum, there is only one type
of curve for all types of pressure distribution

When considenng drainage of the clay layer it is
always assumed that the concrete of the foundation acts
as a permeable layer In fact concrete is much more
pervious than most clays Where the foundation is con-
structed from impermeable material, e g asphalt tank-
mg around a concrete substructure or a buried steel
tank, the rate of settlement should, strictly, be based on
three-dimensional theory of consolidation. However, this
procedure is rarely needed m practice since asphalt tank-
ing is nearly always laid on a mass concrete blinding
layer, and similarly steel tanks are usually placed on a
bed of sand or crushed stone. Therefore in nearly all
cases the standard one-dimensional theory of consohda-
tion can be followed

Clay deposits frequently contain layers or lanuna-
tions of sand or silt, and if these are continuous they

Typel 2 3 4 5
Sand Clay Sand Clay Sand Foundation

level

. J. ikWI jH
Sand Sand Clay Sand Clay

(31<1) (i>1)

Figure 2.41 Type of pressure distribution Arrow indicates
direction of drainage

Pressure at permeable surface

Pressure at impermeable surface

For case 4,

u1_i T1')(UI_ '2)'
'1+11)

i e intermediate between U1 and U3 For case 5,

u5= U+Ii—!(U_ U2),

i e intermediate between U1 and U2

form drainage layers giving a greatly increased rate of
settlement compared with that predicted by oedometer
tests However, in many cases and particularly in boul-
der clays, the sands are in the form of isolated pockets
or lenses having no drainage outlet If there is doubt as
to whether or not the sand layers are drained, the rates
of settlement for the drained and undrained cases should

2 51 be calculated and their relative sigmficance considered
Fissuring in clays and the occurrence of root holes
at shallow depths (Rowe2 45) can also accelerate the
process of drainage It is better to estimate the rate of
settlement from c values obtained from triaxial testing,
(see Section 1112 ) where specimens of sufficiently
large size can be obtained to incorporate these natural
drainage channels Where the results of field permeabil-
ity tests are available the coefficient of consolidation
can be obtained from the relationship

= k/ym.,, (2 52)

It should be noted that the imposition of foundation
pressures will tend to close up natural drainage chan-
nels and hence reduce the value of the permeability
coefficient k Therefore equation (2 52) will be reliable
only for low stress levels or the early stages of foun-
dation loading Where available, the best guide is by
correlation with observed time-settlement of full-scale
structures

(h) Estimation of settlements over the construction
period. Typical curves for the loading and settlement
of a structure over the period of construction and after

Thiie factor, T
02 04 06 08 10 120

0

20

40

60

liBo
100

-9opercent
consolidation — U= 100

percent
at TooI 0

Figure 2.40 Relation between degree of consolidation and time
factor

where y is small, say 10—20 kN/m2) for
drainage in one direction or d = H12 for
drainage at top and bottom of clay stratum,

C = average coefficient of consohdation over the
range of pressure involved (obtained from
triaxial compression or oedometer tests)

The values of the time factor (1') for various degrees
of consohdation (U) are given in Fig. 240

The total settlement at any time t is given by
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Figure 2.42 Consolidation settlement curve during the
construction penod

completion are shown in Fig. 242 The curve of the
net settlement, assuming the final foundation loading
to be instantaneously applied, is first plotted as shown
by the lower curve in Fig 242 The first point C on
the corrected curve (allowing for progressive increase
of load over the construction period) is obtained by
dropping a perpendicular from a point A on the time
abscissa, where OA is the tune for completion of con-
struction (time t1) A perpendicular is dropped from a
point equal to half t1, to intersect the instantaneous
loading curve at B Then BC is drawn parallel to the
time-scale to intersect the perpendicular from A at C
Intermediate points for any other time t are smularly
obtained A perpendicular is dropped from 1/2t to inter-
sect the mstantaneous loading curve at D A line drawn
parallel to the time-scale is extended to the perpendicular
AC to intersect at the point E Then the intersection of
OE with the perpendicular from the point t gives the
intermediate point on the corrected curve for the time t.
Beyond C the settlement curve is assumed to be the
instantaneous curve offset to the right by half the loading
penod, i e offset by the distance BC

The corrected total settlement curve can be obtained
by adding the immediate settlement (as calculated from
equations (2 41)—(2.44)) to the corrected consolidation
settlement as shown in Fig. 242 Assuming that the
applied loading increases linearly during the construc-
tion period, the immediate settlement also increases
roughly linearly

Secondary consolidation The very long-term sec-
ondary consolidation or creep of soils was mentioned
as a component of the total settlement in Section 2.6 1
It can be a significant proportion of the total in the case
of soft organic alluvial clays and peats From the results

of laboratory tests and field observations Simons247
denved the equation for clays

Coefficient of secondary consohdation = C

=000018 x moisture content (2 53)

This coefficient is used m conjunction with equation
(24Th)

Swelling of excavations Removal of the overburden
when excavating to foundation level causes swelling
of the soil below the excavation After applying the
loading the soil is recompressed, and after the loading
has increased beyond the onginal overburden pressure
further consolidation takes place This swelling and
recompression is usually insignificant in the case of
shallow foundations and it can be neglected It must,
however, be taken into consideration for deep founda-
tions and it is discussed further in Chapter 5

Sefflement data in an engineering report The
accuracy obtainable in settlement computations does
not justify quoting exact calculated figures It is usual
to give settlement to the nearest 15 mm where the settle-
ment is 25 mm or less, or to use some such expression
as 'less than 25 mm' or 'about 25 mm' For settlements
greater than 25 mm the quoted figures should be to the
nearest 25 mm, stating '25—50 mm' or 'about 100 mm'
Settlements greater than 150 mm should be quoted to
the nearest 50—100 mm

2.7 Settlement of foundations on rocks

Weak to moderately weak weathered rocks and closely
jointed rock formations possess a degree of com-
pressibility such that it is necessary to make estimates
of settlement wherever heavily loaded structures are
founded on these formations Meigh2 descnbed the
settlement of two nuclear reactor buildings at Oldbury
'A' Power Station The reactors and their containment
structures, each weighing 680 MN, imposed net bear-
ing pressures of 11 MN/m2 on thinly bedded sandstones
and siltstones of the Keuper Marl formation After the
end of a 2-year penod when construction was nearly
completed the foundations had settled 80 mm and
100 mm respectively Thereafter slow creep settlement
continued, and about 9 years after completion of loading
the settlements were 100 mm and 120mm respectively,
and creep was still continuing It was considered that a
high proportion of the settlement was due to compres-
sion of a 13 m-deep leached zone of rock which con-
tained cavities caused by the solution of gypsum nodules

The difficulties of obtaining representative values of
the deformation modulus of weak and jointed rocks

0
0-i

Consolidation settlement
curve for instantaneous loading



This edition is reproduced by permission of Pearson Educational Limited

82 The general principles of foundation design

Table 2.12 Mass factor values

Quality
classificat:ont

RQD
(%)

Fracture
frequency
per metre

Velocity
inde4

(V/VL)2

Mass
factor (j)

Verypoor
Poor
Fair
Good
Excellent

0—25
25—50
50—75
75—90

9—100

15
15—8
8—5

5—1

1

0-02
02—04
04—06
06—08
08—1 0

02
02
02—08
05—08
08—1 0

t As BS 5930
V =wave velocity in field, VL = wavevelocity in laboratory

have been described an Section 112 The most reliable
method of obtaining modulus values for substitution m
equation (241) is to make plate bearing tests at vari-
ous depths within the zone stressed by the foundation
loading Alternatively, pressuremeter tests can be made
usmg equipment appropriate to the strength of the rock
(Section 1 45) Where the results of unconfined com-
pression tests or pomt load strength tests on core samples
are an sufficient numbers to be representative of the
variation in strength of the rock over the depth stressed
by the foundation loading, the deformation modulus of
the rock mass can be obtained from the relationship

Em =jMq,
where

(254)

j = a mass factor related to the discontinuity
spacmg an the rock mass,

Mr = the ratio between the deformation modulus
and the unconfined compression strength,
of the intact rock

Values for the mass factor given by Hobbs215 are
shown in Table 2 12.

Hobbs215 showed that rocks of various types could be
grouped together, and for practical purposes a modulus
ratio could be assigned to each group as in Table 2 13

Table 2.13 Modulus ratio values for vanous types of rock

Group Rock type Modulus ratio

1 Pure limestones and dolomites
Carbonate sandstones of low porosity 600

2 Igneous
Oolite and marly hmestones
Well-cemented sandstones
Indurated carbonate mudstones
Metamorphic rocks, including slates
and schists (flat cleavage/foliation) 300

3 Very marly hmestones
Poorly cemented sandstones
Cemented mudstones and shales
Slates and schists (steep cleavagel
foliation) 150

4 Uncemented mudstones and shales 75

The values in Table 2.13 an conjunction with equation
(254) were used in compiling the presumed bearing
values for foundations on rock in Table 2 3(a) The
high porosity chalk of south-east England and Keuper
Marl are special cases Values of the mass modulus of
deformation of chalk published by Lord et al.216 based
on plate loadmg tests, and for Keuper Marl established
by Chandler and Davis249 are shown in Tables 2.14 and
2 15 respectively The values of E obtained from the
foregoing methods are plotted to obtain an average
straight lane variation of E with depth If E is constant
with depth the influence factors shown m Fig 2 35 can
be used More likely there will be an increase mE with
increasing depth, when the influence factors shown
in Fig 236 should be used These have been drawn
from Poisson's ratio of 05, but most rock formations
have somewhat lower ratios Meigh2 stated that the
Poisson's ratio of Tnassic rocks is about 0 1—0 3

Meigh obtained curves for influence factors shown
in Fig 243 for various values of the constant k in equa-
tion (243), and for a Poisson's ratio of 02 He applied
further corrections to the calculated settlement at the

Table 2.14 Deformation modulus values for chalk (after Lord et a12 16)

Density Grade 'Yield' stress
(MN/rn2)

Ultimate beanng
capacity (MN/rn2)

Secant modulus at
applied stress of
200 kW/m2 (MN/rn2)

Yield modulus
(MN/rn2)

Medium/high

Low
(Low)

A
B
C
B and C
Dc
Dm

-
03—05
0 3—05
025—05
025—05
—

>16
40—7 7
40—7 7
1 5—20
—

—

1500-3000
1500—2000
300—1500
200—700
200

6

-
35—80
35—80
15—35
20—30
—

Note Values of secant moduli are all short-term values based on plate loading tests
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secant can be drawn at a compressive stress of 1 5 or
some other suitable multiple of the foundation pressure

The value of the secant moduli m Table 2 14 are for
short-term loading Lord et a!.2 ' state that these values
adequately represent the total combined immediate and
long-term settlements of foundations on Grade B and C
chalk, but they recommend a modulus of 75 MN/rn2 for
long-term loading on Grade A chalk As regards the
rate of creep settlement on chalk, they give a value of R
in equation (235) from 0 1 to 0.15, provided that the
applied stress is less than the yield stress This means
that because most buildings and structures where settle-
ments are sigiuficant can take six months or more for
construction, much of the creep settlement will be 'built-
out' over the construction period

Little information is available for the long-term
settlement of structures on Keuper Marl Meigh2
noted that creep settlement observed at Oldbury Power
Station was about 20 per cent of the total

Where foundations are subjected to cyclic loading,
e g marine structures exposed to wave impact forces,
or foundations or reciprocating machinery, the plate

_________ __________ ____________ _________ bearingtests should also be made under conditions of
cychc loading at a maximum pressure corresponding to
the design bearing pressure or a simple multiple, say
1 5 times this value It may be found that the modulus
for this cyclic loading is different from that of a single
application of a static loading. Strong closely fissured
and jointed rocks are likely to show a higher modulus
value under repeated loading, i e the 'work-hardening'

2 55\ condition, whereas weak weathered rocks may show a
lower modulus, or 'work-softemng' condition due to
breakdown of inter-particle bonds in the rock mass

A somewhat different approach is recommended by
Lord et a!216 for calculating the settlement of shallow
foundations on chalk. They give the equation for the
settlement p,at the centre of a flexible foundation as

p, = (1 — v2)I!10, (257)

where

q = apphed stress,
B and L = foundation width and depth, respectively,
E = deformation modulus,
V = Poisson's ratio,
I and A. = shape influence factors,
10 = depth correction factor

Table 2.15 Mass deformation modulus values for Keuper Marl

Rock lype Weathering
grade

Description Deformation
modulus
(MN/rn2)

Keuper Marl I
(unweathered)

Mudstone (often
fissured)

>150

II
(slightly
weathered)

Angular blocks
of unweathered
marl and
mudstone with
virtually no
matrix

75-150

III
(moderately
weathered)

Matrix with
frequent
hthorehcts up to
25mm

30—75

IV
(highly to
completely
weathered)

Matrix with
occasional
claystone pellets
less than 3 mm
size (usually
coarse sand)
degrading to
matrix only

Obtain from
laboratoiy
tests

corner of the foundation (p,) These corrections provide
for roughness at the contact between the foundation
and the rock, and the depth of embedment of the foun-
dation (D) Thus the settlement p, is given by

p, = q(BIE,)I,F8F0,

where F8 is the correction factor for roughness of base
(Fig 2 44), and F0 the correction factor for depth of
embedment (Fig 2 45) In the case of a flexible rect-
angular foundation, the loaded area is divided into four
equal rectangles and the settlement computed at the
corner of each rectangle. The settlement at the centre of
the foundation is then four times the corner settlement
In the case of a relatively rigid foundation the settlement
at the midpoint of a longer side is calculated Then the
average settlement of the rigid foundation is given by

and the settlement of a rigid foundation as

(256) q(1_v2)ThZ
ho,Cay = +(C + C,ver + Ccenueiong edge)

Care is needed in the interpretation of the results of
plate loading tests made in accordance with the pro-
cedure descnbed in Section 1 45 The adoption of a
modulus of elasticity (Young's modulus) correspond-
ing to the straight line portion of the curve in Fig. 229
might underestimate the settlement The usual pro-
cedure is to draw a secant AC to the stress—strain curve
corresponding to a stress equal to the net foundation
pressure at foundation level More conservatively the

(258)
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LIB
10 15 20

Values of I and X are given in Fig 246 and Mo in
Fig 2.45 The shape factor for the mean settlement of a
flexible foundation is denoted by ', in Fig 246(a) It
will be seen that the Pells and Turner values of Mo are
more conservative than those of Meigh, although both
curves were calculated for a Poisson's ratio between
02 and 024

2.8 The applicability of computerized
methods to foundation analysis and design

The use of computer-based methods in foundation
engineering is neither as developed nor as extensive
as in many other areas of civil and structural engineer-
ing Some of the reasons for this are readily appar-
ent, for example, most soils have stiffness properties
characterized by non-linearity and inelasticity, soils are
often heterogeneous and may be subject to comphcated
stratigraphy, and the presence of ground water and the
localized pressure of that ground water have a major
effect on the strength of soils. The situation is simpler
in the other areas of engmeenng where the designer
is dealing with materials that are not site dependent, are
for the most part manufactured (often under factory
conditions with the attendant benefits of quality con-
trol), and have critical properties that are usually far
less complex than those of soils Consequently, com-
puter software for geotechmcal engmeenng is very often
the result of ad hoc development and may only be run
by the program's author or that author's inunediate

Settlement fin rough baseCorrection factor, F5 =
Settlement for smooth base10

09

06

07

06

Os

7-t
0 05 10 15 20 2

H/B

Figure 2.44 Correction factors for roughness of base of
foundation

1

5!

Figure 2.45 Depth correction factors for foundations on
sandstone, mudstone and chalk (after Meigh2 and Pells and
Turn&52, Courtesy of NRC Research Press, National Research
Council of Canada)

D/B

(a)

I

L/B

(b)

Figure246 Shape factors for foundations on chalk (a) for
flexible foundations (after Giroud2i) (b) for ngid foundations
(after Whitman and Richa&51)
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Figure 2.47 One-dimensional finite difference approximations

colleagues Frequently the software does nothing more
than computerize a manual method to achieve improved
speed of calculation and reliability of the arithmetic
In 1984 Snnth253 noted that there were no geotechmcal
equivalents of the many comprehensive and widely
available suites of programs which existed for struc-
tural engineenng analysis and design Nor does the
literature on geotechnical engineenng contain details
of software on a scale comparable to that for structural
engmeermg The reader may note that in 1974 BowlesZM
provided details of a number of general-purpose geo-
technical programs, but beyond this there is little to be
found outside specialist publications

In later sections of this book various computer appli-
cations to foundation engineering will be noted, these
are not necessarily among the latest or most sophisti-
cated but the aim is to show applicability and accessi-
bility where possible However, first some background
comments will be made on two of the techniques that
will be mentioned most frequently the finite difference
method and the finite element method

2.8.1 The finite difference method

This is based on the approximations to denvatives, at
a specific point, of a continuous function in terms of
explicit values of that function at a number of discrete
points The basic expressions can be derived by Taylor's
theorem For example, for (x) a function of x

d4 h2 d24 h3d34 + -
dx 2' dx2 3dx3

where all the derivatives (d/dx, d24ildx2, etc) are
determined at point x

Consider the sequence of five points i — 2 to t + 2
aligned in the x-direction and at equal spacing h as
showninFig.247 Atpointi+1,wherex=x1+h

-

dx), 2Idx2) 3'1dx),
(260)

Atpointi— 1,wherex=x—h

• - =• - + - i--'i +'' cdx) 2IdX2) 3'I.dx)
(261)

Subtracting equation (2 61) from equation (2 60) gives

1!'i =
—

— + (262)
dx) 2h 6Ldx3)

or, ignoring the truncation terms in h2 and higher order

i44) = — '
(2 63)

dx) 2h

In a similar fashion the finite difference expressions
for the other derivatives (d2/dc2),, (d34,/dx3)1, and
(d44ildx4), can be established as the equations given in
Fig 247

It is also possible to obtain finite difference approx-
imations for partial differential equations in the two
dimensions of x andy These are illustrated in Fig 248
It is most convenient to represent the expressions in a
two-dimensional form For instance, the form shown
for (V2),, that is, the approximation for [(a2/ax2) +
(a2•/ay2)] at point ij is the equivalent of

(2.59)
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Figure 2.48 Two-dimensional finite difference approximations

(V2)1 = h(LI, + t1, — 44, , + + +)
(264)

As an example of how the technique operates, consider
the case shown in Fig 249 of a beam of span L, simply
supported at each end and also deriving support from
a Winider spnng type foundation in the span (this is
a foundation where the upward reaction at a point is
directly proportional to the downward displacement of
the surface at that point) This could represent a beam
supported by effectively ngid pile caps and addition-
ally gaining support from the ground beneath its soffit
The governing differential equation (g d e) is shown in
the figure as

d4y_w k

Additionally, the boundary conditions are that both
defiexion and bending moment are equal to zero at each
end of the beam, i e

y=O atx=0 and x=L
d2y (2.66)—=0 atx=O and x=L

Considering the simplest possible model with the beam
divided into two halves gives five discrete points for the

1 2 3

h=
Beam divided in two

—1 0 1 2 3 4 5

Beam divided in four

Figure 2.49 Foundation slab carrying uniformly distnbuted
loading

computation, one point, 1, defimng defiexion at mid-
span and the other four associated with the boundary

(265) conditions
Applying the finite difference approximation to the

g.d e. gives

w k— 4Yo + 6y1 — 4Y2 + )3) = —

The boundary conditions result in

Yo=Y2 =0
and

(2 67)

(268)
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Yi
(64E1+kL4)

If k is set to zero this gives a midspan deflexion of
0 O137wLIEI, which is 5 per cent greater than the exact
answer Further improvements in accuracy can be
achieved by mcreastng the number of segments into
which the beam is divided However, this results m
greater numbers of simultaneous equations and it will
be appreciated that for other than comparatively simple
problems, such as the example given here, use of a com-
puter program for speed and accuracy of calculation
becomes a virtual necessity The need for computenzed
methods of solution becomes even more pressing in the
case of two-dimensional problems.

Finite difference techniques can also be used to solve
time-dependent problems such as one-dimensional con-
sohdation (see Section 2 84) and heat flow (see Sec-
tion 3.1 5), but the description of the detailed approach
to these is outside the scope of this book and the reader
is referred to other texts such as ref 2.55

2.8.2 The finite element method

gradient) vary m a defined fashion, for example, de-
pending on the type of element, strain may be defined
to be constant or vary linearly or vary quadratically, etc
Adjacent elements are interconnected at nodal pomts
Figure 250 shows examples of element arrangements
mvolvmg triangular, quadrilateral, and rectangular ele-
ments in representing two-dimensional problems

In the case of an analysis to determine displacement
and stresses witlun a domain, displacements are assumed

(2 70) to vary within each element according to a displacement
function which satisfies the requirement for compat-
ibihty of displacements Using this displacement func-
tion and the physical properties of the material bounded
by the element it is possible to compute expressions
which relate displacements and forces at the nodal points
of the element These expressions can be represented in
matrix form and are then termed the element stiffness
matrix Superimposing all the individual element stiff-
ness matrices gives the total, or global, stiffness matrix
for the entire domain After definition of boundary con-
ditions and applied loads a set of simultaneous equa-

(271) tions is obtained relating nodal point displacements, the
global stiffness terms and applied loads In matrix form
the equations are represented by

[KJ{8}={P), (272)

where

[K] = the global stiffness matrix,
{8) = the vector of nodal point displacements,
(P} = the vector of applied loads

Knowing [K] and {P), solution of the equations gives
{8) Using the resultant nodal point displacements for
an element and the element stiffness properties, the
strains and stresses within the element are computed

Although it involves far more elaborate computa-
tions than does the finite difference method, the finite
element method is consequently more versatile in that
it can readily handle complex geometry and variations in
material properties — both of which features present
difficulties for the fimte difference method In addition,
the finite element method has been extensively used to
obtain solutions to problems involving non-linear be-
haviour of matenals — a feature particularly relevant to
soils — and some examples are quoted later

A number of good basic texts, such as that by Cheung
and Yeo,256 are available for the reader who wishes to
become acquainted with the details of the finite ele-
ment method A more extensive coverage and advanced
treatment of the subject is provided by Zienkiewicz257
For the reader wishing not only to understand the details
of the method but also to build up a library of pro-
grams capable of handling a wide range of problems

1 1
—

2Yo ÷ Yi) =(Y —
2Y2 + Y3) = 0

or (269)
Y—i = Y3 = Yi

Substituting equations (266) and (267) into equation
(2 65) gives

If k is taken as zero then the indicated midspan deflex-
ion becomes wL4I64E1, which is 20 per cent greater
than the theoretical value of 5wL4I384EI

To obtain improved accuracy the beam could be sub-
divided in four as shown in the lower part of Fig 249
Application of the fimte difference expressions will result
in three simultaneous equations in Yi' y3, and4. Solving
these will result in a calculated nudspan deflexion of

wL4
Yi El

3584 +
El

I
— (1024 x 2048)

El)

In this technique the domain (one, two, or three dimen-
sional) within which the particular problem is to be
investigated is subdivided into a number of discrete areas
or elements Within each of these elements it is as-
sumed that certain matenal properties (such as Young's
modulus, permeability, thermal conductivity) will be
constant and certain variables (such as strain, potential
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Boundary conditions
on A and C, no horizontal

displacement

on B, no horizontal
displacement and
no vertical
displacement

Nodal point

Boundary conditions
on A and C. no horizontal

displacement

C on B, no horizontal
displacement and
no vertical
displacement

Figure 2.50 Finite element models (a) Foundation slab on soil using rectangular elements (b) Slope using triangular and
quadnlateral elements

in geotechnical engineering Smith and Griffiths255 is
recommended

2.8.3 The application of finite element
techniques to the delineation of
over-stressed zones beneath large
foundations and structures

A feature of the finite element method is that when
modelling the non-linear behaviour of soils and includ-
mg a yield cntenon, such as von Mises or Mohr—
Coulomb, it can indicate the progressive development
of yielding zones and so represent the progressive onset
of failure

Figure 2 51 illustrates this for the case of a strip foot-
ing on saturated, undrained clay At a contact pressure
equal to some 60 per cent of the ultimate value the
formation of a failure zone within the clay can be seen
Subsequently, the analysis indicates a collapse at a
contact pressure almost identical to the theoretical pre-
dictions of Prandtl and Hill It should be noted that
there are many situations in which strictly localized
soil failure does not impair the efficiency of the struc-
ture supported by or retaining the soil: for example, the
soil at shallow depth just in front of an anchored sheet
pile retaining wall will almost always have reached a
local passive failure condition, but without detrunent to
the wall in total

Figure 2.51 Failure zones beneath strip foundation on saturated undrained clay (after Smith)

of foundation

Foundation slab

A

Soil—"

,,,r

B

(a)

A

B

(b)

P=30C,, F=17 P=51C F1O P=514C F=1O

Finite element solutions Hill's solution
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lv

Figure 2.52 Failure zones beneath strip foundation subjected to
inclined loading (after Simth2')

Figure 252 gives an example on a larger scale and
shows the development of failure as indicated in a finite
element model of the soil under a large foundation sub-
jected to both horizontal and vertical loading, in this
case an offshore concrete gravity base structure

Finite element analysis was undertaken by Potts
et aL2 in a study of the 1984 failure of the embank-
ment of the Carsington Reservoir The particular
modelling technique adopted included representation of
strain-softening behaviour of soils in the embankment
cross-section The nature of strain softening as observed
in the foundation materials is illustrated in Fig 253
which shows that on initial shearing of intact material
the shear stress rises to a peak beyond which it pro-
gressively declines towards a constant residual value.
If there is subsequent shearing action on the previously
sheared surface it is limited to the residual value fol-
lowing an initial modest peak Figure 254 shows values
of strain reached in the embankment just before failure
as indicated by the finite element analysis

Figure 2.53 Plotted results of shear test on foundation material
at Carsington Dam (after Potts et al 260)

2.8.4 The application of finite element
techniques to the calculation of
foundation settlements

The availability of computers has made possible the
rapid analysis of problems concerning the settlement of
foundations General-purpose fimte element programs
can be used in circumstances where the soil may be con-
sidered to be reasonably represented by linear elastic
behaviour However, it must be recognized that the most
successful of such applications have been in cases where
the elastic properties of the soil have been derived from
back analysis of field measurement for similar cases
on similar strata Many general-purpose fimte element
programs can also model bihnear elastic—plastic stress—
strain behaviour of materials in accordance with failure
criteria such as Von Mises, and this facility may be used

Figure 2.54 Results of finite element analysis of Carsington Dam showing indicated shear in the embankment just before failure
(after Potts et at2 6)

4

c, = 10, $', 20

Displacement, 5 (mm)

400

t
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Figure 2.55 Hyperbolic stress—strain curve for soils
(after Duncan and Chang261)

in the total stress analysis of immediate settlement of
undrained clays.

Computer-based analytical methods have been
developed to cater for more generalized stress—strain
behaviour and for stress-dependent strength and stiff-
ness of soils These particular features are recognized
in the work of Duncan and Chang26' in developing a
non-linear stress—strain relationship which could be used
readily in fimte element analyses of a wide range of

E= KP(22]

where

K = modulus number (dimensionless),
p = atmospheric pressure,
(T3 = minor prmcipal stress,
n = exponent (dimensionless)

2c cos 4' + 203 sin 4)(a — =
1—sm4)

R1(o1 — )1
E, = [i — ________

(ai—a3)tj
E1,

Finally, the stiffness for an unloading—reloadmg
excursion from the initial loading curve is given by

Ear = KarPa(?•iJfl, (2 76)

where Kur is the modulus number for unloading—
reloading

Duncan and Chang26' describe the use of this formu-
lation in finite element analyses to compute the settle-
ments for a model strip footing in sand and a circular
footing on saturated, undrained clay The analyses were
conducted incrementally in the following sequence:

(a) Compute initial values of horizontal and vertical
self-weight stresses o, and o, in the soil elements
(c0 is zero) and from these define E-values

(b) Apply first increment of load and compute first
increment defiexions and stresses. Add these to pre-
vious deflexions (nil) and previous stresses From
cumulative stress values compute and 02 and
hence E-value for each element

(c) Apply second increment of load and compute
second incremental deflexions and stresses. Add
these to previous cumulative defiexions and
stresses, etc

The results obtained are shown in Fig 256 for the strip
footing in sand and in Fig 2 57 for the circular footing
on clay It can be seen that the values of settlements
given by the finite element analyses are in good agree-
ment with the model test results for the footing in
sand and with elastic—plastic theory for the footing on

(2 73) clay
In addition to the non-linear analysis to obtain values

of instantaneous settlement for sands and saturated,
undrained clays, computer methods have been apphed
to the evaluation of settlements due to consolidation
Both finite difference and finite element methods have
been used for this task CONSYST and SETTLE are two
finite difference-based programs for the two-dimensional
analysis of consolidation which have been available
on computer bureaux in Britain since the late 1970s,
CONSYST having been developed by a specialist corn-

(274) pany and SETTLE by the Highway Engineering Com-
puter Branch (HECB) of the Department of Transport
A number of finite element programs having an abihty
to model consolidation have also appeared Of these,
CRISTINA and subsequently CRISP were developed
at Cambridge University and incorporate the Cam-Clay
model and so are directed to the analysis of consolida-
tion of soft clays SAFE, a finite element program de-
veloped by the Ove Arup partnership,262 uses the Model
LC formulation and is relevant to consolidation of stiff

(a,

Applicability of computerized methods to foundation analysis/design 91

Stress
difference
(a — a)

Axial strain,

geotechmcal problems
Duncan and Chang extended their earlier work on

the representation of the stress—strain relationship of
both clay and sand by hyperbolae The general form of
curve which they proposed is shown in Fig 2 55 The
initial tangent modulus, E1, is given by

The Mohr—Coulomb failure criterion is used to give

where c is cohesion and 4) the angle of mternal friction
The tangent modulus, E,, is given by

(2 75)

where R1 is the failure ratio (typically in range
075—1 0) and a the major principal stress
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Figure 2.56 Non-linear fimte element analysis of model strip
foundation in sand (after Duncan and Chang261) (a) Finite
element representation (b) Comparison of predicted and model
behaviour
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Figure 2.57 Non-linear finite element analysis of circular
foundation on clay (after Duncan and Chang261) (a) Finite
element representation (b) Comparison ofpredicted and field
behaviour
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over-consolidated clays as well as providing for calcu-
lations for other types of soil

Although computer software for the prediction
of consolidation behaviour has been m existence for
several years, there has been only a limited number of
published studies in which computed values of settle-
ment, and pore water pressure, are compared with field
measurements Smith and Hobbs263 reported compari-
Sons of field measurements and computed results for
consolidation beneath embankrnents

The boundary element/surface element technique also
has applicability to computation of settlements This is
referred to in Section 5 8

2.9 Examples
Example 2.1 A water tank 5 m wide by 20 m long is
to be constructed at a depth of 08 m below ground level
The depth of water in the tank is7 5 m Borings showed
a loose, becoming medium-dense, normally consolidated
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Figure 2.58 SFF—Mdepth curve

sand with the water table 2 m below ground level Stand-
ard penetration tests made in the boreholes are plotted
m Fig 258. Check that the ultimate limit and service-
ability limit states are not exceeded

The self-weight of the structure (allowing for
tolerance on dimensional inaccuracies) is
4190 kN, and the weight of the contained water
is 7500 kN

Applying the partial factors for actions from
Table 2 1,

Total action normal to base slab = 4190 + 1.3 x
7500 = design Vd = 13 940 kN

The characteristic design line from the SPT results
shown in Fig 258 is weighted towards the looser soils
at shallow depth Take a characteristic value of N =6,
from Fig 2 13, qi = 29°

Dividing by material factor y from Table 2.1 gives

Design 4' = tan_i(29° = 23 9
1 25 )

Figure 2 7 gives

Nq=lO, N8
Allow for a possible regrading of ground levels to give
an embedment depth of 05 m instead of the design
0.8 m No corrections are made for the ground-water

the shape factors sq and can be taken as unity, and for
the shallow embedment the depth factors dqand d7 are

ignored
From equation (28)

QIA'=0+8.5x lOx 1-i-fx 17x5x8

= 850 + 3400 = 425 0 kN/m2

Any dimensional inaccuracies in the base slab from
normal construction tolerances will have a negligible
effect Therefore take

A'=20x5= 100

and Q=425.Ox 100=42500kN,

which is greater than

Vd (effective) = 13 940 — 8 5 x 20 x 5 = 13 090kN

Hence the ultimate lumt state is not exceeded Check-
ing by permissible stress methods

From an unfactored ' = 29°, Nq = 16, N = 19

From equation (2 8),
QIA =136xl6+4x17x5

x 19

=2176+807.5=10251

AtfailureQ =10251x20x5
= 102510kN

Factor of safety = 102510/11690=88

For examining the serviceability limit state the
settlement of the tank foundation can be calculated
by the method of Burland and Burbidge The depth of
influence z1 from Fig 2 27 is 3 5 The numerical aver-
age N-value (unfactored) over this depth from Fig. 258
is 8 and the corresponding 4 values from Fig 226 are:

Minimum 4 x 102,

Average 9 x 10_2,

Maximum 30 x 102

Average net applied pressure = = 11 690/100
— 17x08

Ground-water
level

level. Total overburden pressure

a= 17x05=8.5kN/m2

For

= 103 kN/m2

25 x 4\2
Shapefactor ='=(.+o25j =14

Sand thickness
=11 = 1

factor

Timefactor =ft=(l-4-03+02log)=15
BIL = 5/20 =025, for 30-year period
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Average settlement at 30 years is

14x lx 15x 103 x5°7x9/100=60inm
From Fig. 2 26 maximum and minimum values of 4
are 30 and 4 x 102 Therefore

Maximum settlement = 60 x 30/9 = 200mm
Mimmum settlement =60 x 4/9 =25 mm

As already noted the Burland and Burbidge method
tends to overestimate settlements where there are a num-
ber of low N-values at shallow depth Checking by the
Schultze and Sherif chart (Fig 225), average N over
depth2Bisll ForIJB=4,andB=5,s=17

1.7 x 103
Short-term settlement =

11°87x(1 + 04 x 0.8/5)
= 20mm

This can be compared with the average short-term set-
tlement by the Burland and Burbidge method of 60/1 5
=40 mm Ths does not exceed the hmitmg maximum
settlement for raft foundations on sand of 40—65 mm
(Section 263) Hence the serviceability limit should
not be exceeded, but the tank structure should be de-
signed to accommodate the expected differential short-
term settlement The long-term movement over a 30-year
period should be capable of being accommodated by
creep m the reinforced concrete structure

Example 2.2 The retaining wall shown in Fig 259
cames a horizontal load of 300 kN/m run at a pomt
2 5 m above the base and a centrally applied vertical
load of 1100 kN/m run It is founded at a depth of
1 8 m in a silty sand Using permissible stress methods,
determine the factor of safety against general shear fail-
ure of the base of the wall

For the above loading conditions we can use equa-
tion (2 8) to obtain the ultimate bearing capacity of the
soil.

Resolving the vertical and horizontal forces, the re-
sultant R cuts the base at a distance of 07 m from the
centre of the wall Thus, from equation (2 10),

B'=50—2x07=3.6m, L'=L=25m
From Fig. 2 7, for 4) = 25°,

N=21, Nqil, andN?=9
From Fig. 2 12, for

H/(B'L'c+Vtan 4))=300/(3 6x25x 15+1100 tan 25°)

and

=0 16

H/(V+B'L') cot4) =008,
= 0.88, 1q

= 0 87, and i=075

From equation (2 11),

Shape factor s= 1 + 02 x 088 x 3.6/25 = 1 03

From equation (2 13),

Shape factor Sq,B = 1 + sin 25° x 087 x 3 6/25 = 1 05

From equation (2 15),

Shape factor s = 1 —04 x 075 x 3.6/25 = 096

The depth factor is ignored
The base of the wall and the ground surface are level,

thus the base and ground inclination factors are equal
to unity Therefore, from equation (2 8)

q1 = 15 x 2lx 103 x 088 + 18 x 2lx lix 105 x
087÷+x21 x36x9x096x075

=2855+3798÷2449=9102
Bearing pressure for effective foundation width is

= 305 6kN/m2;36

therefore,
Factor of safety against general shear failure

= 2.!2.a =30,
305 6

which is satisfactory

Example 23 A public building consists of a high
central tower with three-storey wings projecting on each
side The central tower structure is camed by four widely
spaced columns each carrying a combined dead load

H= 300 kNIm

Silty sand/ c=l5kN/m2

y=2 1Mg/rn3

Figure 2.59
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Shear strength (kN/m2)

Figure 2.60 Shear strength-depth curve

and representative imposed load of 2400kN mclusive
of the substructure At the most unfavourable position
the imposed load is 1200 kN on each column Tnal
borings showed that below a shallow surface layer of
topsoil was stiff-fissured London Clay followed by dense
sand Tests made on undisturbed samples from several
boreholes gave an undrained shear strength—depth rela-
tionship shown in Fig 260 Determine the required
foundation depths and allowable bearing pressures for
the tower and the three-storey wings

Because of the difference in loading conditions
between the tower and the wings, we shall have to
mvestigate the possibility of differential settlement
between these parts of the building

Dealing first with the central tower, mspection of
Fig 260 shows that it will be desirable to take the
column foundations to a depth of about 2 m to take
advantage of the stiffer soil Founding at a higher level
would require excessively large foundations, thus corn-
plicatmg the foundations of the wings at their junction
with the tower At a depth of 2 m the fissured shear
strength is about 80 kN/m2

To rnvestigate the ultimate limit state the loads are
factored from Table 2 1 to give

Vd = 2160 x 1 + 1200 x 1 3 = 3720kN per column.

The fissured shear strength is factored from Table 2 1
and gives c = 80/1 4 = 57 kN/m

The approximate bearing capacity factorN from Sec-
tion 2 3.3 (p 51) for shallow square or circular
foundations is 7 5

Ultimate bearing capacity is

= 75 x 57 + 19 x 1 2 + 9 x 08
A'

= 427 5 + 30=457 5 kN/m

If the ultimate hmit state is not to be exceeded Q/A'
must be equal to or greater than 3720 kN Therefore

A'=3720/4575=81m2 or 285x285m

To allow for dimensional inaccuracies given by machine
excavation and cast rn-place concrete, required size of
column foundation = say 3 m square

Calculation of net immediate settlement To check the
serviceability limit state the immediate settlement of
the column foundation must be calculated for the column
carrying the dead load with the imposed load m the
worst position. Unfactored load = 2160 + 1200 =
3360kN

Net bearing pressure = 3360/9 — 30= 343 kN/m2

The plasticity mdcx of London Clay can be taken as
45 and the overconsolidation ratio as 3. From Fig 2 33,
E/C = 300 Assuming the concrete is placed fairly
quickly after excavation,

E=300x85(av c)x 103=255kN/m2
From equation (243), for L/B =1, H/B =56/3= 1 9, and
DIB = = 066, = 050 and p0 = 093 (Fig 236)
Therefore

050 x 093 x343 x 3 x 1000
PI= =188mm,

say 20 mm

255x 1000

Calculation of consolidation settlement PC The soil
above the water table will be nearly saturated and,
allowmg for hydrostatic uplift in the clay below the
water table, the onginal overburden pressure before
applymg foundation loading, is given by

cr0=19xl2+9x08=30kN/m2
The dead load plus sustained imposed load totallmg

2400 kN must be used to calculate the long-term settle-
ments, giving a net foundation pressure of 2400/9—30
= 237 kN/m2 We must now calculate the distribution
of effective overburden pressure a and the induced
vertical stress a throughout the full depth of the clay
stratum as shown in Fig 2 61 The vertical stress distn-
bution is obtained from the factors shown rn Fig. 224
The results of one typical consolidation test are shown
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Figure 2.61 Vertical pressure distribution

m Fig 262 Because the clay stratum is relatively thck,
we must divide it into 1.4 m thick honzontal layers,
and calculate separately the settlement for each layer
The calculation is shown in tabular form

To obtain the net consolidation settlement p we must
reduce the oedometer settlement p by a factor which
we can take as 05 for London Clay Therefore,

=05 x 46= 23 mm

Here p,, can be reduced by a depth factor From Fig 239

the depth factor for DI..Jb = 066 is 080 There-
fore corrected settlement is 23 x 0 80 = 18 mm, say
20mm

x l0 m2/s The sand underlymg the clay acts as a
drainage layer, and also the concrete of thefoundation
can be taken as bemg more pervious than the clay, thus
the drainage is in two directions Smce the sand is much
more pervious than the concrete, the majonty of the
water expelled dunng the process of consolidation will
travel downwards to the sand layer However, for the
purposes of calculating the rate of settlement it will be
sufficiently accurate to assume equal drainage m each
direction

For two-way drainage, the time factors '50 and T
for 50 and 90 per cent consolidation from the type 1
U1—TcurveinFig 24Oare

T=020, T=085, d=!L=28m

Therefore, by equation (250), time required for 50 per
cent consolidation is

— T50d2 x 10-v

3l54xc
020 x 2.82 x 10— __________________ = 3.5 years (approx)

3154 x00139 x 10-6

Calculation of rate of consolidation settlement From
laboratory tests, coefficient of consolidation c =00139

•*%

— — — — — - — — -
%

0 GL,.

i—GWL12m

j29 20

\ p0 (kNIm2) _.!1

41

55

73 69

q 223 kN/m2

173

95

a(kN/m2)

Similarly,

085 x 282 x i0

3154 x 00139 10-6
= 15 years (approx)

Net total settlement after 4 years= p1 + 50 per cent p,

= 10 + 0.5 x 20

=30mm

Net total settlement after
20 years

0 86

0 840

082

=20+ -- x 20
100

080 —
03

=38 mm, say 40 mm.

Alternatively, from the Burland et a1218 relationship

Immediate settlement =05 x p,, =05 x 46= 23 mm.

Final settlement = p, =46 mm, say 50 mm
With the relatively small order of settlement there is no

particularneed tocalculate the rateofsettlementover the
construction penod or to draw a time—settlement curve

Ifthe sand stratum were not present, drainage would
be one-way only (i e vertically upwards) We would

then use the type 3 U3 — Tcurve in Fig 2.40 From this

curve,

04 05 06 07080910 12 14161820
Log p0 (kN/m2 x 100)

Figure 2.62 Pressure—voids ratio curve T, 0 09, T = 072, d = H= 5 6 m.
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Layer
no

Depth of
layer (m)

Depth to
centre of
layer (m)

Thickness

of layer
H (m)

Original
effective
overburden
pressure,
p,at centre
of layer
(kN/m2)

Vertical
stress a,
due to net
pressure q,
(kN/m2)

Resultant

effective
pressure
at centre
of layer,
p, +a,,
(kNIm2)

Voids
ratio at
p,, e1

Voids
ratio at
p, +a,

e1 — e2

i + e
Settlement
of layer,
a1 — e2

1+ e
H

1000 (mm)

20—3 4
34—48
48—62
62—7 6

27
41
55
69

14
14
14
14

36
49
61
74

173
95
52
30

209
144
113
104

0858
0857
0856
0854

0827
0838
0848
0850

00167
00102
00043
00022

23
14
6
3

Total oedometer settlement of clay layer, p,,, =46 mm

Therefore, tune required for 50 per cent consolidation

009 x 5 62x i0
t50 3.154x00139x10-6 =65years(approx)

072 x 5 62 x 10

Similarly,

=
3 154 x 0.0139 x l0

= 50 years (approx)

Stnp foundation to three-storey wings Since the
structure is founded on a stiff-fissured clay it will be
subject to seasonal swell and shrinkage Since this is a
public bwldmg, presumably with high standards of finish
and workmanship, any cracking due to seasonal move-
ments would be unsightly If we take the foundations
to 1 2 m depth this will get below the zone of any dam-
aging soil movement However, this is the water-table
level and we do not want the clay in the foundation
trench bottom to become puddled and soft dunng ex-
cavation Therefore it is best to select a foundation level
a few centimetres above the water table, i e at 115 m
From Fig 260 the fissured shear strength at this level
is 65 kN/m2 This can be taken as the characteristic
strength

The dead loading on the wall mclusive of the
strip foundation is 100 kN/m run together with an im-
posed loading in the most unfavourable position of
20 kN/m Therefore to investigate the ultimate limit
state

Design loading = Vd = 100 + 1 3 x 20 = 126 kN/m

the strip is 0.63 m, and the effective width is 055 m to
allow for construction inaccuracy

Design c = 65/1.5 = 43 kN/m2

From Section 233, for D/B= 115/055=2 1,N,=7
Ultimate bearing capacity =7 x 43 x 055= 165 kN/m,
which is greater than Vd Hence the ultimate limit state
is not exceeded

For checking the serviceability limit state, it will be
sufficiently accurate to estimate this from the immedi-
ate settlement Assume that the weight of soil removed
in excavation to 115 m roughly balances the weight of
brickwork, concrete, and clay backfill, giving a net foun-
dation pressure for dead and unfactored imposed load
of 120/0 63 = 190 kN/m2

Take

E, = 300 x 65 (unfactored) x iO = 20 kN/m2

From Fig 237 for

H/B=6.5/063=12, LIB=oo, and D/B=1.8
ii=1.4, i=091

14 x 091 x 190 x 063 x 1000
=8mm,

say 10mm

20 x 1000

Final settlement = oedometer settlement =2 x 10
=20mm

For a wall thickness of 328 mm in brickwork plus
150 mm on each side to give clearance for bncldayers
to work on the strip foundation, the nominal width of

The differential long-term settlement of 40 — 20 =
20 mm between the tower and wings suggests the pro-
vision of vertical joints to accommodate the movement

1

2
3
4
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Example 2.4 Columns supporting a steel-framed
warehouse building with sheet steel cladding carry a
dead load of 550 kN andan imposed wind load of 90 kN
The columns are at 6 m centres The building is located
on a river bank where medium-fine sands extend to
more than 8 m below ground level. From several static
cone penetration tests the loosest and densest q/depth
diagrams are shown in Fig 263(a) and (b) respectively
Design suitable pad foundations

A foundation depth of 1 m will be suitable to reach
the somewhat denser soil, but to remain above ground-
water level Allowing for overbreak in excavation, net
weight of foundation for a trial size of 20 x 20 m is

25x222xl—18x222x1=34kN
Total dead plus imposed load is

(550 + 34) 90 = 584 + 90 = 674kN

Design loading from Table 2 1 is

584+13x90=7OlkN
The effective foundation width for calculating the
ultimate bearing capacity is 1.9 m From Fig 2 63(a) cone resistance, qc (MN/rn2)
thecharactenstic q at 1 m bgl is 2.2 MN/rn2 Allowing 10
for the ground water to rise to ground level at the time
of river flood, Fig 2 14 gives an eqwvalent 4)' value
of about 340 for an effective overburden pressure of
8 kN/m2

From Table 2 1

Design 4i' = (_i(34= 2830. 125 ) _______ _________ _______
From Fig 2 7

Nq= 14, N 15
The approximate shape factors sq and S? are 1 2 and
08 respectively, and the depth factors dq and d., are
ignored

From equation 28, ultimate beanng capacity is

Q/A'=0+8x 14x 12++x8xl9x l5xO.8
= 226kN/m2

At the ultimate limit state Q = 226 x 1 92 = 816 kN
which exceeds "d = 701 kN

For deternumng the serviceability limit state, the bear ______ _______ _____
ing pressure for the unfactored loads and the nominal
foundation dimensions are 674/22 = 169 kN/m2

The q/depth diagram is divided into two repres _______ _________ ______
entative layers, and the drained secant modulus E' is
obtained from Fig 2 30 for the effective overburden
pressure at the centre of each layer

0

cone resistance, q (MN/rn2)

C

14

800 05 10
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I0

C
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!j!"
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Example 2.5 Calculate the immediate and long-term
settlement of a bndge pier with a base 8 50 m long by
7 50 m wide, founded at a depth of 30 m The base of
the pier imposes net foundation pressures of 220 kN/m2
for dead loadrng and 360 kN/m2 for combmed dead
and live loading Bonngs showed dense sand and gravel
with cobbles and boulders to a depth of 9 m below
ground level, followed by very stiff over-consolidated
clay to more than 25 m below ground level Standard
penetration tests gave an average N-value of 40 blows
per 300 mm in the sand and gravel stratum A num-
ber of oedometer tests were made on samples of the
stiff clay Tnaxial tests on undisturbed samples of
the clay gave a mimmum shear strength of 120 kN/m2,
and an undrained modulus of deformation (Es) of
40 MN/rn2

Calculating immediate settlements in sand and gravel
_____ stratum FromFig 225, forLJB=85/75= 1 i,and

d/B =6 0/7 5 = 08 (reduction factor =08)

0 8 x 1 x 220
Immediate settlement =

40°(1 +04 x 3/7 5)
=6mm

Checking the settlement by the method of Burland and
Burbidge, the N-value is corrected for the gravel con-
tent to give N(corrected) = 1 25 x 40 = 50, for which
Fig 226 gives 4= 0.65/100,

(1 25 x 8 5/7
Shape factor = = 18 5/75 + 0.25)

= 1 05

For gravel thickness of 6 m, Fig. 2 27 gives Z,=45 m,
therefore

f,=6/45(2 —6/45)=089.

For immediate settlernentf = 1 Therefore

Immediate settlement = 1.05 x 089 X 1 [(220 — X

20 x 3) x 7•507 x 065/100]
= 5mm

______________________________ For 360 kN/m2 loading, immediate settlement is given
by

6x360 5x360=10mm or =8mm
220 220

Bearing capacity of stiff clay The vertical stress dis-
tribution curves (Fig 2 64) from the curves for ngid
foundations (Fig. 224) show that the vertical stress on

In layer 1 from Fig 237, for H/B = 12/2 = 06,
Pi=°" forD/B= 10/2=05, .i=0.95

Short-term settlement =

01 x 095 x 169 x 2 x 1000
=8mm

4 x 1000

Take a 1 2 spread of load on to layer 2, bearing
pressure at surface of layer is

674/3 22 =66 kN/m2.

ForH/B=3 8/3.2=12, g1 =045, forD/B=2.2/32=
07, p0=O93

Short-term settlement =

045 x093x66x32x1000 = 10mm
9 x 1000

Total for layers 1 and 2 = 8 + 10 = 18 mm, say 20mm
Similarly the q/depth curve for the densest state is

divided into two layers as shown in Fig 263(b) and the
total short-term settlement is calculated to be 15 mm.
The differential settlement between adjacent columns
is therefore a maximum of 5 mm giving a relative
rotation of5mmin 6000mm or 1 in 1200 Table 26
shows that structural damage should not occur to the
steel-framed building, and bnckwork cladding could be
considered instead of metal sheeting

The settlement for the loosest conditions can be
checked by the Schmertmann method The 4/depth
diagram for a peak 4 = 05 + 0 1 x 169/34 = 1.0 (see
Fig 2 28)

From 1 0 to 20 m,

05 x 18x 1
C1 = 1 —_________ = 0.95 (22 for immediate

169

settlement = 1

095 xix 169 x 045 x 1000 =13mmI 25x23x1000

From 20 to 2 2

095 xix 169 x097 x02 x 1000 =5mm
25 x 23 x 1000

From 22 to 5 0

095x1x169x048x28x10 =10mm
2.5x9x1000

Total settlement = 28 mm, compared with 20 mm cal-
culated from the charts in Fig 237
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Pier
7 5 m x 8 5 m long

q,,220kN/m2 Dead GLOm
q= 360 kNlm2
Dead + live

3m

12 m
Stiff clay

Figure 2.64 Vertical stress distribution from pier loading

the surface of the clay is 137 kN/m2 for combined dead
and live loading. The beanng capacity factor from Sec-
tion 2 3 3 for a foundation 12 m wide at a depth of 9 m
(on the surface of the clay) and BIL=080 is 7.1 Thus
the ultimate beanng capacity of the clay is 7.1 x 120 =
852 kNIm2, which gives an ample safety factor against
shear failure in the clay However, it will be necessary
to calculate the immediate and long-term consolidation
settlements of the clay stratum to ensure that the total
settlements of the bndge pier are not excessive

Calculating settlements in clay stratum From the ver-
tical stress distnbution curves (Fig 2 64) the stresses
transmitted to the surface of the clay stratum are 83
and 137 kN/m2 for the 220 and 360 kN/m2 loadings,
respectively These are transmitted over an area of

approximately 12 x 15 m The vertical stress below
18 m is only 10 per cent of the applied stress There-
fore we need not consider settlements below a depth
of 18 m

The loaded area is divided into four rectangles, each
60mx75m FromFig 235forH/B=9/6=l5and
LIB=7516= 125, F =I=022

For 220 kN/m2 loading, immediate settlement at
corner of rectangle is given by equation (241)

83 x 6x(1 —052)x 022 x 1000 =20mm.
40 x 1000

Reduce by depth factor from Fig 2 39 of 07 for

D/..j = 91.16 x 75 = 1 3

Therefore

Reduced settlement =07 x 1 4 mm
Settlement at centre of area= 4 x settlement at corner

=4x 14=6mm

For 360 kN/m2 loading, settlement at centre of loaded
area is given by

1376x— = 10mm
83

Calculation of net consolidation settlements Since a
number of consolidation tests were made we can use
the coefficient of volume compressibility (mu) for cal-
culating the oedometer settlement (p) The 9 m thick
clay layer which is appreciably affected by the founda-
tion pressures is divided into a 3 m thick layer from
9 to 12 m below ground level and a 6 m tiuck layer
from 12 to 18 m below ground level The in values
corresponding to the respective increments of pres-
sure in each layer are shown in the table below. Since
this is an overconsolidated clay, we can take =05
and the depth factor for 9/V12x15 =07 is = 08
The calculations for p are shown in the table
below

Net foundation
pressure, q,, (kN/m2)

Depth of layer below
ground level (m)

Thicbiess of layer (m) m (m2/kN) Average vertical stress
on layer, a, (kN/m2)

Oedometer
settlement p,,,, (mm)

220

360

9—12
12—18

9—12
12—18

3
6
3
6

000011
000003
000020
000004

62
31

101

50

20
6
61

12

Dense sand and gravel

9m

220 360kN/m2

83 137

62 101

11 50Layer II

18 m
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From this, total consohdation settlement for 220 kN/ bearing tests made in a large-diameter borehole are
m2 load is given by shown in Fig 265 Estimate the settlement of the build-

ing for a net bearing pressure of 250 kN/m208x0.5x(20+6)= 10mm A straight line variation of Ed with depth is
and total consohdation settlement for 360 kN/m2 load by plotted m Fig 265 At 30 m below ground level Ed =

3600 MN/rn2 and at foundation level E = 200 MN/rn208 x05 x(61 + 12)=29mrn Therefore from the diagram in Fig 243,

Summarizing total settlements The total final settle-
k — (3600 — 200) 20 — 12 14

ment of the bridge pier is given by
—

200
X —

pf= Immediate settlement in sand and gravel The raft is divided into four equal rectangles each 20 m

+ Immediate settlement in clay x 10 m From Fig 243 for IJB = 20/10 = 2, H/B =
43/10=43,andk=12 14,+ Consolidation settlement in clay

1' =005
For dead loading of 220 kN/m2, p

Therefore immediate settlement at corner of rectangle
p=6+6+l0=22,say25mm isgivenby

For combined dead and live loading of 360 kN/m2, 250 x 10 x 005 x 1000 = 063mm,
pf=lO+ l0+29=49,say5omm 200x1000

A settlement of 15 mm will take place as the pier is Settlement at centre of foundation= 4 x 063
constructed and this will increase to about 25 mm if =252 mm,
and when the bridge sustains its maximum live load.
The remaining settlement due to long-term consobda- Settlement at centre of long side =2x 063=1 26 mm,
tion of the clay under the dead load and sustained live Average settlement of 'rigid' raft = +(252 + 1 26
load may take 50 years or more to attam its final value +063of 30 mm

= 147mm

Example 2.6 A 20-storey building is founded on a From Fig 2.44, correction factor for H/B x 43/20=22
stiff raft 40m long by 20m wide at a depth of 2m isF5=096,andfromFig 245,forD/B=20/20=0 1,
below ground level and is sited over a weathered marl F0 = 1 0 Therefore
becoming less weathered with increasing depth, until a
relatively mcompressible stratum is met at a depth of Corrected settlement = 1 47 x 096 = 1 4 mm,

45 m Deformation modulus values obtained from plate say 2 mm

20x40m
2 0 m Ed x 1000 (MN/rn2)

________ q,,=250kN/m2 0 1 2 3 4

+ + + + + _____2 I I

10

from plate\ bearing tests
20

3600 MN/rn2

W
incompressible layer

Figure 2.65
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There could, an addition, be some creep settlement in
the weathered rock which might double the immediate
settlement.

Example 2.7 A column carrying a dead load of
3500 kN and an imposed load of 1500 kN is to be
founded at a depth of 06 m on a weak medium-bedded
poorly cemented sandstone Examination of rock cores
showed an average Joint spacing of 250 mm Tests on
the cores showed a representative umaxial compression
strength of 1 75 MN/m2 Determine suitable dimensions
for the column base

Investigating the ultimate limit state, design load =
Vd=35+ 13x 15=545MN FromSection236
for q,,, = 1 75 MN/rn2, c= 0 1 q = 0 175 MN/rn2 and
4> = 30°

From Fig 2 16, N = 14, N? = 15, and Nq = 9 Take a
trial width of 15 m

From equation (226)

.-=0175x14+22x075x 15x iO
A'

+22x06x9x iO
=28 MN/rn2

Q = 2 8 x 1 52 = 63 MN,

which exceeds Vd =545 MN The bearing pressure for
the unfactored loads is 5/1 52 =22 MN/rn2

From Table 2 12 the mass factor for a jomt spacing of
four per rnetre is 06, and the modulus ratio for poorly
cemented sandstone is 150 Therefore from equation
(2 53)

Mass deformation modulus = 06 x 150 x 1 75
= 157 MN/rn2

Divide the base mto four equal squares each of 075 rn
width.

From Fig 243 for IJB = 1, H/B = 10 and k = 0,
= 049

Immediate settlement at corner of square

22x075x049x1000= =51mm
157

FrornFig 244,F5=landfromFig 245,F0forD/B
= 0 6/15 = 04 is 0.92

Corrected corner settlement = 1 x 0.92 x 5.1 =47mm

Average settlement of ngid base =08 x 4 x 47
= 15mm

Creep might increase this settlement to about 25—30 mm
in the long term

The average settlement of the rigid base can be
checked from equation (258) From Fig 245(b) for
L/B= 1,A= 11 and from Fig 246 forD/B=04,

= 068 (Pells and Turner value) Therefore

22(1 — 022)x 15 x 08 x 10
Settlement

= 12mm
11 x 157

Example 2.8 The column described m Example 27
is founded at 06 m on a medium density Grade B chalk
Determine swtable dimensions for the base and calcu-
late the settlement of a flexible base From Table 2 14,
take an allowable bearing pressure of 05 MN/rn2 at the
upper limit of the yield stress For a factored load of
545 MN,

Required base area =5 45/05 = 109 m2 (3 3 x 3 3 m)
Bearing pressure for unfactored load = 5 0/109
=046 MN/m2

From Table 2 14, take E= 1500 MN/rn2 For BIL= 1,
Fig 246(a)gives4= 1 2andforD/B=06/33=02,
Fig 245 gives i', = 069 (Pells and Turner value)
Therefore

Centre settlement from equation 257

= 046 x 33 x(1 — 0242)x 12 x 069 x l0

= approx 1 mm
1500

This is a very small value and it would be desirable to
make plate bearing tests to obtain the in-situ yield stress
and deformation modulus and hence to obtain a more
reliable estimate of the foundation settlement with re-
duced dimensions
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3 FcuSatiioini design fn
ireliafticnni to grnund
movemeinits

In the previous chapter we have considered foundation
design in relation to bearing capacity and consolidation
of the soil However, ground movements which are in-
dependent of stresses imposed by the foundation load-
mg can occur Examples of these are movements due to
swell and shrinkage of the soil under varying moisture
and temperature conditions, frost heave, hillside creep,
nuning and regional subsidence, and settlements due to
shock and vibration

It is necessary to take precautions against the effects
of these movements on the structure, either by deepemng
the foundations to place them on ground which is not
susceptible to movement or, if this is not economically
possible, to adopt special forms of construction which
will allow appreciable movement without damaging the
structure

The various types of ground movement are described
in this chapter and the foundation designs appropriate
to these movements are discussed

3.1 Soil movements

3.1.1 Wetting and drying of day soils due to
seasonal moisture content variations

Some types of clay soil show marked swelling with
increase of moisture content, followed by shrinkage
after drymg out In Great Bntam, the clays showing
this characteristic are mainly the stiff-fissured heavy
clays such as the London, Gault, Weald, Kimmeridge,
Oxford, and Lias Clays, and the clays of the Woolwich
and Reading Beds. The leaner glacial clays and marshy
clays do not show marked seasonal swell and shrink-
age, except for the chalky boulder clay of East Anglia
which is derived from the stiff-fissured clays mentioned

above However, these leaner clays can show substan-
tial shrinkage if they are influenced by the roots of
growing trees As a rough guide, clays with a liquid
limit of more than 50 per cent which lie above line A in
the plasticity chart (Fig 113) are likely to be trouble-
some Local enquiry and observations of shrinkage,
cracking and desiccation m trial pits are helpful. The
effect of this seasonal volume change is to cause a rise
and fall in the ground surface accompamed by tension
cracks in the soil in drying periods and closing of the
cracks in the wet season The movements are larger in
grass-covered areas than in bare ground

Measurements of moisture content variation with
depth, comparing the profiles obtained from open ground
and ground close to trees, will give some indication of the
depth of desiccation for these two conditions However,
because of the wide scatter in moisture content values
over the range of depths and the comparatively small
difference in the moisture content of desiccated and
undesiccated clays a comparison of the profiles is often
inconclusive, particularly on tree-covered confined sites
where the profile for open ground cannot be obtained

The pore-water suction in clays is a much more
fundamental indication of the swelling and shrinkage
potential The suction is unaffected by local variations
in soil properties and is much more sensitive than
moisture content determination The Building Research
Establishment in the UK, in association with Imperial
College, London, have developed a simple test for the
pore-water suction of clays.31 Undisturbed samples taken
from boreholes or trial pits are cut transversely into
cylindrical slices and discs of filter paper are inserted
between them The assembly of discs is wrapped in
clingfilm and sealed with wax After five—ten days of
storage the water content of the filter papers is measured,

;oS
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from which the suction is calculated A profile of suction
versus depth is plotted showing whether it is denved
from surface drymg by atmosphenc effects or by shal-
low vegetation such as grass A deeper and irregular
profile shows the effect of deep-rooted vegetation Low
or zero suction mdicates the depth at which there is no
potential for heave when the soil is wetted The test can
be made on stnps cut from 38 mm tube samples, or on
disturbed samples by compacting them mto a mould

Swelling and shnnkage of heavy clays can be very
damaging to siructures on shallow foundations. The
movements are seasonal, causing subsidence of the
ground surface in the summer months, particularly in
grass-covered areas, and a correspondmg nse dunng
the winter. The Buildmg Research Establishment have
conducted extensive research into the effects of these
movements at a London Clay site near Chattenden m
Kent,3233 where part of the site was covered by Lom-
bardy poplars 20—25 m high The clay at this site has a
liquid lmut of 88 per cent and a plasticity mdcx of 25,
indicating a high shnnkage potential Movements of the
soil were measured m open ground and near trees at a
senes of measunng points between the ground surface
and 4 m depth The results for the penod from 1988 to
1998 are shown in Fig 3.1 The surface movements in

ground remote from trees dunng the exceptionally
dry years of 1989—90 and the relatively dry years of
1995—96 will be noted However, at a depth of 1 m the
vertical movements never exceeded 15 mm (Fig 3 1(a))
The results of the research on shallow foundations
showed that the long-standing recommendation for a
foundation depth between 09 to 1 0 m below ground
level for low-nse buildings on shnnkable clays was a
reliable one for open-ground conditions Many tens
of thousands of houses have been constructed on sites
in south-east England with foundations at a depth of
0.9 m Very few cases of damage have been reported
In most cases of reported cracking of houses on tradi-
tional strip foundations in clay, the damage can be
traced to the effects of growing trees or bushes, or to
building on sites where trees, hedges, or bushes had
been removed.

The severe ground heave at the surface caused by
tree felling can be seen in Fig 3.1(b) The swelling due
to recovery of moisture in the desiccated clay amounted
to 160mm from the summer of 1990 to the winter of
1998 However, there was very little swelling move-
ment relative to 1990 below 3 m The implications of
these movements to foundation design are discussed
later in this section

Figure 3.1 Seasonal movements of measuring points at vanous depths below the ground surface in London Clay (a) Away from
trees (b) Near trees (after Cnhly and Dnscoll33)
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Open field (natural grass)

Figure 3.2 Movements of the ground surface under various conditions of surface cover at Onderstepoort, South Africa
(after Williams and Pidgeon34)

Climatic factors There are, however, two further
factors which greatly increase the problem of swell and
shrinkage and which may necessitate special methods
of foundation design The first factor is the effect of a
wide difference in seasonal rainfall and soil temperature
conditions These conditions are met in the Sudan, the
Levant coast of the Mediterranean, South Africa, south-
eastern Australia, western Canada, and in the southern
and south-western parts of the USA Measured ground
movements under various conditions of surface cover
in a black expansive clay at the Onderstepoort test site,
South Africa,34 are shown in Fig 3 2

The annual rainfall from north to south in the UK
shows sufficient variation to influence the design depths
of shallow foundations in clays with a shrinkage poten-
tial as discussed below

Effects of vegetation The second factor which ag-
gravates the swell and shrinkage problem is the effect
of the roots of vegetation The roots of trees and shrubs
can extract considerable quantities of water from the
soil. The root systems of isolated trees spread to a radius
greater than the height of the tree, and in southern
England they have caused sigmficant drying of heavy
clay soils to a depth of about 3—5 m The difference in
the moisture content—depth relationship between open
ground and tree-covered areas at the Chattenden test
site is shown in Figs 3 1 and 3 3

The problems caused by root systems are twofold
First there is the problem of heave of foundations on
sites which have recently been cleared of trees and
hedges, and second there is the problem of settlement
in existing structures sited close to growing trees or
caused by subsequent planting of trees and shrubs close
to them

Pressure exerted on the underside of foundations from
heave in clay soils is much higher than that imposed by
the superstructure of single or two-storey houses. This
was demonstrated at the Chattenden site32 where four
1 m square dummy foundations were set at a depth of
1 2 m and loaded to give bearing pressures of 17 kN/m2
for pads 1 and 2, 34 kN/m2 for pad 3, and 63 kN/m2
for pad 4 The last-mentioned pressure is equivalent to
that imposed by the strip foundations of a two-storey
building The pads were located in the tree-covered area
The movements shown in Fig 34 are intermediate
between those measured at points 1 and 2 m depth shown
in Fig 3 1(b) The cumulative downward movement
due to soil shrinkage over three successive dry years
will be noted

The pronounced shrinkage which accompanies re-
moval of water from clay soils can take place both
vertically and honzontally Thus, precautions must be
taken not only against settlement but also against forces
tending to tear the foundations apart

The magnitude of ground heave of swelling clay
after removal of trees at the Chattenden site has been
referred to above. Clay swelling can continue over a
long penod of years as described by Cheney35 Large
elm trees had been cut down a few months before four
cottages were built on London Clay Cracks developed
two years after completion of building, and levelling
showed that these were due to soil swellmg The move-
ment was still not completed after 25 years from the
time of cutting down the trees The estimated heave of
the soil was 150 mm This is by no means an isolated
case. The author has knowledge of several instances
of heave in London Clay in the range of 100—150 mm
caused by removal of mature trees, with heave move-
ments continuing over periods of 10—20 years

7 2 m diameter sand blanket
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a

I

Figure 3.3 Variation in water content versus depth in London Clay for summer and winter conditions (a) Open ground away from
trees (b) Near trees

The soil beneath areas previously occupied by old ing Council36 The nsks of damage to foundations and
buildings and paved areas must also be allowed to come superstructures by these movements are stated in terms
to an equihbnum moisture content with the adjoimng of a heave or shrinkage potential, which is related to
uncovered ground. the plasticity index of the clay:

3.1.2 Foundation design in swelling and
shrinking clays

Strip foundations The factors influencing the mag-
mtude and rate of swelling and shnnking movements
in clays, as discussed in the foregoing pages, are taken
into account in design guidance rules for house founda-
tions in theUK, published by the National Housebmid-

Heave or shrinkage potential Plasticity index

High >40
Medium 20—40
Low 10—20

Volumetric water content (%)
35 45

Volumetric water content (%)
35 45

(a) (b)

The magnitude of clay shrinkage caused by growing
trees is also related to the mature height and water
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Figure 3.4 Seasonal movements of a I m2 x 2 m deep loaded pad foundations near trees in London Clay (after Freeman et a!3 2)

demand of the particular species Trees are grouped
mto species having low, moderate, and high water
demand, and are further sub-divided mto broad-leafed
or coniferous species The same classification is used to
assess the risk of heave movement if trees beneath or
near the foundations are cut down

The effects of climatic conditions are assessed by ref-
erence to the geographical location of the site The UK is
divided into regions of diffenng annual rainfall bounded
by concentric circles radiating from London, with the
driest regions m the south-east of England and the wettest
in north-west Scotland The assembled data are entered
mto design charts which give the foundation depth re-
quired for a given distance from a growing or cut-down
tree. Alternatively, the charts are used for tree planting
schemes to determine the required safe distance of a tree
at its mature height from a foundation of given depth

The NHBC publication also provides guidance on
the void space required beneath the underside of a sus-
pended floor and the ground surface over the plan area
of the building This space is provided to prevent dam-
age to the superstructure from clay heave resulting from
cutting down trees or stripping turf from beneath the

building NHBC recommend the provision of suspended
ground floors wherever foundation depths detenmned
from their design charts exceed 1 5 m, and wherever
there is potential for heave within the plan area of the
building The recommended depths for the void are

Soil heave potential Depth to ground surface from

Underside of
precast concrete
floor (mm)

Underside of
joist of timber
floor (mm)

High
Medium
Low

225
175
125

300
250
200

Where cast-in-place concrete is used for suspended floor
slabs the void required for protection against heave
should be provided by a suitable void former Allowance
should be made in the design for the forces required to
compress the void former In NHBC Standard Chapter
42, the minimum void required for suspended in-place
concrete slabs vanes from 150 to 50 mm for high to
low heave potential clays respectively

1988 1989 1990
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Clay heave can be damaging when turf is stripped
off during the summer months and the ground floor
cast before the clay comes to equthbnum moisture
conditions Following the dry summer of 1959, the
floor slabs of houses in Hertfordshire were lifted some
5—20 mm above the surrounding footing walls when
the desiccated clay regained moisture and heaved after
the autumn rains The concrete was cast against the
footmg walls causing them to lift and crack

Damage to the superstructure of a building can occur
when internal walls are lifted by heave beneath a ground-
bearing floor slab

In open ground conditions away from the influence
of growmg trees or future planting, NHBC recommends
minimum foundation depths of 1 0,09, and 075 m for
clays of high, medium, and low shrinkage potential
respectively.

Swelling of desiccated clay occurs m a honzontal as
well as a vertical direction In order to prevent substan-
tial horizontal forces from developing against the inside
face of deep strip foundations it is advisable to provide
a slab of low-density expanded polystyrene against this
face of the foundation trench before placing the con-
crete, as shown m Fig 49(b)

Piled foundations Excavation and concrete placing
for strip foundations at depths greater than 1 2—1 5 m are
likely to be uneconomic compared with other foundation
methods, particularly if the design requires operatives
to work inside the trench when support of the excavated
face is required in trenches deeper than 1 2 m and even
if a trench-fill type is provided (Section 42 1) occasional
local collapse of the face due to fissuring of the clay
can be troublesome to deal with Piling is an economical
alternative to the deep strip, particularly for sites where
there are growing trees or future planting or where trees
are cut down before building commences

Three principal cases need to be considered for the
design of piling to deal with forces resulting from the
shrinkage and swelling of clays

(a) seasonal moisture conditions in open ground away
from the influence of trees,

(b) shrinkage in areas of growing trees,
(c) swelling caused by removal of trees

For case (a), clay shrinkage during the summer months
induces a compression load in the upper part of the
pile shaft, which is resisted by shaft friction at lower
levels and by the pile base During the autumn and
winter, regain of moisture in the clay causes it to swell,
with a corresponding tension in the upper part of the
shaft, which is resisted by shaft friction in the zone of

equilibrium moisture content Figure 3 3(a) shows the
zone of alternating tension and compression to be about
1 5 m deep

For case (b), the piles are again subjected to alter-
nating tension and compression but the shear stress
between the clay and the pile extends to much deeper
levels, and there may be little recovery of moisture
extracted by the tree roots during autumn and winter
rains following a dry summer. Figure 3 3(b) shows the
zone of shrinkage extending to about 25 m

Case (c) is concerned solely with the effects of clay
swelling as the desiccated clay slowly returns to an
equilibnum moisture content after tree felling This
causes tension to develop in the pile within the swell-
ing zone and there may be little or no reversal to a
compression force Loading from the building super-
structure provides some counter-balance to the tension
loading, but superstructure loads in two- or three-storey
domestic buildings are small as relation to the forces
induced by clay movements

The first stage of the research at Chattenden32 in-
cluded observations of the head movements of unloaded
bored piles installed in a tree-covered area The clay
shrinkage during the exceptionally dry summer of 1990
caused a downward movement of as much as 50 mm
in a 3 m long pile, showing that the compression force
over the greater part of the shaft exceeded the pile
resistance Two 12 m deep piles showed negligible
head movement These observations serve as a warning
against the advice to use 'short bored piles' for house
foundations in conditions where qwte substantial pile
lengths are required

The extended research at Chattenden33 compnsed the
mstallation of three lightly-loaded 300 mm diameter by
12 m deep bored piles with load cells at three levels to
measure axial forces caused by clay swelling and shrink-
age One pile was m an open grass-covered area, and the
other two were in an area covered by trees The last two
piles were installed 21/2 years before tree felling and
observations were subsequently continued for a further
8'/2 years

The pile in open ground (TP1) generally showed
alternating tension and compression over the upper
6—7 m, with negligible loads reachmg the base The
peak loads in this pile are shown in Fig 3 5 The maxi-
mum tension load of 58 kN occumng in January 1975
followed years of fairly normal annual rainfall from
1991 to 1994 The exceptionally dry summer of 1990
caused a shrinkage-induced compression load of 56 kN,
observed in December of that year, indicating that the
autumn and winter rainfall had been insufficient to
re-hydrate the clay to a state causing uplift on the pile
by swelling
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Load in pile (kN)
Tension Compression -

TP1 December 1990

Figure 3.5 Peak loads in piles induced by swelling and shnnlung of clay

The peak compression load of about 110 kN in pile
TP3 was observed before tree-felling in the summer
of 1988, which was not notably dry, indicating that
the drying effect of extraction of moisture by tree roots
is dominant compared with shallow moisture changes
caused by surface precipitation

The effects of tree felling are evident from the
behaviour of pile TP3, where tension loads up to 65 kN
were mduced Over a depth of 4—6 m the pile remained
wholly in tension three years after felling and continued
to show tension loads throughout the seasons for a fur-
ther five years

During the ten year period of observations from 1988,
the uplift and settlement of the pile heads did not exceed
2 and 05 mm respectively, showmg that the 12 m pile
length was adequate to restrain the piles from excessive
vertical movement

Very little shear stress was developed at the interface
between the pile and the clay at depths between ground
surface and 2 m for piles m open ground and in areas of
growing trees, due to shnnkage of the clay away from
the piles Peak interface shear stresses were induced for

swelling conditions within a depth of 3.0—3.5 mm TP3.
The maximum shear stress was 048 times the undrained
shear strength of the desiccated clay However, Crilly
and Dnscoll33 noted that the peak stress was not in-
duced over the whole length of the pile within the com-
pression or tension zone This was because only a very
small movement at the interface was required to mobil-
ize the peak value Vertical ground movements in the
mass of clay surrounding the pile were very much larger,
causing the interface stress to fall to the lower residual
value Also because of the seasonal rise and fall of the
wetting and drying fronts, peak stresses were not mobil-
ized simultaneously over the whole length within the
tension or compression zones

As a result of the Chattenden research, Cnlly and
Dnscoll recommend that when the 'total stress' method
be used to calculate the axial active and restraining
forces in the pile, as descnbed in Section 7 7 1, the
adhesion factor a in equation (7 28) can be taken as
045 times the undrained shear strength of the unde-
siccated clay in the swelling zone, and the greater of
0 6 times the undesiccated strength or 045 times the

100 120

S.

S./\
TP1 January 1995

4. S

I
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desiccated strength m the anchorage zone They further
point out that where bored piles are supporting low-rise
buildings, settlement of the piles under the relatively
light superstructure loading is likely to be very small
Hence, the partial factor on shaft friction in equation
(7 2) can be appropriate to the serviceability limit state,
giving a value at or close to unity

Itis essential that the pile structure should be de-
signed to resist the axial tension forces, with reinforce-
ment continuous over the whole pile length The partial
factors should conform to the ultimate limit state in the
relevant structural code

In areas of cut-down trees, ample void space should
be provided beneath ground beams and the suspended
ground floor slab to provide for clay swelling The
NHBC standards36 recommend the same space dmien-
sions as given above for strip foundations The pile
reinforcement must be tied into the ground beams A
suitable design is shown in Fig 8 43

Raft foundations As an alternative to piled founda-
tions the clay within the zone of potentially damaging
swelling and shrinkage movements can be removed and
replaced by compacted granular fill surmounted by a
stiff reinforced concrete raft which forms the ground
floor slab of the building This procedure is approved
by the NHBC, who recommend the arrangement shown
in Fig 3 6 for situations where the foundation depth
as given by their design charts is 2 m or less The fill
depth shown in Fig. 3 6 is required to be not less than
50 per cent of the foundation depth given by the design
charts and not more than 1 m, unless it can be shown
that greater depths of fill can be fully compacted and
can 'resist rotational movements' Suitable designs of
raft foundations are shown in Section 45.1

RC raft side ratio >2 1

Finished ground
____________ ________________ level

I ThFuiiNJ ;1)7'L _4ngleof compacted .a °'' 1m max
renose of fill fill

In-situ clay

irigure 3.6 NHBC requirements for raft foundation on
shrinkable clays

In Australia,37 it is the usual practice to adopt stiff
raft foundations as a precaution against seasonal mois-
ture content variations. A typical design is shown in
Fig 3 7 A granular fill layer is not used below this
stiff type of raft

3.1.3 Shrinkage of clays due to high temperatures

Severe shrinkage of clay soils can be caused by the dry-
ing out of the soil beneath the foundations of boilers,
kilns and furnaces Cooling and Ward38 reported that
the heat from a 61 x 305 m brick kiln had penetrated
through 27 m of brick rubble filhng and then for the
full 195 m thickness of the underlying Oxford Clay
The kiln was demolished and a cold process building
was erected in its place Seven years later one corner of
the new building had settled 330 mm, and elsewhere
the building had risen 178 mm In the same paper,
Cooling and Ward quote the case of a battery of three
Lancashire boilers 2 75 m diameter x 3 m long, where
settlements up to 150 miii at the centre and 75 mm at
the sides had occuned after two wmter seasons of firing
The temperature and moisture conditions an the London
Clay beneath the boilers are shown in Fig. 3 8

Figure 3.7 Design of a slab and beam raft foundation as used in swelling and shrinking clays in Australia (after Walsh3 7)

Fe 250mm"
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Figure 3.8 Temperature and moisture conditions beneath
Lancashire boilers founded on London Clay (after Cooling
and Ward35)

Where furnaces, boiler houses, and the like are
constructed on clay soils it is necessary to provide an
insulating air-gap between the source of heat and the
foundation concrete, or alternatively to provide suffi-
cient depth of concrete or other matenal to ensure that
the temperature at the bottom of the foundation is low
enough to prevent appreciable drying of the soil.

3.1.4 Ground movements due to
low temperatures

In some soils and rocks appreciable ground movement
can be caused by frost In Great Britain, chalk and chalky
soils and silty soils are liable to frost heave, but the
effects are not noticeable in heavy clays or sandy soils
Most of the increase in volume from frost heave is due
to the formation of lenses of ice These thaw from the
surface downwards, the moisture content is high over
the thawing penod producing a locally weaker soil
Severe frost in the winter of 1954—55 caused a heave in
chalk filling beneath the floors of partly constructed
houses near London, the concrete ground floors were
lifted clear of the brick footing walls by about 25 mm
and frost expansion of the chalk fill caused displacement
of the bnckwork In Norway and the southern regions
of Canada, frost heave effects are experienced to depths
of 1 2—2 m below ground level, resulting in heaving of
100—300mm of the ground surface Frost effects can be
severe below liquefied natural gas containers and cold-
storage buildings Cooling and Ward38 have descnbed
the heaving of the floor and columns of a cold-storage
building over a period of four—five years The tempera-
ture and ground movement are shown in Fig 3 9

Bntish Standard 8103 (1986) Code of Practice for
Stability, Site Investigations, Foundations andGround
Floor Slabs for Housing, recommends a minimum depth

+10

01 I I I I ,—I— 1'—l
—10

Figure 3.9 Foundation movements and temperature conditions
below a cold storage building (after Cooling and Ward3 8)

of 045 m for protection of foundations against frost
heave, except for upland areas and areas known to be
subject to long periods of frost where an additional
depth may be desirable.

Where piled foundations are necessary to support
structures sited on weak compressible soils, provision
is required against damaging uplift forces on pile
shafts due to expansion of the frozen soil These are
referred to in Canada as 'adfreezing' forces. Penner
and Gold39 measured the peak adfreezmg forces on
columns anchored into non-frozen soil at a site where
frost penetration of 1 09 m caused a surface heave of
100 mm The forces on the columns were

Steel 113 kN/m2
Concrete 134 kN/m2
Timber 86 kN/m2

Where the depth of frost is limited, the uplift forces
on pile shafts, ground beams, and ground-floor slabs
can be eliminated by removing the frost-susceptible soil
and replacing it by clean sandy gravel or crushed and
graded rock Open gravel should not be used since
silt could be washed into the interstices of the gravel
during thawing penods, resulting in the formation of a
silty gravel susceptible to frost expansion

To avoid harmful effects in cold storage buildings,
the floors should be constructed above ground level If
this is not practicable for structural or other reasons, a
heating element may be provided below foundation level
to prevent freezing of the soil

Effects of permafrost Frost heave effects are very
severe in Arctic and Antarctic regions where ground
conditions known as 'permafrost' are widespread
Permafrost means permanently frozen ground, which

R C raft
Mass concrete
Temp after 9 weeks
firing (3rd cycle)
Temp 10 weeks after
fires out

ri 0

6
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T = temperature,
t = time,
x = distance,
k = a constant .

= thermal conductivity,
p = mass density,
C = specific heat

Atr= k
(Ax)2

pN= diffusion resistance,
P =vapour pressure

can vary in thickness from a few metres to thousands of This can be used to obtain a solution by setting all 1 to
metres About 50 per cent of the land mass of the former initial values and defining boundary conditions which
USSR is a permafrost region, generally lying north have some time dependence Explicit results are ob-
of the fiftieth parallel of latitude Permafrost areas are tamed for time step) +1 as
also widespread in northern Canada, Alaska, and Green-
land The most difficult foundation problems occur T
where permafrost is overlain by soils subject to seasonal

' = k(T1_ — 2T + ) + (3 3)

freezing and thawing The thickness and lateral extent but note that there is a stabihty criterion associated
of this overburden do not depend solely on seasonal with thecomputation which is obtained by rewnting
temperatures Factors such as the type of soil or rock,

equation (3 3) asthe cover of vegetation, exposure to the sun, surface
configuration, and ground-water movements, all have T,,+1 = rT,1, + (1 — 2r)7, + rT,÷1 ,, (34)
important effects on the zone subject to freezing and

wherethawing Permafrost can also occur in distinct layers,
lenses, sheets, or dikes separated by thawed matenal
These thawed zones separating permafrost are known
as 'tahks' It is evident that severe movement will
occur in the ground surface of these regions where the It can be shown that r 05 is a requirement to ensure
soils and rocks are susceptible to frost heave Reference convergence of the solution, i e At 0 5(Ax)21k
should be made to specialist publications for guidance A solution can be obtained by an implicit method

on foundation design in permafrost conditions which requires solution of a set of simultaneous equa-
tions at each time step, but permits larger time steps
than does the explicit method.31°

3.1.5 The application of finite difference or Equation (3 1) would relate, say, the rate of increase
finite element methods to the calculation of temperature Tat a level at depth x below the surface
of temperature variations in soils of a soil mass where a wide area of the surface of the

It is possible to predict both steady-state and transient soil is subject to some defined change m temperature
(i e varying with time) temperature distributions m soils with time Such a case is illustrated in Fig 3 10 where
by application of either the finite difference method or a 250 mm thick concrete slab rests on sand Imtially the
the fimte element method Consider the one-dimensional temperature at all levels m the slab and sand was 30°C
transient heat-flow problem, the governing differential Due to the starting up of a smelting process the surface
equation for which is temperature of the concrete rose to 140 °C over a

aT a2T period of seven days and thereafter remained at 140 °C
=

k-—-,
(3 1) Ground water at 8 m below the slab is assumed to

remain at a constant temperature of 30°C
where A computer program was written to determine the

temperature distribution at various times using equa-
tion (3 3) The results are shown in Fig 3 10 In this
instance the temperature determination was a necessary
precursor to an analysis of vapour pressures in the soil
beneath the slab Diffusion of vapour through the
soil and the slab was modelled by a finite difference
form of equation

1 a
(35)at'

where

g =mass of vapour diffused per unit area,

The results of this second part of the analysis are shown
in Fig 3 11 The cause for concern was that vapour

Equation (3.1) can be expressed in finite difference
form as

T1 — = k(l_1 — 27, + 1;+,) (32)At (Ax)2

where

T,, = temperature at point: at time step),
Ar = time increment between time steps,
Ax = increment of distance between points



This edition is reproduced by permission of Pearson Educational Limited

6

(0
(4.40

(0•0

0
(0.0

0.0,

Figure 3.10 Temperature distribution with time beneath a heated slab
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Temperature (°C)

pressure might build up to an extent where it might lift
the slab The problem was really two-dimensional in
that both heat flow and diffusion were possible in the
transverse honzontal direction as well as in the vertical
direction However, the results of the simpler, and
conservative, one-dimensional analysis showed that the
concern was unwarranted

Most of the widely available general-purpose fimte
element systems have heat flow analysis capabilities
for the two-dimensional steady-state case governed by
the equation

a( aT a( aT'

and often can also solve the two-dimensional transient
problem governed by

aT a( aT a( ar= +

More complicated problems involving ground water
phase changes (ice/water or water/steam) will require
specialist programs 311

3.2 Ground movements due to water seepage
and surface erosion

Troubles with water seepage and erosion occur manily
in sandy soils Internal erosion can result from ground
water seeping into fractured sewers or culverts carrying
with it fine soil particles Ground-water seepage can
also cause loss or degradation of the soluble constitu-
ents of an industrial waste-fill matenal The consequent
loss of ground from beneath foundations may lead to
collapse of structures Trouble of this kind is liable
to occur in minmg subsidence areas where sewers and

(3.6) water mains may be broken. It can also occur as a result
of careless techmque in deep excavation below the water
table when soil particles are camed into the excavation
area by flowing water

In South Africa, Zimbabwe, and the Luanda region
of Angola dry loose sands have been known to subside

(3 7) as a result of seepage of water from lealung mains
or drainage pipes It is often the practice to provide
special forms of foundations as a safeguard against
such contingencies (Jennings and Kmght3 12) Similar
troubles have occurred in Russia, where bess soils (see
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Figure 3.11 Vapour pressure distribution with time beneath a heated slab

Section 1142) are widespread and extend to depths
of hundreds of metres, a range of techmques has been
described by Abelev313 for treating these soils Where
the thickness of bess does not exceed 5m, it is treated
by compacting the ground surface A heavy rammer
weighing from 4—7 t is dropped from a height of 5—7 m
by means of a pile-driver or crane From 10 to 16 blows
are applied to the same spot, which compacts the soil to
a depth of 2—3 5 m

Where the bess soils are more than 6 m deep they
are compacted at depth by pile-driving or by blasting
Steel tubes of 280 mm outside diameter are driven by a
piling hammer to depths up to 18 m The lower end of
the tube is closed by a conical shoe having a diameter
50 per cent larger than that of the tube. After full penetra-
tion of the tube it is withdrawn and the hole is filled with
soil in layers, each layer being compacted by ramming

Using the blasting method a pattern of blast holes
of 75—80 mm is drilled in the area to be treated If the
bess soils are dry, water is injected to bring them to the
optimum moisture content for compaction The blast-
ing charge consists of a string of 40—50 nun explosive

cartridges suspended by cords over the full depth of the
hole The charges in each hole are fired successively
at 1 nun intervals The enlarged holes resulting from
the blasting are filled with soil in layers of about 1 2 m
each, each layer being tarnped with a rammer weighing
about it

Surface erosion may take place as a result of loss of
material in strong winds or erosion by flowing water
Fine sands, silts, and dry peat are liable to erosion by
the wind The possibility of undermining of foundations
can readily be provided for by a mimmum foundation
depth of about 03 m, and by encouraging the growth of
vegetation or by blanketing the erodible soil by gravel,
crushed rock, or clay Surface erosion by flowing water
may be severe if structures are sited in the bottom of
valleys, especially in regions of tropical rainstorms Nor-
mal foundation depths (say 09—1 2 m) are inadequate
for cases of erosion by floodwaters, but this possibility
can be provided for by attention to the siting of struc-
tures, adequate drainage and paving or other forms of
surface protection, of paths taken by penodical dis-
charges of flood water Severe erosion can take place
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around the foundations of bridges or other structures
in waterways subjected to heavy flood discharges The
required depths of such foundations can be obtained by
hydraulic calculations and local observations

From time to time cases are reported of subsidence
due to solution of minerals from the ground as a result of
water seepage. Subsidence and the formation of swallow
holes are quite widespread in Britain in the carbonifer-
ous limestone and chalk districts (see Section 115)

Where swallow holes can be located by trial pits or
trenches and are found to be of limited lateral extent,
they can be bridged by slabs or domes bearing on
stable ground The configuration of deep-lying swallow
holes or 'karat' formations in limestone cannot be
mapped reliably by exploratory drilling It is the usual
practice to provide piled foundations for heavy struc-
tures The piles are designed to carry the load in shaft
friction transferred to stable pillars of chalk or lime-
stone below the upper weak or subsiding strata It may
be necessary to drill through several layers of rock strata
to reach a formation which is judged to be stable The
piles are sleeved through the unstable upper rock layers,
and the shaft friction in the underlying stable layers can
be enhanced by grouting around the shaft.

3.3 Ground movements due to vibrations

The processes of usmg vibrators for consolidating con-
crete or vibratory rollers and plates for compacting sandy
or gravelly soils are well known If a poker vibrator
is pushed into a mass of loosely placed concrete, the
surface of the concrete will subside as its density is
increased by the vibrations transmitted to it It has been
found that high frequency in vibrating plant is more
effective than low frequency for consolidating concrete
or soils

The same effects of consolidation and subsidence
can occur if foundations on sands or sandy gravels
(or if the soils themselves) are subjected to vibrations
from an external source Thus, vibrations can be caused
by traffic movements, out-of-balance machinery, reci-
procating engines, drop hammers, pile-driving, rock
blasting, or earthquakes Damage to existing structures
resulting from pile-driving vibrations is not uncommon,
and it is usual to take precautions against these effects
when considering schemes for piled foundations m sands
adjacent to existing structures

Experiments in the field and laboratory and records
of damage have shown that the most serious settle-
ments due to vibrations are caused by high-frequency
vibrations in the range of 500—2500 impulses/mm
This is also within the range of steam turbines and
turbogenerators Terzaghi and Peck4 record a case of

turbogenerator foundations on a fairly dense sand and
gravel in Germany The frequency of the machinery
was 1500 rev/mm and settlements exceeded 03 m within
a year of putting the plant to work. If the foundations of
structures carrying vibrating machinery cannot be taken
down to a stratum not sensitive to vibration (clays for
example do not usually settle under vibrating loads),
then special methods of mounting the machinery to
damp down the vibrations must be adopted Consolida-
tion of sands beneath foundations by vibration processes
are described in Section 11 6 Methods of designing
machinery foundations to absorb or damp down vibra-
tions are described later in tins chapter

3.4 Ground movements due to hillside creep

Certain natural hillside slopes are liable to long-term
movement which usually takes the form of a mass of
soil on a relatively shallow surface sliding or slipping
down-hill Typical of such movements are hillsides in
London Clay in inland areas with slopes of 8° or steeper,
and in glacial valleys in north-east England where slopes
are steeper than 15° Their effects can be seen in parallel
ridges in the ground surface, in concave scars with lobes
of slip debris below them, and in leaning trees Trial
pits should be excavated on sloping sites to Investigate
the possible occurrence of potentially unstable slipped
debris (solifluction sheet) brought down from the higher
ground

Normally, the weight of structures erected on these
slopes is insignificant in relation to the mass of the
slipping ground Consequently foundation loading has
little or no influence on the factor of safety against
slipping However, other construction operations may
have a serious effect on the slope stability, for example
regrading operations involving terracing the slopes may
change the state of stress both in cut and fill areas, or
the natural drainage of subsoil water may be intercepted
by retaining walls Well-grown vegetation can help to
prevent shallow slides, but its clearance can often
initiate renewed slipping

Instability of slopes may occur on rocky hillsides
where the strata dip with the ground surface, especially
where bedding planes in shales or clayey mans are
lubricated by water Again the nsk of instability is
increased by regrading operations or alteration of
natural drainage conditions rather than by the founda-
tion loading

There is little that can be done to restore the stability
of hillside slopes in clays since the masses of earth
involved are so large, and regrading operations on the
scale required are usually uneconomic The best advice
is to avoid building in such areas or, if this cannot be
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done, to design the foundations so that the whole struc-
ture will move as one umt with provision for correcting
the level as required Suitable methods of construction
are discussed in the next section of this chapter

Local instability in rocky slopes can be corrected by
groutmg or by rock bolting as described in Section 9.34

3.5 Ground movement due to mining
subsidence

3.5.1 Forms of subsidence

The magnitude and lateral extent of subsidence due
to mineral extraction depends on the method used for
winning the minerals from the ground, whether by min-
ing, pumping, or dredging Concealed shallow caverns
resulting from numng the Chalk to recover flints are
quite widespread in south-east England, but the main
problems in Great Britain arise from coal mine work-
ings, and these will be discussed in some detail in the
following pages An early method of mining coal was
by sinking 'bell-pits', practised m medieval times A
vertical shaft was sunk to the level of the coal seam,
and mining then proceeded in all directions radially
from the shaft The bottom of the shaft was 'belied-out'
as necessary to support the roof and mining continued
until the roof was in imminent danger of collapse or the
accumulation of ground water became too much for the
primitive baling or pumping equipment The shafts were
filled with spoil from other workings or were used as
rubbish tips. Most of the traces of these workings were
lost over the centuries, but they still remain, notably
in the Northumbrian Coalfield, as a source of trouble
in foundation design Their presence can sometimes be
detected by depressions in the ground

Similar workings were excavated in many coalfields
throughout the country in the 1926 Coal Strike These
workings in the form of shafts, drifts, or deep trenches
were excavated at or near the outcrops of coal seams
No records of their location were kept, but local enquiry
will sometimes establish their presence Similar work-
ings were probably made in the 1984—85 Coal Strike

Although geophysical methods have been used to
detect concealed shafts with limited success, the pres-
ence of scrap metal, old foundations, and infilled ducts
limits the usefulness of geophysical observations The
most positive method of locating the whereabouts of a
suspected shaft is by trenching across the site

3.5.2 Pillar and stall workings

As mining techniques improved, in particular with the
development of steam pumping plant in the eighteenth

and nineteenth centuries, workings were extended to
greater distances from the shafts Support to the roof
was given by methods known variously as 'pillar and
stall', 'room and pillar', or 'bord and pillar' Galleries
were driven out from the shaft with cross-gallenes,
leaving rectangular or diamond-shaped pillars of Un-
worked coal to support the roof Only 30—50 per cent
of the coal was extracted in this way in the first advance
of the workings from the shaft On the return work-
ings towards the shaft the pillars were removed either
in entirety, to allow full collapse of the roof, or par-
tially, to give continued support Large pillars were left
beneath churches and similar public buildings and
sometimes beneath the colliery headworks The patterns
of pillar and stall workings adopted in various parts of
Britain have been descnbed and illustrated by Healy
and

In many coalfields in Bntain the presence of these
old pillar and stall workings with partially worked pillars
remain as a constantly recumng problem in foundation
design where new structures are to be built over them
If the depth of cover of soil and rock overburden is
large, the additional load of the building structure is
relatively insignificant and the nsk of subsidence due
to the new loading is negligible (Fig 3 12(a)) If, how-
ever, the overburden is thin, and especially if it con-
sists of weak crumbly matenal, there is a nsk that the
additional load imposed by the new structure will
cause a breakdown in an arched and partially collapsed
roof, leading to local subsidence (Fig 3 12(b)) A third
possibility is the risk of collapse of the overburden
due to failure of the pillars This can be caused either
by crushing of the pillar under the overburden weight,
or punching of the pillar into weak material such as
seatearth in the floor of the workings, or punching into
weak rocks above the roof (Fig 3 12(c)) There is an
increased risk of subsidence, or renewal of past sub-
sidence, of pillar and stall workings if underlying seams
are being worked by longwall methods

There is also a nsk of subsidence if flooded work-
ings are pumped dry, when the effective weight of the
overburden will be increased as a result of removing
the supporting water pressure This will increase the load
on the pillars, possibly to the point of their collapse

3.5.3 Longwall workings

The present-day method of coalnuning is by 'longwall'
working whereby the coal face is continuously advanced
over a long front The roof close to the face is sup-
ported by props, and the 'goal' or cavity left by the coal
extraction is partially filled by waste material ('stow-
age') As the props are removed or allowed to crush
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down, the roof subsides, resulting in slow settlement of
the ground surface The surface subsidence takes the
form of an advancing wave moving at the same rate as
the advancing coal face (Fig 3 13) The amount of sub-
sidence at ground level is usually less than the depth of
the underground gallery due to the builcing of the col-
lapsing strata Solid packing of the gallery with crushed
mine dirt may reduce the subsidence to only one-half
of that given by the unfilled gallery The trough or
basin of subsidence occurs all round the area of coal
extraction, and the affected area at ground level is larger
than the area of extraction The angle between the ver-
tical and a line drawn from the coal face to intersect the
ground surface at the edge of the subsidence wave is
known as the limit angle (Fig 3 13), it is commonly
35° Movement of the ground surface is not only vertical,
honzontal strains are caused as the subsidence wave
advances Thus the building at A in Fig 3 14 first ex-
penences a tilting towards the trough accompanied by
tensile strains in the ground surface which tend to pull
the building apart As the wave continues to advance,
the ground becomes concave When the concave part
of the subsidence wave reaches the building, the direc-
tion of tilting will have been reversed and the ground
surface will be in a compression zone tending to crush
the building As the wave advances further the building
will finally nght itself and the honzontal strains will
eventually die away Vertical and honzontal movements
resulting from longwall mimng are severe The amount
of tilting depends on the surface slope, but it may vary
from 1 in 50 or steeper over shallow workings to prac-
tically nothing over deep workings Honzontal strains
may be as much as 0 8 per cent for shallow workings,
but are more commonly 0 2 per cent or less

The protection as one form or another of structures
cannot be neglected It must be appreciated that the
movements are rarely uniform It is possible to predict
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withreasonable accuracy the amount of settlement and
the extent of the subsidence zone if the coal is honzon-
tal or nearly so, and if the overburden conditions are
reasonably umform If, however, the coal seam is
dipping steeply, no reasonable predictions can be made
Variations m the overburden, especially in the depth of
soil cover, can cause differential vertical and honzontal
movements across individual structures Faulting can
cause severe movement of the ground surface The prob-
lem is further complicated if seams are worked at deeper
levels, at different times, and in different directions of
advance

3.5.4 Other forms of subsidence

Other forms of underground mineral extraction by nun-
ing or pumping methods give rise to similar subsidence
problems (see Healy and Head3 ) In Cheshire, bnne is
extracted by pumpmg from salt-beanng rocks In earlier
years indiscnminate pumping caused heavy long-term
subsidence over a wide area due to removal of buoyant
support of the overburden strata, and the formation of
large cavities due to the solution of the salt in the rock
Cavities left by brine pumping or mimng have coalesced
due to solution effects, thus causing larger voids, and
old timber-supported shafts in the salt-mimng areas have
collapsed Similar subsidence is caused by the removal,
by pumping, of mineral oil and natural gas

The extent and depth of subsidence can be greatly
reduced by carefully planned extraction accompamed
by 'recharge' or recuperation pumping whereby water
or gas is pumped in simultaneously with the extraction
of the minerals In some brine-pumping areas of the
north of England the quantity pumped from a borehole
is limited and the boreholes are spaced at such intervals
that individual cavities are separated by pillars of salt
of sufficient thickness to give support to the overburden

3.5.5 Protection against subsidence due to
longwall mining

Schemes for protection against subsidence should be
drawn up in consultation with the local mine author-
ities A great deal can be done to reduce the slope of the
subsidence trough, and hence to reduce the tensile and
compressive ground strain, by planning the extraction

of the mineral in successive strips of predetermined
width The slopes can also be reduced considerably by
concurrent mining of two or more seams beneath a site,
advancing the working face m different directions The
opinion of a consulting mining engineer or geologist
with knowledge of the area is advisable The measures
to be taken depend to a great extent on the type and
function of the structure Complete protection can be
given by leaving a pillar of unworked coal beneath the
structure This involves costly payments to the mine
owners for the value of the unworked coal and the
subsidence effects around the fringe of the pillar are
mcreased in seventy Therefore, protection by unworked
pillars is only considered in the case of structures
such as dams or historical buildings such as cathedrals
where structural damage might have catastrophic effects
Measures for protection of structures and full biblio-
graphies on the subject were given in the Subsidence
Engineers' Handbook, published by the former National
Coal Board

The general principles recommended in the hand-
book are as follows

(a) Structures should be completely rigid or completely
flexible Simply supported spans and flexible super-
structures should be used whenever possible

(b) The shallow raft foundation is the best method of
protection against tension or compression strains m
the ground surface

(c) Large structures should be divided into independ-
ent units The width of the gaps between the units
can be calculated from a knowledge of the tensile
ground strain derived from the predicted ground
subsidence

(d) Small buildings should be kept separate from one
another, avoiding linkage by connecting wing walls,
outbuildings, or concrete dnves

Although the orientation of a structure in relation to
the direction of advance of the subsidence wave has,
theoretically, an effect on the distortion of the structure
(Fig 3 15), the National Coal Board handbook stated

Advance of
wave-front

(al (b)

Figure 3.15 Siting of structures in relation to advance
of subsidence wave (a) Building parallel to wave-front
(b)Building at right angles to wave-front
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that there is little point in trying to orient the structure
in any particular direction relative to the mine work-
ings unless the mining is to be undertaken in the near
future to a defimte plan The handbook stated that there
is not enough difference between the maximum slope
in a transverse profile and that in a longitudinal pro-
file materially to affect the design of a structure The
design should allow for the maximum normal move-
ments which are predicted for the seams to be worked
Wilson316 states that with modern controlled longwall
methods the amount of subsidence can be predicted to
within ±10 per cent of the seam thickness.

Structures should not be sited within several metres
of known geological faults, since subsidence is likely
to be severe near fault planes

Protection by raft foundations Raft foundations
should be as shallow as possible, preferably on the
surface, so that compressive strains can take place
beneath them instead of transmitting direct compressive
forces to their edges, and they should be constructed on
a membrane so that they will slide as ground movements
occur beneath them It is then only necessary to provide
enough reinforcement in the rafts to resist tensile and
compressive stresses set up by friction in the membrane.
In the case of light structures such as dwelling-houses,
it is not usually practicable to make the raft any smaller
than the plan area of the building However, in the case
of heavy structures it is desirable to adopt the highest
possible bearing pressures so that the plan dimensions
of the raft are the smallest possible (Fig 3 16) By this
means the total horizontal tensile and compressive forces
acting on the underside of the raft are kept to a rmnmium,
and the lengths of raft acting as a cantilever (Fig 3 16(a))
at the 'hogging' stage, or as a beam (Fig 3 16(b)) at the
'sagging' stage, are also a nurnmum Mauntner317 has
analysed the conditions of support shown in Fig 3 16
as follows

Maximum pressure on foundation is given by

4qb=
3(b — 2!)

for cantilevering,

when I is greater than or equal to b/4, when I is less
than b14,

qma—q(l+

3b1-
(b_I)2)

and

qb=
:;—i

for free support

Figure 3.16 Calculation of maximum foundation pressure
(after Mauntner3 Il) (a) Raft acting as cantilever (b) Raft acting
as beam (c) Wave-front oblique to structure

(39a)
3q)

where

b = length of the structure in the vertical plane
under consideration,

q = uniformly assumed design pressure in
undisturbed ground,

= unsupported length for cantilevering or free
support,

qf = ultimate bearing capacity

The value of q,,, depends on the length I which in turn
(3 8) depends on the ratio q,,../q As soon as the value of q,

approaches the ultimate bearing capacity of the ground,
yielding of the ground will occur, causing the structure
to tilt in the case of the cantilever (Fig 3.16(a)) and to
settle more or less uniformly in the free support case

(3 8a)
(Fig 3 16(b)) In both cases the effect is to increase the
area of support given to the underside of the founda-
tion, hence reducing the length of the cantilever, or
the span of the beam, and reducing the stresses in the
foundation structure or superstructure It is clear from

(3 9) equations (3 8) and (3 9) that the smaller the ratio of
the ultimate bearing capacity to the design bearing
pressure, the less will be the length of cantilever or the

- k-(b-o
(b)

Pressure
distribution

(a)

V
Area supported
by ground

'4,
(c)

Yielding will take place if I is greater than
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Figure 3.17 Ministry of Works design for slab raft foundation for light buildings subjected to mining subsidence

unsupported span length of the beam In other words
the design bearing pressure should be kept as close as
possible to the ultimate bearing capacity q The value
of q can be determined from soil mechanics tests or by
plate bearing tests on the ground, hence the value of 1
can be estimated approximately. It can be assessed only
roughly because the assumed straight line pressure dis-
tribution shown in Fig 3 16(a) or the uniform distribu-
tion at each end of the free support case in Fig 3 16(b)
is not necessarily true It should also be noted that the
alignment of the front of the subsidence wave in rela-
tion to the foundation plan is not known in advance It
is therefore necessary to analyse various positions of
the subsidence wave and calculate the worst condition
of support for the structure (Fig 3 16(c)) Because the
design bearing pressure is made close to the ultimate,
the consolidation settlement may be severe if the ground
is compressible (e g a clay or loose sand) However,
the magnitude of the consolidation settlements will be
small in relation to the mining subsidence movements

A typical design of a light (150 mm) slab raft for a
dwelling-house as recommended by the British Govern-
ment authonties3 is shown in Fig 3 17 The design
features are as follows

(a) A 150 mm layer of compacted sand or other suitable
granular matenal is placed on the ground surface.

(b) A layer of plastics sheeting is placed over the
granular sub-base layer to act as a surface for
sliding

(c) Reinforcement is provided to resist the frictional
forces acting on the underside of the slab as it slides
over the sub-base

(d) The frictional forces may be in a transverse or lon-
gitudinal direction and may be taken as the product
of half the weight of the structure and the coeffi-
cient of friction between the slab and the granular
material

(e) The coefficient of friction may be taken as 2/3
(f) The permissible tensile stress m the steel may be

taken as 200 N/mm2 and the permissible compress-
ive stress on the concrete as 14 N/mm2

(g) Snow loads and wind loads on the building may be
neglected and the floor superload may be taken as
480 N/rn2

(h) If single layer reinforcement is used it is placed in
the centre of the slab to allow both for hogging and
sagging of the ground surface, but the thickness of
the raft and the percentage of reinforcement is such
that the raft will deform under vertical movements
rather than remain in one ngid plane

(i) The design makes allowance for resistance to move-
ment given by the superstructure, i e the windows
and doors are arranged so as not to weaken the walls,

7 700
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internal load-bearing walls are tied with external
walls, floors and roofs are secured to all walls, plas-
terboard (or fibreboard) is used for ceilings instead
of plaster, and lime mortar is used for bnckwork
instead of cement mortar to allow movement to
take place along joints instead of in wide infre-
quent cracks

The former National Coal Board pointed out that the
cost of providing rafts of this type m an estate, say, of
hundreds of houses may not be justified since the cost
of repamng the few houses damaged by mining subsid-
ence is likely to be less than that of protecting all the
houses They recommend that where ordinary strip foun-
dations are considered to be satisfactory they should be
laid on a bed of sand with provision at the ends of the
foundation trenches for longitudinal movement

Heavy slab and beam or cellular rafts are required
for multi-storey structures or heavy plant installations
It is important that these stiffened rafts should be con-
structed on a membrane laid over a granular base, and
that the underside of the raft should be a flat slab, i e
the beams should be designed as upstanding beams The
stiffened rafts should be designed for the conditions of
support shown in Fig 3 16

Because of the large movements which take place
with longwall mimng, appreciable deflexion of rafts
cannot be avoided, and the appropriate precautions are
necessary in the design of the superstructure or a suit-
ably strengthened raft

Protection by articulation Articulation has been
extensively used for the construction of schools in Great
Bntain In the well-known 'Nottinghamshire construc-
tion', described by Lacey and Swain,3t9 the super-
structure consists of a pin-jointed steel frame designed
to 'lozenge' in any direction The cladding of hung
tiles, precast concrete slabs, timber panels, or vitreous
enamelled sheets is designed to move relative to the
frame, as is the internal wall construction of heavy
gypsum slabs Cracking of the lightly reinforced floor
slab is expected and the floor finishes designed
accordingly

Instead of articulating the superstructure it is possible
to provide articulated foundations with a rigid super-
structure This is the 'three-point support' method as
used in Germany, the Netherlands, and Poland, and
described by Mauntner317 The foundations consist of
three piers or pads The superstructure is constructed
on columns resting on spherical bearings on the pads
(Fig 3 18) As the foundations tilt with the passing of
the subsidence wave they always remain in the same
plane Therefore, although the superstructure must tilt,

'1
rf,

Beams 4jJ
II

I
4—— Superstructure

Figure 3.18 Three-point support method

there is no differential movement causing racking or
twisting Another important pnnciple of the three-point
method is to use the highest possible bearing pressures
in order to keep the foundation blocks as small as
possible By this means of tilting of the blocks relative
to each other is minimized, and the horizontal tensile
and compressive forces acting on the underside of the
blocks are also kept to a minimum

Other methods Patented jacking systems incorpor-
ating several hydraulic jacks under walls or columns of
structures have been devised The jacks are connected
to a central control system which automatically adjusts
them individually as settlement takes place In such
systems it is important that they should be designed to
withstand horizontal movements as well as subsidence

Wardell32° has described the use of trenches around
structures to relieve honzontal compression He states
that although more cases of damage are caused by ten-
sion, the really serious cases are often irreparable dam-
age to traditional structures caused by the compression
strain, which could be twice the tensile strain

Piled foundations should not be used under any
circumstances in areas of longwall mining subsidence,
since horizontal forces will either shear through the
piles or else cause failure in tension of the tie beams or
raft connecting the heads of the piles Structures sited on
soft ground or fill, where pilmg would be used m normal
conditions, should be constructed on rafts designed to
accommodate differential movement resulting from both
consolidation of the fill and mining subsidence The
latter movements are likely to be the greater

3.5.6 Protection against the effects of
pillar and stall mining

The problems of protection against subsidence arising
from the collapse of pillar and stall workings are very

Spherical
bearing

foundation
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different from those involved in longwall mining In
the latter case the engineer is dealing with certain sub-
sidence caused by mining in current progress or pro-
posed for the future, and the amount and extent of the
movements are to a large extent predictable

With modern mining methods surface subsidence
can also be predicted reliably for pillar and stall work-
ing Wilson316 states that these methods can be used to
reduce total and differential movement, thereby giving
partial protection to structures and reducing compensa-
tion paid to building owners in the event of damage
Extraction by pillar and stall working is about 30 per
cent compared with 70 per cent by longwall mining
However, subsidence by the former method can be lim-
ited to 1 /i per cent of the extracted height if there is a
factor of safety against crushing of the pillars of six, or
25 percent of the height for a safety factor of unity

The stability of the pillars is calculated from a know-
ledge of the ratio of the width of the pillar to its height,
the average effective stress on the pillar, the unconfined
compression strength of the pillar material, the weath-
ering and jointing state of the rocks, and the percentage
extraction of the seam The influence of these factors is
discussed by Cole and Statham32'

It is pointed out that the ability to predict the amount
of subsidence by the foregoing methods depends either
on the ability to control the method of extraction to
obtain pillars of the required shape and dimensions, or
in thecase of abandoned working it must be feasible to
explore them to observe the size and condition of the
pillars and to obtain cores of the rock for strength test-
ing This is rarely possible with former workings which
may have been abandoned for 100 years or more Mine
abandonment plans, even if they are available, cannot
be relied upon because they give no indication of the
amount of deterioration of pillars or the roof of work-
mgs which may have taken place after cessation of
mining All subsidence may be complete or subsidence
may never have taken place, but the workings are in a
state of incipient instability such that the additional
load of the building on the ground surface or change
in underground water levels might cause the collapse
of a pillar or a cave-in of an arched roof weakened by
erosion or oxidation In some cases partial subsidence
may have occurred due to pushing of a pillar into the
soft pavement, and the additional load of a structure
may increase this form of subsidence

The first step in considenng schemes of protection
is to make a detailed exploration of the workings in
consultation with a geologist All available records in
the hands of the mining authorities, local museums or
libraries, and the British Geological Survey, should be
consulted first Vertical boreholes using rotary core drills

should be sunk to establish the depth and dip of the
worked seam and the nature of the overburden If intact
coal and not cavities are found, it should not be assumed
that the seam has not been worked The depth of the
seam being known, the engineer should decide whether
subsidence is likely to be a serious risk If the over-
burden is deep, so that the load imposed by the new
structure is small in comparison, it may be decided that
the risk is negligible, especially if there are massive
sandstone layers forming a sound roof over the cavities
If, however, the overburden is thin and consists mainly
of soil or weak shales, or if there is surface evidence of
past subsidence in the form of random depressions, then
the engineer may decide that some form of protection
is necessary Detailed mapping of the galleries is best
made by driving a heading from the outcrop if this is
close at hand, or by sinking a shaft to the level of the
coal seam to obtain access to the workings. However,
the workings are rarely shallow enough for this pur-
pose and there are considerable risks in entering old
workings for exploratory purposes Hence this type of
mapping is only rarely undertaken Usually, the best
that can be done is to obtain a broad picture of the
lateral extent and depth of the worked coal seam by
means of vertical and inclined holes drilled from the
ground surface Location of individual galleries and
pillars should not be attempted, and unless there is
evidence to the contrary it should be assumed that the
whole area beneath the structure has been worked
Jackhammer holes drilled vertically from the surface
have been used to map galleries, but very close spacing
is required to obtain adequate information The method
is only suitable for sites where the gallenes have not
collapsed and are free of heaped pit dirt In such cases
the location of the workings is revealed by the sudden
drop of the dnll rods If, however, the roof of the work-
ings has collapsed, forming numerous small cavities
above the worked seam, then the vertical jackhammer
holes will not give any useful information A few rotary
core-drilled holes are better than many jackhammer
holes since the former give useful information on the
state of collapse of the rock overburden to the coal
seam, enabling the risks of future subsidence to be
assessed reliably The use of closed-circuit television
cameras in small-diameter boreholes can often pro-
vide helpful information on the stability conditions of
pillars and cavity roofs Safety precautions against gas
explosions are necessary when using television and
other electrical equipment in non-water-filled voids The
advice of the mining and the Health and Safety author-
ities should be sought

If the exploration shows that a large proportion of
the foundation area has been mined, and the thickness
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or stability of the roof gives cause for concern, the
engineer may decide that precautions against subsid-
ence due to crushing of a pillar or roof collapse should
be taken Three methods have been used

(a) The provision of a heavy raft foundation designed
to bridge over a local collapsed area

(b) Piles or piers taken down through the overburden
and coal workings to the underlying 'solid' strata

(c) Filling the workings with cement grout or other
imported filling

Raft foundations These can consist either of massive
reinforced concrete slabs or stiff slab and beam cellular
rafts The latter type is suitable for the provision of
jacking pockets in the upstand beams to permit the
columns or walls to be relevelled if subsidence distorts
the raft A 600 mm thick slab raft was used beneath
eight-storey buildings at Gateshead where workings in
the 09—1 2 m thick seam were only 23 m beneath the
foundations It was decided that such rafts could bndge
the cavities and any future local subsidence zones, since
the 275—3 m wide galleries were supported by wider
intact pillars and the roof to the workings consisted of
massive sandstone

Pier (deep shaft) foundations These are used for
sites where the overburden is too weak to support surface
foundations Suitable types are described in Section 46
The piers must be taken through the overburden to a
bearing stratum beneath the old workings, because
founding at a higher level would involve a risk of con-
centrating load on potentially unstable strata above
the workings Precautions must be taken against drag-
down on the piers from vertical movement of the over-
burden or honzontal shear forces on the piers caused
by lateral ground movement Such movements may take
place at any time m the future as a result of crushing
of pillars or roof collapse A space must be provided
between the piers and the overburden, and the space
must be filled with a plastic material to prevent it
from being filled with accumulated debris which might
transmit heavy forces on to the piers

Piled foundations If piled foundations are necessary
because of weak overburden conditions, they should
be installed in holes drilled through the overburden to
a suitable bearing stratum beneath the workings For
reasons given in the previous paragraph, they must not
be ternunated above the roof of the old workings Piles
should consist of precast concrete units or steel tubes
filled with concrete. Concrete cast-in-place in an unlined
borehole must not be used in any circumstances, because

of the possible drag-down and shear forces mentioned
above The space between the concrete units or steel
tubes and the overburden should be filled with a viscous
bitumen mix or bentonite Because of the complications
in providing safeguards against drag-down forces on
piles, large-diameter cylinder foundations or massive
piers are preferable to conventional slender piles

Piled foundations were used for the Metropolitan-
Vickers Electrical Company's factory at Sheffield Four
seams had been worked below the site The shallowest
of them outcropped beneath one end of the factory
It had been extensively worked by pillar and stall
methods, and a number of shallow drifts had been made
at the outcrop during the 1926 Coal Strike Further com-

plications were caused by the presence of deep filling
over the southern part of the site either side of the Car
Brook (Fig 3 19) A large area of this fill was burning
and it blanketed the outcrop workings Exploration
showed extensive collapsed areas near the outcrop, but
as the seam dipped towards the north it was roofed by
sandstone and the galleries appeared to be intact Be-
cause of the great extent of the workings it was decided
that filling would be unduly slow and expensive The
method adopted was to take the foundations of the build-
ing in the collapsed areas down to a stratum of siltstone
beneath the coal seam At and near the outcrop precast
concrete piles were driven without difficulty through
the overburden of glacial till and broken mudstone
Further to the north, where the roof was mainly intact,
the piles were lowered down holes pre-bored through
the clay, mudstone, and siltstone Where the depth of
overburden exceeded 12 m it was considered unneces-
sary to take any precautions because of the presence of
the sandstone roof Accordingly, the foundations to the
north of the piled area consisted of piers bearing on the
rock beneath the shallow clay deposits The factory
floor which camed fairly light loading was not piled,
but the weak and burning fill over the south end of the
factory was removed in its entirety and replaced by
compacted hard filling Precautions against the deeper
coal seams were considered unnecessary

Filling the workings Method (c), involving filling
the workings, was used to protect an eight-storey
building forming part of the College of Technology in
the centre of Sheffield The procedure developed by
Wimpey Labaratones and described by Scott322 became
standard practice for sites where direct access to
abandoned workings is impracticable or dangerous
Pillar and stall workings were a mimmum of 10 m below
ground level, and because of the width of the galleries
(up to 45 m) and the evidence of collapse of the roof
it was decided that there could be a risk of subsidence
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Figure 3.19 Ground conditons and foundations of Metropolitan-Vickers Electrical Company's factory, Sheffield

Figure 3.20 Location of old mine-workings

resulting in structural damage to the building Explora-
tion showed four wide galleries beneath the building
(Fig 3 20) Comparison with old maps of the workings
indicated that there were continuous pillars of coal
beneath the parallel gallenes and that the workings

terminated close to the building site These conditions
were favourable for filling the workings by the introduc-
tion of material from the surface In order to prevent
the filling material escaping down-dip to the north-east,
dams were formed in galleries 1, 3, and 4 by droppmg
pea gravel down 250 mm boreholes The gravel formed
conical piles in the galleries, and the rounded matenal
aided dispersion over the width of the cavity In-
creased dispersion at the top of the pile was achieved
by water and air jetting and the use of a rotating plate
at the bottom of the boreholes having an action similar
to a road gritter The gravel dams were injected with
cement grout using calcium chloride as an accelerator
The main filling material was an aerated sand—cement
grout injected by pneumatic placer down boreholes at
the up-dip ends of the galleries (Fig. 3 21) The 3 5 1
sand—cement mix was aerated by premixed foam to give

1440 kg/m3 density. This gave adequate strength with
the advantage of greatly mcreased yield per unit weight
of cement compared with non-aerated mixes Filling of
the galleries was indicated by a rise in grout level in the
injection borehole Additional jackhammer holes were
drilled at intermediate points to 'top-up' the filhng in
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Gravel stockpile

Figure 3.21 Section thmugh gallery showing method of filling with foamed sand—cement grout by injection through borehole
(after Scott3 22)

roof cavities which had not been reached by the main
injections The topping-up grout was a 2 1 pf ash—
cement nux injected by cementation pump Exploration
in gallery 2 showed extensive accumulations of debris
which prevented effective formation of the pea gravel
dam Filling in this gallery was effected by washing in
35 t of sand followed by aerated sand—cement grout
and finally neat cement grout

Present-day mine-filling methods continue to fol-
low the same techmques as described above, except
that it is more usual to inject a weak pf ash—cement
or pulvenzed rock—cement grout into the cavities A
mix of 1 12 cement/pf ash, or 1 10 2 cement/pf
ash/sand by weight is used for the perimeter grout
curtain wall, and 1 12 to 1 20 cement/pf ash for
the mass of infilling grout Healy and Head3 i5 give an
outline specification for consolidating old shallow
mine-workings

It should be noted that it may not be necessary to fill
completely all cavities beneath a building area It may
be sufficient to form a number of 'grout piers' over the
area The foundation would then be in the form of a
stiff raft designed to span across the piers

Where the exploratory dnlling has shown partial
collapse of the soil or rock overburden, attention should
be given to filling cavities in these strata by injecting
cement or pf ash—sand—cement mixes

Hawkins et a1323 describes the filling of shallow
workings in the 1 4 m thick Barnsley coal seam beneath
the Don Valley athletics stadium in Sheffield where this
form of treatment was selected as being more econom-
ical than the alternative of piled foundations Settle-
ment considerations were cntical for the raft supporting
the grandstand and for the runmng track which was to
be constructed within a tolerance of ±3 mm from the
horizontal In these areas the grout injections were made
on a 3 m grid where the coal seam was less than 20 m
from the surface A 9 1 pf ash—cement mix was used
with a water solids ratio of 045 At the end of each
injection a grouting pressure of 14 kN/m2 per metre
of overburden depth was specified to be sustained for
I nun Pnmary injections required between 1 and 25 t
of grout per hole Where the grout take exceeded 5t,
four secondary holes were drilled on a surrounding half-
grid with tertiary injections if the secondary holes took
more than 5 t In one area, the secondary holes had a
grout take between 2 and 15 t

3.5.7 Treatment of abandoned shafts

Old mine shafts are frequently in an unstable or poten-
tially unstable condition due to decay of the shaft limng
or to collapse of the platform which was frequently
built across the shaft to support fill material of hmited

Pneumatic placer

Delivery pipe

Grouted debns on floor of gallery
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depth Therefore measures should be taken to stabilize
the infilling or adopt other methods of strengthening
the shafts where these may influence any existing struc-
tures or new structures to be built near them

The safe distance from a shaft to a structure depends
on the depth to rockhead and the character of the over-
burden If the overburden soil is cohesive no precau-
tions are necessary if the structure is beyond the limit
angle or 'angle of draw' (Fig 3 13). However, water
seepage through a granular soil into the shaft can cause
soil erosion and collapse of the ground surface at con-
siderable distances from the shaft Whether or not pre-
cautions are required from the aspect of safeguarding a
new or existing structure, the successors to Bntish Coal
or other appropriate authonty should be consulted when-
ever abandoned shafts are found on a site Their advice
on the method of plugging and seahng the shaft should
be taken in all cases

Where rockhead lies at a shallow depth and the
rock or existing shaft lining is in a stable condition
the treatment can be limited to providing a reinforced
concrete slab over the shaft as shown in Fig 3 22(a) A
'breather tube' is provided through the slab to permit
the escape of gases If the rockhead is too deep for
economical excavation for a slab-type cap, and the shaft
lining through the overburden is shown by inspection to
be in a stable condition, the refihlmg to the shaft can be
stabilized by the injection of cement or pf ash—cement
mixes (Fig 3 22(b)). If no infilling is present the shaft
should be filled with stone, rubble, or sand followed by
grouting the mass of fill In the case of deep shafts it
may be necessary to construct a plug or platform across
the shaft to limit the amount of fill Expert advice from
a mining engineer should be sought in all such cases

Where the overburden is deep and the existing shaft
lining is in a weak condition a suitable form of treat-
ment is to construct a ring of contiguous bored piles or
a diaphragm wall (see Section 5 44) around the shaft,
surmounted by a reinforced concrete cap (as shown in
Fig 3 22(c))

Great care is necessary in conducting exploration and
construction work in the vicinity of abandoned shafts
Drilling or trial pit work may weaken ground which has
arched over a large cavity leading to a general collapse
of the ground surface The risks of encountering explos-
ive or asphyxiating gases must always be considered

Excavation backfihled with selected

pervious material1/

(a)
Excavaüon backfilled with selected Breather tube
pervious material \ /

Stone, rubble _.—
or sand filling
grouted with
sand PF ash cement

-n-r

Shaft hning
stable

Soil overburden

/
Rockhead

(a)

Figure 3.22 Treatment of abandoned mine shafts (a) Shallow
overburden, shaft Iimng stable (b) Deep overburden, shaft lining
stable (c) Deep overburden, shaft lining weak or collapsed

3.6 Foundations on filled ground

3.6.1 The settlement of filled ground

Settlement of foundations constructed on fill material
can be caused in three ways



(a) Consolidation of compressible fill under founda-
tion loading,

(b) Consolidation or degradation of the fill under its
own weight,

(c) Consolidation of the natural ground beneath the fill
under the combined weight of the fill and the structure

These movements are illustrated in Fig 3 23
If the structure is light the movement due to (a)

above will be small even in a poorly compacted fill (it
is presumed that founding on very soft clayey fill would
not be considered) For heavy structures the compres-
sion of fill matenal under foundation loading can be
estimated as a result of field loading tests made on
large representative areas From the results of tests of
this type and other published information the Building
Research Establishment324 have given values of one-
dimensional compressibihty expressed as a constrained
modulus defined as the ratio of the increase in vertical
stress to the increase in vertical strain produced by that
stress increase The values given in Table 3 1 are apphc-

Table 3.1 Typical values of compressibility of fills

Fill type Constrained
modulus (MPa)

Sandy gravel fill (dense) 50
Sandy gravel fill (moderately dense) 25
Sandy gravel fill (pre-loaded) 200
Sandstone rockfill (dense) 12
Sandstone rockfihl (moderately dense) 6
Sandstone rockfill (pre-loaded) 40
Colliery spoil (compacted) 6
Colliery spoil (uncompacted) 3
Clayfill (stiff, uncompacted) 5
Old urban fill 4
Old domestic refuse 3
Recent domestic refuse 1

able to stress increments of about 100 kN/m2 where the
initial vertical stress was about 30 kN/m2

The movement due to (b) depends on the composi-
tion, depth and compaction of the fill layer, the condi-
tions under which it was placed and the subsequent
exposure to the environment Chemical wastes can
undergo large self-weight settlement due to volume
changes resulting from continuing chemical reactions,
solution due to water seepage, and the effects of
mechanical disturbance on agglomerations of weakly
cemented particles of materials originally dumped in
slurry form These settlements may be activated or
reactivated at any time due to disturbance by bulk
excavation or by the entry of surface water through pits
or trenches Where the fill can be compacted in layers
at the time of placing the settlement of granular fill
matenals such as gravel, sand, relatively unweathered
shale and chalk, sandstone and mudstone, should not
exceed 0 5 per cent of the thickness of the fill Un-
compacted fills, where the matenal is placed loosely
by end-tipping, may show a settlement of 1—2 per cent
of the thickness over a period of ten years with con-
tinuing slow movement Guidance on the methods and
equipment for compacting fill is given in the British
Standard Code of Practice, BS 6031: Earthworks, and
in the Department of Transport specifications for road
and bndge works Trenter and Charles3 n stated that the
'end-product' specification for controlling the degree
of compaction of fills was more reliable than a method
specification (i e specifying the type and weight of
compactor and the minimum number of passes for
each layer) However, they pointed out that adopting
a degree of compaction commonly used in highway
work for a dry density of 95 per cent of that given by
the standard Proctor laboratory compaction test could,
in some cases, give inadequate compaction leading to
future collapse settlement of the fill They advised
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Fill settling under its own
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Figure 3.23 Settlements of filled ground
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basmg an end-product specification on compaction to
result in a minimum of 5 per cent air voids

Building Research Establishment Digest 427 gives
a parameter a to define the percentage vertical com-
pression of fill that occurs during a log10 cycle of time,
say between one and ten years after placement Values
of a in the Digest are

Fill type Compression rate
parameter, a (%)

Heavily-compacted
sandstone/mudstone rockflhl

Opencast sandstone/mudstone
mimng backfill (without
systematic compaction)

Recent domestic refuse

02

05—1
10—20

The large compression rate for domestic refuse will be
noted This is mainly due to degradation of organic
substances with the production of methane and carbon
dioxide For this reason buildmgs on shallow founda-
tions over domestic waste landfills should be avoided if
alternative sites are available

Where builders' waste and demohtion debris are used
for fiilmg areas planned for future building development,
care should be taken to exclude chemical wastes and
organic matenal Timber and other organic material can
decay in anaerobic conditions and generate methane gas
Local authorities in Britain are concerned about methane
gas in potentially explosive concenirations beneath build-
ings, and usually require tests to be made for the pre-
sence of this gas before building commences The cost of
precautionary measures such as venting beneath ground
floors, sometimes with mechanical forced ventilation,
can be quite high Hence the cost of controlling incoming
materials at the time of dumping will be amply repaid
Colliery wastes are liable to spontaneous combustion
of carbonaceous material which can be aggravated by
aeration and grinding dunng spreading and rolling

Where piled foundations are required to be installed
through demolition rubble the presence of masses of
concrete, brickwork, and reinforcing steel can add con-
siderably to the cost of either driven or bored piles

Sand fills placed by pumping (hydraulic fill) show
very small settlements above ground-water level due to
the consolidating effect of the downward percolating
water, but where the material is deposited through stand-
ing water the sand can remain m a loose compressible
condition Pumped clay in the form of lumps in a liquid
slurry can settle by 10 per cent or more of the fill thickness

Inundation of loosely placed unsaturated matenals
such as shale, mudstone, and dry clay lumps can cause
breakdown of lumps of clay and softening at points of

contact of rock particles, leading to further settlement
which can be unpredictable in magmtude and time of
occurrence. Charles et al 326 reported that local vertical
settlements of more than 1 per cent of the fill thickness
with surface settlements of 0 5 m, occurred when the
ground-water level was allowed to rise up through a
backfilled opencast mining site There were similar
observations in backfilled ironstone mine-workings at
Corby327 where the rate of settlement of houses built on
the fill accelerated when the water level was allowed to
nse Two-storey houses built on rafts on this site showed
a maximum settlement of 130 mm in ten years with a
differential movement of half this value Cracks in the
superstructure were not wider than 2 mm

The Building Research Establishment328 used the
Corby site to investigate the efficacy of various types
of ground treatment as a means of reducing the total
and differential settlements of foundations caused by
consolidation of the backfill An area filled in 1974
was divided into four areas 50 m square The first area
was treated by surcharging with 9 m of new fill, the
second by dynamic consolidation with a 15 t weight
falling through 20 m, the third by flooding in trenches,
and the fourth area was left untreated The 24 m deep
fill consisted mainly of loose unsaturated clay lumps
deposited in the 'hill and dale' method typical of
dumping by conveyor or dragline excavator Surface
settlements after 12 years of observation from 1974 to
1986 were

Houses were built on the four areas in the 1975—76
period on conventional trench fill foundations 375 mm
wide x 900 mm deep The results of the settlement read-
ings made in 1990 are shown in Table 3 2

It was concluded from these expenments that sur-
charging was the most effective form of treatment
because it gave the largest preconstruction and the
lowest 15-year settlements The dynamic consohdation
and inundation methods would appear to be ineffective
when compared with the settlements of the foundations
on untreated ground However, there would be a risk of
quite large local settlement due to seepage of surface or
shallow subsoil water mto backfihled service trenches
and foundation excavations These random inundation
effects could occur in areas of deep fill treated by dy-
namic consolidation because of the limited depth over
which the treatment is effective (see Section 11 6 4)
All the foundations continued to undergo settlement
after 1990 at the following rates

Surcharge
Dynamic consolidation

410 mm
240mm

Inundation 100mm
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Ground treatment During construction Total at end of1990

Mean Max Mm Max differential Mean Max Mm Max differential

Surcharge
Dynamic

consolidation
Inundation
Untreated

1 4

70
61
2 7

30

92
143
6 8

—04

32
28
1 4

23

59
68
2 8

97

45 0
480
25 1

223

58 5
1430
39 5

45

222
252
11 7

126

18 1
895
27 8

Untreated . 1 mm/year

Movement due to consolidation of the underlying
natural soil again depends on the composition of the
soil and the thickness of the compressible layers Where
the natural soils are highly compressible, e g soft clay
or peat, the settlement due to consolidation of the
natural ground may be high compared with that of the
fill material If the natural soil is a fairly dense sand or
gravel, or a stiff to hard clay, its consolidation under
the weight of filling will be of a very small order

Buildmgs can be constructed on well-compacted fill with
normal foundations, smce the density of the fill should be
in no way inferior to, or it may be better than, naturally
deposited soils Where the density of the fill is variable,
it is advisable to provide some reinforcement to strip
foundations to prevent the formation of stepped cracks
In areas of deep fill it may be practicable to remove the
upper looser matenal and replace it by well-compacted
quarry waste to provide a form of semi-rigid raft on
which buildings can be constructed (see Fig 3 6)

The presence of pyrites in ironstone shale used as
filling beneath ground-floor slabs caused expansion of
the shale laminae and an uplift of up to 100 mm on the
slabs Extensive damage was caused to the superstruc-
ture of 600 houses on Teesside3

When building over poorly compacted fill, it is
advisable to use raft foundations Three-storey dwelling-
houses were constructed at Bilston, on variable fill
material consisting of mineral waste The age and depth
of the fill were unknown, but it was suspected to be
more than 12 m deep One block of three-storey dwell-
ings settled 100 mm with a differential movement of
75 mm over a 1¼-year period The ribbed raft founda-
tion (Fig. 4 34) prevented any cracking of the super-
structure On another site in Bilston two-storey houses
were constructed on ash and chnker fill which had been
placed two years previously without any special com-

paction One block of houses were founded on fill vary-
ing in thickness from 2 5 m to less than 0 25 m There
was a maximum settlement of 20 mm in a 1½-year
penod Again the raft foundation with edge beams pre-
vented any cracking

Preloadmg is a useful expedient to allow building
on normal foundations in areas of deep uncompacted
fills. The efficacy of preloadmg of fill by surcharging
was demonstrated by the Corby expenments Another
example of the method was given by the construc-
tion of a factory on a backfihled clay pit at Birtley,
Co Durham33° The 15 m deep colliery waste fill had
been end-tipped through water some 35 years before,
and it was still in a loose state (average N-value ten
blows per 300 mm) The overall loading on the factory
floor of 86 kN/m2 would have caused excessive settle-
ment of foundations on untreated fill Accordingly it
was decided to adopt preloading by a mound of colliery
waste some 3.5—5 5 m high moved progressively across
the site by scrapers and bulldozers at a rate controlled
by observations on settlement plates In areas of deep
fill the surcharge mound remained in place for periods
between 50 and 108 days when the average settlement
of the fill surface was about 05 m (3 3 per cent of the
fill thickness) under a surcharge of 1000 kN/m2

Heavy structures, includmg factory buildings con-
taining plant or machinery which is sensitive to settle-
ment, are best supported on piles taken through the fill
to a relatively incompressible stratum This procedure
may not be necessary where the fill is known to be well
compacted and is bearing on natural ground having a
compressibility less than or not appreciably greater than
that of the filling It is common practice to construct oil
storage tanks on hydraulically placed sand fill or com-
pacted earth fill

Where piled foundations are used in filled areas, the
consolidation of the filling under its own weight or
under superficial loads may cause a load to be trans-
ferred to the pile shafts due to the adhesion or skin
friction of the fill material in contact with them This
phenomenon is discussed in Section 7 13

Surcharge
Dynamic consohdation
Inundation

066 mm/year
16mm/year
2 mm/year
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3.7 Machinery foundations

3.7.1 General

Machinery foundations should be designed to spread
the load of installed machinery on to the ground so that
excessive settlement or tilting of the foundation block
relative to the floor or other fixed installations will not
occur, they should have sufficient ngidity to prevent
fracture or excessive bending under stresses set up by
heavy concentrated loads, or by unbalanced rotating or
reciprocating machinery, they should absorb or damp
down vibrations in order to prevent damage or nuisance
to adjacent installations or property, and they should
withstand chemical attack or other aggressive action
resulting from manufacturing processes

If the shear strength and the compressibility of the
soil are known, the proportioning of the base of a
foundation block is generally a simple matter where
non-vibrating loads are camed The allowable bearing
pressures to prevent excessive settlement can be calcu-
lated by one of the procedures described in Chapter 2
Tilting can be avoided by placing the centre of gravity
of the machinery at or reasonably close to that of the
foundation block

The problems of foundation design for machinery
having unbalanced moving parts are much more diffi-
cult Unbalanced moving parts, such as large flywheels,
crankshafts, or the pistons of reciprocating engines,
set up vibrations in the foundation blocks which, if not

absorbed by anti-vibration mountings, are transmitted
to the ground Strong ground vibrations may cause loss
of bearing capacity and settlement of the soil beneath
the foundations, they may also cause damage to adjac-
ent buildings or machines

3.7.2 Foundation vibrations

Foundation vibration problems may be considered in
two categories: first, those in which the vibrations on-
ginate from external sources such as seismic activity,
railway tunnels, construction activity (especially pilmg),
and second, those where the vibrations originate from
whatever the foundation is supporting, for example,
machinery, or fluctuating wind or wave forces on a
superstructure The first category is very specialized and
there is a considerable volume of literature on it. Within
the second category the requirements of the design of
offshore oil installations have stimulated a consider-
able amount of investigation and many sophisticated
techniques, particularly those based on finite element
methods, have resulted

A frequent problem is the design of rigid foundations
for machines such as compressors, fans, or turbines The
form and notation for the machine—foundation—soil
system are shown in Fig 3 24 which illustrates the case
of the coupled rocking—sliding mode, that is translation
in the x-direction coupled with rotation about the y-axis
through the combined centre of gravity of a machine
and foundation Note that sliding and rocking will be

ft
Figure 3.24 Form and notation for the machine—foundation—soil system

h0
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coupled when the combined centre of gravity is not
at the same elevation as the soil honzontal resistance
force P

For the design of a machine foundation a pnmary
objective is to ensure that natural frequencies of the
system are remote from the frequency (or possibly fre-
quencies in the case of reciprocating machinery) at
which the machine will operate The reason for this is
to avoid the greatly magmfied amplitudes of movement
which will occur if machine and natural frequencies
coincide giving the resonance condition However, it
may not always be possible to avoid resonance There
may be constraints on the possible size of the footing,
or the machine may be of the type which is required
to operate over a large range of frequencies In such
circumstances it will be necessary to assess the ampli-
tudes of movement at resonance to check that they
are acceptable to the installation and that they are
within acceptable limits for persons or structures in the
immediate vicinity of the machine Prediction of these
amplitudes, especially of coupled modes of vibration,
is complicated by the need to allow for soil damping
effects It is usual to assume that the soil can be
idealized as an elastic half-space, and the method now
descnbed is based on that given by Richart et a133'

For Fig 3 24 forces generated by the soil under
dynamic displacement will be of two types elastic
forces related to the instantaneous values of translation
and rotation, x and w' and damping forces related to
the instantaneous values of translational and rotational
velocities, x and y Consideration of Newton's second
law (force = the product of mass and acceleration)
results in the following equations

QX(o — (kx — kh0v) — (cix — ch0iy) = nx,

— (k + hk)v + h0kx—
(c,, + hc)v

+ h0cx = Jj,
where

m =mass of machine plus footing,
=mass moment of inertia about the

y-axis of machine plus footing,
k, k3, = soil spring constants for translation and

rotation,
c, c,=damping coefficients for translation

and rotation,
x = translational acceleration of machine

plus foundation,
= rotational acceleration of machine plus

foundation,
T,11(,) = time-dependent forces in the

x-direction and about the y-axis

For a rotary machine such as a fan or turbine the force
and moment Q(0 and T() due to out-of-balance on the
shaft will be in phase with one another and can be
expressed as

Q,) = Q0 sin cot, T,(,) = T0sin cot (3 12)

Assuming a solution of the form

x=sin(cot—a), 'P='I'sin(cot—f3), (313)
where x and {' are amplitudes of oscillation, a and f3 are
phase lags, and co is the frequency in radians/second at
which the machine is operating Substituting equations
(3 12) and (3 13) into equations (3 10) and (3 11) gives

(—mw2 + k)i sin (cot — a) + c1coi cos (cot — a)
—hJc'Psin (cot —13) — h0cco1' cos (cot — 13)

= Q,, sin cot, (3 14)

(—1w2 ÷ k, ÷ hk)'P sin (cot — 13)

+ (c,1, — hc1)w3!cos (cot — 13)

—hki sin (cot —a) — h0cw cos (cot — a)
= T0 sin cot (315)

Setting cot to zero and ir/2 successively yields four
simultaneous equations in

I sin (cot — a), Icos (cot — a), 'I' sin (cot — 13), and
'P cos (cot — 13)

For any value of co these equations can be solved by
hand to give values of I, 'F, a, and 13, but this is very
time-consuming when it is required to obtain answers
for several values of co in order to evaluate peak
amplitudes The computation becomes still more time-

The analysis was run for a range of possible values of
modulus of elasticity of the mudstone supporting the
foundation

3.7.3 Absorbing vibrations

Among the methods of absorbing vibrations, one of the
simplest is to provide sufficient mass in the foundation
block so that the waves are attenuated and absorbed by
reflections within the block itself A long-established

consuming when the spring stiffnesses and damping
(3 10) coefficients are taken to be frequency dependent,2 and

to achieve accuracy and reasonable speed of computa-
tion the use of a computer program is essential

(3 11) Figure 3 25 shows the results of a design analysis
where a computer program was used to evaluate maxi-
mum amplitudes of movement at the bearings of a
variable-speed fan operating in the range 6—16 liz
The fan was to be set on a concrete foundation which
was also to support a ngid structure around the fan
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Figure 3.25 Amplitudes of movement at the bearings of a ventilation fan at various operating speeds

rule in machinery foundations is to make the weight
of the block equal to or greater than the weight of the
machine This procedure is generally satisfactory for
normal machinery where there are no large out-of-
balance forces However, in the case of heavy forging
hammers and presses, or large reciprocating engines, it
is quite likely that the vibrations cannot be absorbed
fully by the foundation block Also, in some circum-
stances a large and heavy foundation block may be im-
practicable, for example where the machinery is camed
on a suspended floor or structural framework, or where
space is lmuted by service ducts or other foundations
In these circumstances, absorption of vibrations can be
achieved by special mountings

The aim of anti-vibration mountings for machinery
or foundation blocks is to reduce the amplitude of
the vibrations transmitted to the supporting foundation
block or to the ground Thus the mounting should have
a much lower frequency than that of the induced vibra-
tions of the machine When the frequency of the mount-
ing is very low it is said to be a 'soft mounting' The
mountings must also allow freedom for the six degrees
of movement illustrated by Crockett and Hammond333
in Fig 3 26 These movements comprise translations in
three dimensions and rotations in planes at right angles

Figure 3.26 Six degrees of freedom of movement
(after Crockett and Hammond3 33)

to these dimensions Types of anti-vibration mountings
in general use include the following

(a) Cork slabs and rubber pads These are suitable for
vibrating machines which do not produce severe
shock or high-amplitude vibrations and where the
intensity of loading on the cork slab or synthetic
rubber carpet is not so high that the matenals
will become 'hard' under compression Cork and
rubber are reasonably durable matenals and can be
expected to have a life of at least 25 years

11

Operating frequency (Hz)
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_____________ Bolted flange
plates

4-— Rubber blocks

C Foundation block

(b) Rubber carpet mountings These are designed for
heavier machines such as compressors, power-
hammers, presses, and generators A type consisting
of studs on either side of a rubber sheet (Fig 3 27(a))
can be loaded to 36 kN/m2 and a heavier type with
closed-spaced nbs runmng at nght angles on either
side of a rubber sheet can be loaded to 430 kN/m2
(Fig 3 27(b))

(c) Bonded rubber mountings These are used for direct
connection of machines to concrete or steel bases
They consist of various steel sections, e g plates,
angles, pedestals, and plugs, which are bonded to
rubber blocks They can be used for the hghtest
to the heaviest machines The sandwich type con-
sisting of layers of rubber separated by steel is
illustrated in Fig 3 28 This mounting is designed
to carry 300 kN at a frequency of 2 8 Hz Rubber—
steel sandwich mountings were used to insulate a
complete five-storey building from the vibrations
caused by railway trains runmng beneath the
building The mountings were installed beneath
columns as shown in Fig 3 29 Column loads were
up to 2 7 MN It was stated that the cost of the anti-
vibration installation was 5 per cent of the total
building cost

(d) Leaf springs These were used in the past for
forging hammers, but they have been superseded
by the simpler rubber mountings

The blow of heavy hammers is likely to cause con-
siderable oscillation of the anvil block or base when it
is supported by anti-vibration mountings In such cases
it may be necessary to provide dampers in honzontal
and/or vertical positions between the anvil and base
or between the base and the surrounding pit to damp
down the oscillations and so bnng the anvil to rest
before the next blow of the hammer Such dampers can
be fabncated from cellular polyurethane elastomers or
a hydraulic dashpot arrangement can be used, whereby
movement of the piston forces oil in a cylinder through
a small hole The energy is absorbed in compression
and heat in the oil It is also the practice to provide an
air-gap between the foundation block of heavy ham-
mers and the surroundmg ground by placing the block
inside a lined pit The object of this is to prevent direct
transmission of shock waves to adjacent machines
or enclosing buildings through the shallow soil layers
Instead the energy waves are transmitted to deeper strata
and become considerably attenuated before they reach
the surface, hence they are less likely to cause damage
or nuisance

It is desirable to avoid projections from machinery
foundation blocks such as thin cantilever brackets in
concrete or steel, since these may resonate with the
machine vibrations Similarly, any light removable steel
floor-plates or decking surrounding the foundation
block should be bedded on felt or rubber if there is a
risk of these light umts vibrating in resonance with the
machinery Problems of resonance and interference with
close-spaced machinery installations can often be over-
come by providing a combined foundation for a number
of machines

Ribs run at right angles
on underside

Studs staggered with
those on underside

0090 00000909000 0 0 0 0

(a)

Figure 3.27 Types of rubber carpet mountmg (a) Stud type
(b) Ribbed type

Machinery base

Lift and stairs

(b)

Rubber spring

concrete

Masonry
railway wall

Figure 3.28 Rubber—steel sandwich spnng mounting

Figure 3.29 A five-storey building mounted on rubber—steel
spnngs
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4 Spiread and deep
shaift f©undalicns

The term 'spread foundation' has been used to dis-
tmguish between foundations of the strip, pad, and raft
type, and deep foundations such as basements, caissons,
or piles A shallow footing is defined as one which has
a width equal to or greater than its depth This is a
reasonable definition for normal pad or strip founda-
tions, but it is unsatisfactory for narrow or very wide
foundations In order to avoid possible misunderstand-
ings when writing engineering reports, it is advisable to
avoid using the term 'shallow foundation' unless the
limiting depths are clearly defined in terms of the depth
to width ratio Defimtions and general descriptions of
strip, pad, and raft foundations are given in Section 2 1

4.1 Determination of allowable bearing
pressures for spread foundations

4.1.1 Foundations on sands and gravels

The allowable bearing pressures of spread foundations
on sands, gravels, and other granular materials, are gov-
erned by considerations of the tolerable settlement of
the structures Thus, it is the normal practice to use
semi-empirical or prescriptive methods as described in
Sections 24 and 2 5 based on the results of in-situ tests
or plate loading tests The former are generally pre-
ferred since they are cheaper and rapid in execution
Only in the case of narrow foundations on waterlogged
sands is it necessary to make calculations for ultimate
bearing capacity by equations in Section 23, unless it
is necessary to demonstrate compliance with BC 7 limit
state conditions as required by a statutory authority

Depth of Riundations If boreholes or in-situ test
records show a marked increase in density of sands
with increasing depth below ground level, it may be
tempting to take the foundations deeper than normal in

order to take advantage of the much higher allowable
bearing pressures. This procedure is unlikely to be econ-
omical if it involves excavating below the water table
Even excavating as little as 05 m below the water
table in a fine sand will give considerable trouble with
slumping of the sides and instability of the base of the
excavation In fact, uncontrolled inflow of water is likely
to loosen the ground and hence decrease the allow-
able bearing pressures Stability of excavations below
the water table in sands can only be achieved by well-
pointing or similar methods (Section 11 3 3) The cost
of these measures is likely to be higher than founding
on looser sands at the higher level above the water
table, even though the lower bearing pressures require
wider foundations

There is not the same risk of instability when pump-
ing from gravelly soils, but since these are usually very
permeable the pumping rate will be heavy and the cost
of excavation correspondingly high

If satisfactory bearing conditions cannot be obtained
above the water table, it is often more economical to
pile the foundations than to excavate for spread foun-
dations below ground water level Alternatively, a deep
compaction techmque — as described in Section 11 6—
can be considered

Foundations on loose saturated sands and very
fine or silty sands If the sand is very loose (value of
N of 5 or less) and also in a saturated state, then any
form of shock loading may cause spontaneous lique-
faction followed by subsidence of the foundation A
rapid change m water level, such as a sudden rise caused
by severe flooding, can give the same effect Therefore
very loose sands in a saturated state should be artificially
compacted by vibration (Section 11 6). If the size of
the foundations and other conditions make such methods
impracticable or uneconomical, then the load should
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be camed to underlying denser strata by means of piers
or piles

4.1.2 Foundations on clays

The ultimate bearing capacity of strip or pad founda-
tions on clays can be calculated from the equations in
Section 2 3 3 In the case of foundations of fairly light
structures on firm to stiff clays it is unnecessary to make
any calculations to determine consolidation settlement,
especially if they are founded on boulder clays Using
permissible stress methods a factor of safety of 2 5—3
will ensure that settlements are kept within tolerable
limits It is desirable to make computations of settle-
ments by the methods described in Section 266 in all
cases of heavy structures, and in cases where there is
no previous expenence to guide the engineer Calcula-
tions to determine the ultimate and serviceability limit
states will be necessary for Category 2 or 3 structures
(Section 1 0) to demonstrate compliance with EC 7 or
other statutory regulations

Estimation of characteristic shear strengths One
of the chief difficulties in calculating the ultimate bear-
ing capacity of spread foundations at a shallow depth is
making a reasonable assessment of the charactenstic
shear strength of the soil The soil to a depth of 1 2—
1 5 m in Great Britain, or deeper in tropical or sub-
tropical conditions, is affected to a variable extent by
seasonal wetting and drying and the effects of vegeta-
tion Below this surface crust, normally consolidated
clays, e g estuarine clays, usually show a fairly uni-
form variation in undrained shear strength with depth
The scatter in laboratory test values is relatively small
and is mainly due to disturbance caused by sampling
There is usually a smaller scatter when shear strengths
are determined by field vane tests (Section 1 45)

In British climatic conditions, foundations will norm-
ally be placed beneath or at the lower levels of the
surface crust which is subject to seasonal wetting and
drying (Section 3 11). Consequently, the minimum
values of shear strength which are normally found im-
mediately beneath the surface crust should be taken
for the calculation of the ultimate bearing capacity It
is usually found that there is a progressive increase m
shear strength with mcreasing depth below the surface
crust, and the engineer may decide to take advantage
of this by placing the foundation at a depth below that
at which the minimum shear strength occurs It is not
always necessary to take the very lowest values of shear
strength, since, as mentioned above, they may be random
soil samples which have been affected by excessive
sample disturbance

The alternative to placing the foundations below the
zone of seasonal moisture changes (and therefore on
soil which has a minimum shear strength) is to place
them at a fairly high level within the surface crust This
assumes that the strength of the crust is due to desicca-
tion of the clay and that subsequent softemng cannot
occur, or that the ability of the crust to distribute load
is not impaired by vertical fissures The adoption of a
foundation at a high level will enable relatively higher
bearing pressures to be used, and because the founda-
tions will have correspondingly smaller dimensions there
will not be significant stressing of the softer soil below
the surface crust

As an example of the risks of placing foundations
within the desiccated crust of a normally consolid-
ated clay, Jarrett et a14' gave the results of settlement
observations on a number of building structures at the
Impenal Chemical Industries works in Grangemouth,
Scotland At this site the shear strength within the 2—
25 m thick crust was 30—60 kN/m2, and the mimmum
shear strength below the crust was about 15 MN/rn2
at a depth of 4 m A two-storey building of brick-
infilled frame construction with strip foundations loaded
to 22 kN/m2 had an average foundation settlement of
about 110 mm, whereas single or one-and-a-half storey
brick-infilled frame buildings of light construction and
an overall loading of 12—16 kN/m2 underwent average
settlements of only 8—15 mm These lighter buildmgs
were bearing on continuous strip foundations at a depth
of 065 to 1 0 m below ground level The settlements
were measured over penods of 20 years or more The
differential settlements were in the form of tilting rather
than flexure and did not cause structural distress Ma-
lysis of settlement data for these and other buildings
on the site showed that there was a threshold loading
intensity of 15 kN/m2 below which only minor settle-
ments occurred

The problem of variation in shear strength is a diffi-
cult one in the case of foundations on fissured over-
consolidated clays where, in addition to variations within
the surface crust, a wide scatter in shear strength test
results occurs throughout the full depth of the stratum
owing to the effects of random fissuring on sampling
and subsequent laboratory testing It has been found
that shear strengths derived from plate loading tests or
tests on full-scale foundations reflect the fissured strength
of the clay, i e failure takes place partly through the
fissure planes The scatter of tnaxial compression test
results on samples from boreholes and tnal pits is typic-
ally shown in Fig 4 1 for a site at Maldon in Essex
The shear strengths derived from plate loading tests
in a pit on the same site are also shown These shear
strengths correspond to the lowest limits of the tnaxial
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Figure 4.2 Strip or pad foundation founded in stiff stratum
overlying weak stratum

through the crust to exceed the ultimate bearing ca-
pacity of the soft matenal

The beanng pressure on the surface of the weaker
layer can be calculated conservatively by assuming a
1 2 (or 300) spread of load through the stiff layer
as shown in Fig 42 The bearing pressures are then
given by

() (41)

for square (or circular) foundations, or

(42)

for strip foundations
The above assumption of spread of load assumes a

uniform bearing pressure across the width of the foun-
dation It tends to underestimate the vertical stress be-
neath the centre and overestimate it beneath the edges
The effect of the rigidity of the upper stiff stratum in
reducing the stresses in the lower layer is not taken into
account These effects are discussed in more detail in
Section 5 8 1.

The values of q, as calculated from the above equa-
tions, should not exceed the safe bearing capacity of
the soft stratum If the foundations are widely spaced
(for example if the distance between them exceeds four
times the width), it is possible to reduce, to some ex-
tent, the bearing pressure on the underlymg stratum by
increasing the size of the foundation. However, if the
footings are closely spaced, the pressures transmitted to
the underlying stratum will overlap, as shown in Fig 43.
Where they overlap, the bearing pressure on the buried
stratum is increased If the conservative 1 2 spread of
load distribution is adopted the vertical stress at the
interface with the lower layer will be twice that for an

5
0 Thaxial tests
o Plate loading tests

Figure 4.1 Variation of shear strength with depth in London
Clay at Maldon

compression test results Similar results have been found
elsewhere in London Clay Therefore in the case of
foundations on stiff-fissured clays, characteristic values
of shear strength corresponding to the lower limits
should be used in conjunction with the appropriate bear-
ing capacity factors for substitution in the equations in
Section 2 3

Glacial till also shows wide vanations in shear
strength due to random inclusions of sands and gravels
within the test specimens However, the in-situ strength
as determined by full-scale foundation behaviour is usu-
ally higher than that mdicated by tnaxial tests in the
laboratory and a characteristic strength need not neces-
sarily be representative of lower bound values A statis-
tical approach could be appropriate for these soils
Nevertheless, it is advisable to make a careful study of
the in-situ characteristics of the clayey glacial till in
case low shear strengths may be the result of lenses of
weak clay of appreciable extent which might cause local
failure of foundations sited immediately above them

Foundations on stiff soil overlying a soft clay
stratum In the case of a foundation constructed within
a stratum of stiff soil overlying a stratum of soft clay, if
the foundation is close enough to the soft layer, it may
break through to the latter and result in failure This
danger can arise in normally consolidated clays such as
estuarine clays Normally consolidated clays usually
have a crust of stiff dry soil at the surface Although the
stiff crust may have a reasonably high shear strength
enabling relatively high bearing pressures to be used,
the foundation may be placed sufficiently close to the
underlying soft clay for the bearing pressure transmitted
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Figure 4.3 Close-spaced foundation

2 slope

isolated foundation The overlap stresses can be calcu-
lated more accurately by allowing for the relative ngid-
ity of the layers

Using Boussinesq's method, it can be shown that to
ensure that the vertical stress increase due to overlap-
pmg pressure bulbs does not exceed the average value
calculated from a 1 2 spread of load, the following
minimum column spacings should be adopted for Bid
less than 1 0

BIdOl 02 03 04 05 06 07 08 09 10
CId 048 073 091 105 119 131 143154 164 174'

when Bid is greater than 1 0, Cid 08 + 0943 Bid
Itmay be possible to reduce the applied pressure still

further by combining the footings to form a raft foun-
dation or, m the case of a row of footings, to form a
strip foundation, but if the bearing pressures are still
excessive, consideration will have to be given to piling
through the soft layer to a deeper bearing stratum It
should be noted that the stiff stratum in itself acts as a
raft beneath the foundations This natural raft, if thick
enough, prevents the soft soil from heaving up beyond
the loaded area

Foundations constructed on a thin clay stratum
When foundations are constructed on a thin surface
stratum of clay overlymg a relatively rigid stratum, there
may be a tendency for the thin layer to be squeezed from
beneath the foundation, particularly if the soft layer
is of varying thickness Figure 44 shows a foundation

Clay

Figure 4.4 Foundation on thin clay layer

of width B on a thin clay layer overlying a stratum of
different charactenstics and appreciably higher bear-
ing capacity, for example a sand layer The net ultimate
bearing capacity of the thin clay layer is given by the
formulae

= + it + i)c, for 2,

for a strip foundation of width B, and

(B= + it + 1)c, for
d 6,

(43)

(44)

for a circular foundation of diameter B For smaller
values of Bid than those given above, can be calcu-
lated by the methods given for a thick clay layer below
foundation level in Section 2 3 3

It should also be noted that, with a thin clay layer,
the Boussinesq theory underestimates the vertical stress
near the lower boundary between the thm clay layer
and the underlying stiff stratum The underestimate is
of the order of 50 per cent beneath the centre of the
loaded area This should be taken into account when
considering factors of safety (see Section 5 8 1)

4.1.3 Spread foundations carrying
eccentric loading

Examples of foundations subject to eccentric loading
are column foundations to tall buildings where wind
pressures cause appreciable bending moments at the
base of the columns, foundations of stanchions carry-
ing brackets supporting travelling crane girders, and
the foundations of retaining walls

The pressure distribution below eccentrically loaded
foundations is assumed to be linear as shown in Fig
45(a), and the maximum pressure must not exceed the
maximum pressure permissible for a centrally loaded
foundation For the pad foundation shown in Fig 45(a),

/\ /\ \

Sand
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Figure 4.5 Eccentrically loaded pad foundation

Determination of allowable bearing pressures for spread foundations 141

Figure 4.6 Equivalent umformly loaded rectangular area for
eccentrically loaded circular foundation

hatched area A in Fig 46 where the dimension A' is
equal to A/B Eurocode 7 does not give any guidance on

(4 5c) the need or otherwise to calculate settlements caused by
wind loading When usmg permissible stress methods
the general practice is to neglect wind loading if it is
less than 25 per cent of the combined dead and Un-
posed loading. For higher percentages it is desirable to
calculate immediate settlements for wind loading, but
not long-term settlements assuming drained conditions
Again using permissible stress methods wind loading
can be accommodated by proportioning the foundation
dimensions so that the bearing pressures from the com-
bmed dead, imposed, and wind loading do not exceed the
allowable bearing pressure by more than 25 per cent
Settlement is an important consideration for eccentric-
ally loaded foundations on sands, since if it is excessive
the tilting of the foundation will cause an increase m
eccentricity with the higher edge pressure, followed by
further yielding and possible failure If the foundation
is restrained against tilting it may be permissible for the

(a) (b) (c)

— I—

Point at which resultant
of Vand H cuts underside
of foundation

LL

where the resultant falls within the middle third of
the base

W My
Maximum pressure, q = +

—, (4.5)

which for a centrally loaded symmetrical pad becomes

W 6M
(45a)

Similarly,

W 6M
Minimum pressure, q = — -- (4 Sb)

When the resultant of W and M falls outside the
middle third of the base, equation (4 Sb) indicates that
tension will occur beneath the base However, no ten-
sion can in fact develop and the pressure distribution is
as shown in Fig 4.5(c)

4W=
3L(B — 2e)'

where

W = total axial load,
M = bending moment,
y = distance from centroid of pad to edge,
I = moment of inertia of plan of pad,
e = distance from centroid of pad to resultant

When checking the ultimate limit state it should be
noted from Table 2 1 that the case C partial factor for
unfavourable variable actions, including wind loading,
is 1 3 For checking the serviceability limit state, the
settlements should be calculated for uniform bearing
pressure on the equivalent rectangular area (Fig 2 10)
For the case of an eccentrically loaded circular foun-
dation the equivalent rectangular area is taken as the

loading
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Figure 4.7 Placing column eccentric to base to obtain uniform
beanng pressure

maximum edge pressure to exceed that permissible for
a centrally loaded foundation

In cases where eccentric loading on a column is
produced by sustained bending moments, for example
dead-load bending moments, it may be advantageous
to place the column off-centre of the base so that the
resultant of the axial load and the bending moments
passes through the centroid of the base (Fig 4.7) Thus
there is no eccentricity of loading on the foundation
and the pressures are uniformly distributed

4.2 Structural design and construction

4.2.1 Strip foundations for load-bearing walls

Unreinforced concrete strip foundations The 1995
Bntish Standard Code of Practice, BS 8103: Stabilily,
Site Investigation, Foundations and Ground Floor Slabs
for Housing recommends for non-aggressive soils a
(IEN3 mix for ready-mixed concrete, an Sfl mix for
site-mixed concrete in conventional foundations or an
ST4 mix for trench-fill foundations The requirements
of BS 5328 (part 2) for these mixes using 20 mm
maximum-size aggregate are:

Designation Characteristic
strength (N/mm2)

Minimum cement
content (kg/rn3)

GEN3
SD
ST4

20
15
20

220
270
300

A mix as lean as 220 kg/rn3 would not be used if
sulphates or other aggressive substances were present
in the soil in sufficient quantity to be deletenous to
concrete (see Section 13 5) The loading per metre run
of wall on this type of foundation is usually quite low,
and in the case of strip foundations supporting brick
walls, the width of the foundation is governed by the

- —

-_)7
Compacted backfill

—J—- Concrete fllhngri
L 450mm -b-I
'Practical minimum for'
bricklaying

minimum width in which a bricklayer can lay the foot-
ing courses, rather than by the bearing capacity of the
soil Thus, in Fig 4 8(a), a practical minimum for brick-
layers to work in a shallow trench is 450 mm The load
per metre run of the most heavily loaded wall of a two-
storey dwelling house is about 50 kN, which gives a
bearing pressure of little more than 110 kN/rn2 for the
450 mm wide foundation For this value, the factor
of safety on the ultimate bearing capacity of a stiff clay
or a dense sand may be 6 or more Thus the maximum
safe bearing capacity of soils of good supporting values
is not utilized, and in these soils it may be advantageous
to adopt a narrow strip foundation as illustrated in
Fig 49

M
Eccentricity of load
with respect to colum

Drained cavity

DPC

150 mm (mm)
GL t

Polythene sheeting lapped
with DPC

— ___

Varies

150 mm (mm)

(a)

(b)

Figure 4.8 Strip foundation to 280 mm cavity bnck wall
(a) Foundation details (b) Minimum depth for foundations
adjacent to service trench
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(b)

Compressible
material or
void former

I
500mm

I
Figure 4.9 Narrow strip foundation to 280 mm cavity brick wall
where vertical and honzontal ground heave is expected

BS 8103 requires a minimum depth below ground
level of 1 0 m for clay sites This requirement is some-
what in conflict with the recommendations for founda-
tion depths in clay as given in Section 3 1 2 In other
soil types a mimmum of 045 m is recommended for
protection against the effects of frost heave with the
possibility of an increased depth in upland areas and
other areas known to be subjected to long periods of
frost A depth greater than 0.45 m may be needed if
the foundation is located near a service trench (see
Fig 4 8(b))

Narrow strip (trench fill) foundations The essen-
tial feature of the narrow strip foundation is that the
trench is too narrow to be dug by labourers working in
the trench It depends for its success on the ability of a
mechanical excavator, such as a light tractor-mounted
back-acter with a narrow bucket to dig the trench, which
must be self-supporting until it can be backfilled with
concrete Either hand or mechamcal excavation will

(a) For clays not subject to significant ground heave (b) Forclays

be ineffective if the ground contains many large stones
or thick roots Also deep narrow strip foundations
cannot economically be used in very soft clays or water-
bearing sands which require support by close-sheeting

Although the narrow strip foundation is widely used
in clays which are affected by swelling and shrinkage
due to seasonal moisture content changes, this type is
vulnerable to damage where the clay has been desic-
cated by vegetation to depths of more than about 1.2 m
(see Section 3.1 1) Uphft of these foundations causing
hogging of the superstructure can result from adhesion
of the clay to the sides of the deep stnp, particularly
where the excavator has produced a trench wider at the
top than at the bottom Lateral movement resulting in
vertical cracks in the foundation walls and lower parts
of the superstructure can be caused by horizontal swell-
ing of the mass of clay enclosed by the walls. Vertical
slabs of polystyrene are used on the inside faces of trench
fill foundations to relieve honzontal swelling pressures
as shown in Fig 49(b), but polystyrene, unless of a

Drained cerity

Damp-proof
course

Polythene sheeting lapped
with DPC

Suspended RC or
timber floor

Backfill

Concrete filling

Varies

I
450mm max

(a) I
L 375mm(min) :1
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(a)

Figure 4.10 Incorrect setting out and construction of narrow strip foundations

special low density, has an appreciable degree of stiff-
ness and the pressures transmitted to the foundations
can cause cracking of an unreinforced section Volclay
(bentonite-fihled slabs) and Clayboard (cellular card-
board) are suitable alternatives provided that precautions
are taken in the latter material against premature collapse
due to wetting The conventional strip foundation, where
the soil is loosely backfilled against the deep footing
walls, is less vulnerable in this type of damage

Care is necessary to obtain accuracy in settmg out
and subsequent construction of narrow strip foundations
and the superimposed walls Typically the guideline
for the excavator operator is a line of cement or lime
dust roughly strewn on a string-line An inexperienced
operator may cut the trench 50 or 75 mm off the true
centre line, so that when the brick footing courses are
laid these will be eccentric to the foundation with a risk
of shearing at the edge (Fig 4 10(a)) A more serious
situation, known to have occurred, is the case where
the concrete placed in a trench incorrectly excavated is
allowed to spill over the edges of the trench to make up
low-lying ground Then if the brickwork is also incor-
rectly set out in the opposite direction from the founda-
tion the bricklayer may be unaware of the error with

the result that the wall is built partly over a thin layer
of concrete (Fig 4 10(b))

Stepped foundations When building on sloping
ground, strip foundations need not necessarily be at the
same level throughout the building It is permissible to
step the foundations as shown in Fig 4 11 Similarly, if
strip foundations are taken below a surface layer of fill-
ing or weak soil on to the underlying bearing stratum,
the levels of the foundation can be stepped, as required,
to follow any undulations in the bearing stratum The
requirements of BS 8103 are shown in Fig 4 12(a) and
(b) The steps should not be of greater height than the
thickness of the foundations unless special precautions
are taken Heights of steps in deep trench fill founda-
tions (Fig 4 12(b)), require special consideration and it

Figure 4.11 Foundations stepped on sloping ground

CL

• Brickwork
in correct
position • Brickwork incorrectly

set out

True centre tine

(b)



This edition is reproduced by permission of Pearson Educational Limited

Structural design and construction 145

snot greater than
or equal to

I _

Figure 4.12 Requirements for overlapping stepped foundations (a) Conventional strip (b) Narrow strip (trench fill)

might be advisable to introduce reinforcing bars topre-
vent cracking at the steps

Requirements for thickness Conventionally, the
thickness of concrete in a hghtly loaded strip foundation
is equal to the projection from the face of the wall or
footing with a minimum thickness of 150 mm This
minimum is necessary for ngidity, to enable the foun-
dations to bndge over loose pockets in the soil, and to
resist longitudinal forces set up by thermal expansion
and contraction, and moisture movements of the footing
walls On clay soils swellmg pressures can be of a fairly
high order.

When strip foundations carry heavy loading, the cn-
tenon for the width of the foundations is then likely to
be the allowable bearmg pressure, and the thickness of
the strip is governed by its strength to resist failure of
the projecting portions in bending or shear The mode
of failure in bending is illustrated in Fig 4 13(a), and in
shear in Fig 4 13(b) In an unreinforced strip founda-
tion failure in bending will be the governing factor
This can be prevented by an adequate thickness of con-
crete, with or without a stepped or sloping transition
from the wall to the bottom width A conservative design
rule is to proportion the thickness of the strip so that no
tension is developed on the underside of the strip This

Figure 4.13 Structural failure of unreinforced foundations
(a) Failure in bending (b) Failure in punching shear

is achieved by the rule-of-thumb procedure of making
the thickness equal to twice the projection However,
a distribution of loading at an angle of 45° from the
base of the wall for concrete foundations, or a spread of
load through bnck footings of a quarter of a bnck per
course (51—75 mm) is generally adopted The procedure
is illustrated for plain strip, stepped, and sloping foun-
dations in Fig 4 14(a)—(d)

The 45° load distribution implies a small order
of tension on the underside of the foundation, but its
magnitude cannot be determined since it depends on
the bending of the strip and the eccentricity of loading
These cannot be calculated with any pretence of accu-
racy, for this reason, the nominal 45° distribution is
preferred to design procedures which are based on per-
mitting a certain tensile stress to develop

Lines drawn at 45° from base of wall

Figure 4.14 Proportioning thickness of unreinforced strip foundations based on 450 loaddistribution (a) Plain strip (b) Stepped
concrete (c) Stepped brick footings (d) Concrete with slopmg upper face

I
-

Overlap length
or Zs or 300mm

whichever is the greatest

tf (trenchfill
depth)

______________ tf should be 500mm or more

Overlap length = 2sor im,
whichever is the greater

(a) (b)

(a) (b) (c) (d)
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In wide and deep foundations consideration must
be given to economies in concrete quantities that can be
achieved by stepping or sloping the footings It will be
seen from Fig 4 14(a) that there is a considerable area
of concrete which is not coninbuting to the distribution
of the load from the wall The wastage is less if the
concrete is stepped as shown in Fig 4 14(b) However,
the construction of such a stepped form would mean
concreting in two hfts with formwork to the upper step
The cost of these operations is likely to be more than a
simple addition to the thickness of the foundation In
the case of brick or stone-masonry load-bearing walls,
the stepping can conveniently be camed out in the wall
materials (Fig 4 14(c)) Sloping the upper face of the
projections (Fig 4 14(d)) will give savings in concrete
and will enable the concrete to be placed in one lift,
but if the slope is steeper than about 1 vertical to 3
honzontal it will require formwork Such formwork is
costly to construct in a trench and requires weighting
down However, the savings given by haunching at flat
slopes as in Fig 4.14(d) are doubtful except for very
long continuous foundations, and in most cases the plain
strip (Fig 4 14(a)) is the most economical

In wide or heavily loaded strip foundations it is
always worth while to keep in mind the economies that
unreinforced may have over reinforced concrete founda-
tions This is especially the case if foundations have to
be taken to a greater than nominal depth, to get below a
layer of filling or weak soil for example In such cir-
cumstances it may well be more economical to backfill
the trench with a sufficient depth of lean concrete to
conform to the requirement of the 45° load distribution
rather than incur the expense of providing and bending
reinforcement and assembling it in a deep timbered
trench, with the extra care that is necessary in placing
the concrete m such conditions Savings in cement are
also given, because in non-aggressive soils 1 9 con-
crete can be used in unreinforced foundations, whereas
reinforced concrete made in accordance with structural
codes usually requires to be richer

4.2.2 Reinforced concrete strip foundations

Reinforced concrete strip foundations are likely to show
an advantage in cost over unreinforced concrete where
weak soil and heavy wall loading require a wide strip
at a comparatively shallow depth Reinforcement in the
form of longitudinal bars is also desirable in strip foun-
dations on highly variable soils when the foundation
is enabled to bridge over local weak or hard spots in
the soil at foundation level, or when there is an abrupt
change in loading

The transverse reinforcement in a wide strip founda-
tion is designed on the assumption that the projection
behaves as a cantilever with its critical section on the
face of the wall (line XX in Fig 4.15), and with a load-
ing on the underside of the cantilever equal to the
actual net bearing pressure under the worst conditions
of loading (i e maximum eccentricity if the loading is
not wholly axial) The main reinforcement takes the
form of bars at the bottom of the slab The slab must
also be designed to withstand shear and bond stresses

In calculating bending stresses, the projecting por-
tion b in Fig 4 15 is taken as a cantilever, i e bending
moment at face of wall, where b is given by metres,

Mb = q x b
kN/m per metre length of wall. (46)

It is further necessary to check the shear stress at the
critical section YY in Fig 4 15 given by a vertical sec-
tion at a distance of 1 5 times the effective depth of the
foundation from the face of the wall

Shear stress =
b'

N/mm2, (4 7)

where d is the effective depth at section YY and b' is in
mm If the shear stress is greater than the permissible
value it should be reduced by increasing the effective
depth of the strip Shear reinforcement in the form
of stirrups or inchned bars should be avoided if at all
possible

As noted for unreinforced concrete foundations,
economy in concrete quantities can be made by sloping
or stepping the upper face of the projections The former
shape is usually preferred, but if the foundation is short,
the cost of formwork to the slope, or constructing it with-
out formwork in a dry concrete, will exceed the cost
of the extra concrete m a rectangular section However,
for long lengths of strip foundation, where travelling

Critical section for bending

Critical section for shear

q,,

d

Figure 4.15
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formwork or other methods of repetitive construction
can be used, the savings in the quantity of concrete given
by a sloping face may well show savings in the overall
costs.

Constructional details It is good practice to lay a
blinding coat of 50—75 mm of lean-mix concrete over
the bottom of the foundation trench in order to provide
a clean dry surface on which to assemble the reinforce-
ment and pack up the bars to the correct cover The
blinding concrete should be placed as quickly as
possible after trimming the excavation to the specified
levels it will then serve to protect the foundation soil
from deterioration by rain, sun, or frost If the excav-
ated material is a reasonably clean sand or sand—gravel
mixture, it can be mixed with cement for the blinding
layer There is no need to use imported graded aggre-
gates if the excavated soil will itself make a low-grade
concrete.

To protect the reinforcing steel against corrosion,
a minimum cover of 40 mm is required by BS 8110
between the surface of the blinding concrete and the
bottom layer of reinforcement If concrete is placed
against rough timber or directly against the soil the
nominal cover should be increased to 75 mm.

A typical arrangement of a reinforced concrete strip
foundation for a brick footing wall is shown in Fig 4 16
The fabric reinforcement is wholly in the bottom of the
slab and the 'mat' of reinforcement may be assembled
on the surface, concrete spacer blocks wired on, and the
whole assembly lowered on to the blinding concrete
The arrangement of reinforcement for a strip foundation
to a reinforced concrete loadbearing wall is typically
similar to that shown for a pad foundation in Fig 4 19

4.2.3 Unreinforced concrete pad foundations

The methods of design of unreinforced and reinforced
concrete pad foundations are similar m principle to those
described in the preceding pages for strip foundations.

Figure 4.16 Reinforced concrete strip foundation for 440 mm
brick wall

Thus the mimmum size of the pad is given by the prac-
tical requirement of being able to excavate by hand to
the required depth and level off the bottom and to lay
bricks or fix steelwork for the columns The minimum
size for a 215 mm square brick pier is a base 510mm
square The design corresponding in constructional tech-
nique to the narrow strip foundation is the circular pad
in which a mechanical earth auger is used to drill a hole
to the required depth which is backfilled with concrete
A bnck pier may be built off the levelled surface, or a
pocket may be cast into the pad to receive a steel or
precast concrete column The savings in mechanically
augered excavations are more in terms of labour and
time than in quantities of excavation or concrete They
are most favourable in the case of deep shaft founda-
tions (Section 46)

As in the case of strip foundations, the thickness of
unreinforced concrete pad foundations is given by the
necessity of preventing development of tension on the
underside of the base or reducing it to a small value
The former criterion is given by the rule-of-thumb pro-
cedure of malung the thickness twice the projection,
while the latter can be determined by the normal Bntish
practice of a 450 distribution of loading (as Fig 4 14)

The considerations for determining the choice of
stepped or sloping foundations or a plain rectangu-
lar section are the same as those descnbed for strip
foundations

4.2.4 Reinforced pad foundations

The procedure for the design of reinforced concrete
pad foundations is as follows

(a) Determine the base area of the foundation by
dividing the total load of the column and base by
the allowable bearing pressure on the soil

(b) Determine the overall depth of the foundation
required by punching shear, based on the column
load only

(c) Select the type of foundation to be used, i e. simple
slab base, or sloping upper surface Assume dimen-
sions of slope.

(d) Check dimensions by computing beam shear stress
at critical sections, on the basis that diagonal shear
reinforcements should not be provided

(e) Compute bending moments and design the
reinforcement

(f) Check bond stresses in steel

Calculation of required thickness of pad to resist
punching shear Punching shear occurs along a cnti-
cal peripheral section at a distance of one and a half

Fabric
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Figure 4.17 Punching shear in column base

times the thickness of the pad (Fig 4 17) Thus for the
rectangular column shown the shear stress is given by

(W/bb')(bb' — A)
(2a + 2a' + 2itl 5t)d

where A is the area within critical peripheral section,
and d the effective depth of pad

Calculation of shear stress at critical sections In
the case of pads of umform thickness, the cntical sec-
tion for shear is along a vertical section YY extending
across the full width of the pad at a distance of one-
and-a-half times the effective depth from the face of
the column, i e Section XX in Fig 4 18

q x b x L
Shear stress = Lxd

where

q = net bearing pressure on area outside section
under consideration,

b = width of section under consideration,
d = effective depth of section,
L = length of pad

In the case of stepped footings, other critical sections
may exist at the face of each step, and the shear stress

should be checked at the reduced thickness at each step
(4 8) Where pads have a sloping upper face it may be neces-

sary to check the shear stress at two or three points If
the shear stress is greater than the permissible values
given in the structural code, then it will be necessary to
increase the thickness of the base Shear reinforcement
in the form of stirrups or inclined bars should be avoided
if at all possible

Calculation of bending moments in centrally loaded
pad foundations The bending moments should be
taken to be the moment of the forces over the entire
area on one side of the section, assuming the bearing

(4 9) pressure to be distributed uniformly across the section
The critical section for bending in the base should be
taken at the face of the column

Thus in Fig 4 18 the bending moment at critical
section XX is given by

q x b' x - per umt width of pad (4 10)

Square or rectangular base slabs are preferred to cir-
cular slabs since the latter require reinforcing bars of
varying lengths, and formwork, if required for circular

Reinforcement

Critical section for bending

Critical section for shear

_1 5'

Critical section for
punching shear

L

Figure 4.18
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Minimum bearing pressure at heel of slab

Centre line of
pad foundation

Figure 4.20 Eccenlncally loaded pad foundation

act in the same direction, as in columns supporting rigid
framed structures, the foundation slab can be lengthened
in the direction of the eccentricity Thus in Fig 420 if
the resultant R of the vertical load Wand the horizontal
load H cuts the base at a distance e from its centroid,
then when e is smaller than a16,

Maximum bearing pressure at toe of slab

(4 11)

=(i_.!J (412)

When e is greater than a/6,

Maximum bearing pressure at toe of slab

= 4W
(413)

3b(a — 2e)

The dimensions of the base slab, a and b, are pro-
portioned in such a way that the maximum bearing
pressure at the toe does not exceed the allowable bear-
ing pressure (see Section 4 1 3) If a column cames
a permanent bending moment, for example a bracket
carrying a sustained load, it may be an advantage to
place the column off-centre on the pad so that the eccen-
tricity of the resultant loading is zero, giving umform
pressure distribution on the base in a similar manner
to Fig 4.7 for the strip foundation This eliminates the
risk of tilting

The long toe section of the slab should be designed
as a cantilever about a section through the face of the
column Punching shear should be calculated on the
faces of the column and the design should be checked
for diagonal tension at sections outside a vertical sec-
tion as shown in Fig 4 18

Since the bending moment at the foot of the column
is likely to be large with foundations of this type, the

Figure 4.19 Square pad foundation (see Example 44)

steps or sloping faces, is expensive Typical reinforce-
ment details for a pad foundation are shown in Fig 4 19.
For square pads the reinforcement should be distributed
umfornily across the section considered Reinforcement
required to resist the moment across the short span of a
rectangular base should be spread over a band centred
on the column and containing 2/(, + 1) = 1 times the
total area of reinforcement, and the remainder is spread
over the outer parts of the section The width of the
central band is equal to the short side dimension of the
base and f, is the ratio of the longer to the shorter side

Pad foundations for L-shaped columns Columns
at the corners of reinforced framed structures are often
L-shaped for architectural reasons The foundation
slab must be made concentric with the centroid of the
column The foundation slab is designed in a similar
manner to square or rectangular bases The punching
shear is small because of the large perimeter of the
column in relation to the load camed

Eccentrically loaded pad foundations Where the
lateral loads or bending moments on a column come
from any direction, for example from wind loads, a
square foundation slab is desirable, unless, for reasons
of limitation of space, a rectangular foundation must be
provided However, where the bending moments always
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column reinforcement should be properly tied into the
base slab Reinforcement details for an eccentrically
loaded pad foundation are shown in Fig 421

In the case of large eccentricity from any direction
on square or rectangular pad foundations, consideration
can be given to the passive resistance of the soil in
contact with the foundation block to resist overturning
For this to be taken into account it is necessary that the
foundation block should be cast against the undisturbed
soil, and that the soil itself should not yield appreciably
under the lateral load, or that the backifiling can be
rammed between the face of the block and the excava-
tion to a density equal to or greater than that of the
surrounding soil Thus, a dense sand or sand and gravel
would have a high resistance to overturning of a foun-
dation block. No resistance to overturning could be given
by clay soil if the block were sited within the zone of
seasonal moisture movements, when shrinkage might
open a gap between the soil and the block

4.2.5 Foundations close to existing structures

Where space for the base slab of foundations is re-
stricted, for example where a strip foundation is to be

Figure 4.22 Strip foundation close to existing structure

built close to an existing wall (Fig 422), there may not
be room for a projection on both sides of the column
or wall If the projection is on one side only, eccentric
loading is inevitable. This may not matter in the case of
light loadings or if the foundation material is unyielding,
but eccentric loading on compressible soils may lead
to tilting of the foundation with consequent transmittal
of dangerous horizontal forces on the walls or columns
of the abutting structures Some degree of eccentricity of
loading on the soil may be permitted in framed struc-
tures which are properly tied together, or in deep foun-
dations where the tilting can be resisted by the passive
resistance of the soil against the vertical surfaces of the
foundation wall

A method used to counteract tilting in column foun-
dations of framed structures is to combine the exterior
foundation with the adjoining interior foundation as
shown in Fig 423 Because of the eccentricity of load-
ing on the base of such a combined foundation, there
will be unequal distribution of pressure on the soil and
consequently a tendency to relative settlement between
the columns This must be resisted by the structural
ngidity of the base slab Top and bottom reinforcement
is required and since shear forces are likely to be large,
link steel will probably be necessary

If there are wide differences in the loading of adjacent
columns in a combined foundation, the desirability of

1

Elevation

Interior column

Exterior column

Old wall and
strip foundAtion

Construction
Jomt '

Column bars

Starter bars

New wall

New strip
foundation

n nil fl

Figure 4.21 Reinforeement details for pad foundation with
eccentrically placed column

Plan

Figure 4.23 Combined pad foundation for exterior and
Interior columns
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(a)
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(b)
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Figure 4.25 Continuous beam foundations (a) Rectangular
slab (b) Inverted T-beam

Figure 4.24 Combined pad foundations for unequally loaded
columns (a) Trapezoidal base (b) Rectangular base

having uniform bearing pressures would theoretically
require a trapezoidal base slab (Fig 424(a)) In practice
the trapezoidal base slab should be avoided if possible,
since it requires cutting and bending bars of differing
lengths In many cases it is possible to provide the addi-
tional bearing area for the more heavily loaded column
by extending the cantilevered portion of the base slab
while keeping the sides parallel (Fig 424(b))

4.2.6 Continuous pad and beam foundations

It may often be more economical to construct the foun-
dations of a row of columns as a row of pad founda-
tions with only a Joint between each pad, rather than to
provide individual excavations at a close spacing Foun-
dations of this type with individual but touching pads
are more economical in reinforcing steel than continu-
ous beam foundations, since the latter require a good
deal of reinforcement to provide for the stresses due
to differential settlement between adjacent columns
However, continuous beam foundations may be required
to bridge over weak pockets m the soil or to prevent
excessive differential settlement between adjacent col-
umns The advantages of the continuous pad or beam
foundation are ease of excavation by back-acter or other
machines, any formwork required can be fabncated and
assembled in longer lengths, there is improved conti-
nuity and ease of access for concreting the foundations
These foundations have the added advantage of provid-
ing strip foundations for panel walls of the ground floor
of multi-storey framed buildings

Structural design of continuous beam foundations
Continuous beam foundations may take the form of
simple rectangular slab beams (Fig 4 25(a)) or, for
wider foundations with heavy loads, inverted T-beams

(Fig 425(b)) Structural design problems are compli-
cated by factors such as varying column loads, varying
live loads on columns, and variations in the compress-
ibility of the soil In most cases it is impossible to de-
sign the beams on a satisfactory theoretical basis In
practice, soil conditions are rarely sufficiently uniform
to assume uniform settlement of the foundations, even
though the column loads are equal Inevitably there will
be a tendency to greater settlement under an individual
column, which will then transfer a proportion of the
load to the soil beneath adjacent columns until the whole
foundation eventually reaches equilibnum. The amount
of load transfer and of yielding of individual parts of
the foundation beam is determined by the flexural rigid-
ity of the beam and the compressibihty of the soil con-
sidered as one unit

For reasonably uniform soil conditions and where
maximum settlement will, in any case, be of a small
order, a reasonably safe design method is to allow the
maximum combined dead and live load on all columns,
to assume uniform pressure distribution on the soil,
and to design the foundation as an inverted beam on
unyielding columns However, if the compressibility of
the soil is variable, and if the live load distribution on
the columns can vary, this procedure could lead to an
unsafe design The structural engineer must then obtain
from the geotechmcal engineer estimates of maximum
and differential settlements for the most severe con-
ditions of load distribution in relation to soil character-
istics The geotechmcal engineer must necessarily base
his estimates on complete flexibility in the foundation,
and the structural engineer then designs the foundation
beam on the assumption of a beam on yielding sup-
ports Computenzed methods, as descnbed in Section
28, are generally used for design purposes

The degree of rigidity which must be given to the
foundation beam is governed by the limiting differential
movements which can be tolerated by the superstructure

(a)

(b)
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and by considerations of economies in the size and
amount of reinforcement in the beams Too great a
rigidity should be avoided smce it will result in high
bendmg moments and shearing forces, and the possibil-
ity of a wide crack forming if moments and shears are
underestimated (this is always a possibility since close
estimate of settlements cannot be relied on from the
geotechmcal engineer and it may be uneconomical to
design on the worst conceivable conditions) The gen-
eral aim should be a reasonable flexibility within the
limits tolerated by the superstructure, and in cases of
high bending moments the junctions of beams, slabs,
and columns should be provided with generous splays
and haunches to avoid concentrations of stress at sharp
angles When considering the effects of settlements of
columns on the superstructure the structural designer
should keep in mind the data on limiting distortions
given in Section 262.

4.3 Foundations to structural steel columns

The traditional design of bases of structural steel col-
umns consisted of a rectangular steel base plate, ngidly
connected to the stanchion by gussets and angles, while
holding-down bolts secured the plate to the concrete
foundations The size of the base plate was, more often
than not, dictated by the size of the column and the
space taken up by the gussets and angles, rather than by
the allowable bearing pressure on the concrete beneath
the base plate However, the general adoption of weld-
ing in steel structures has led to a reduction in the size
of base plates (since clearances need not be allowed for
bolt holes) The use of hinged ends to columns in such
structures as portal framed buildings and guyed masts
permits base plates of minimum area, which are then
governed in size by the allowable bearing pressure which
can be imposed on the concrete Also it is quite a usual
practice to embed the feet of steel or precast concrete
columns in pockets formed in the concrete foundations

Designers often assume that the ultimate bearing
capacity of the surface of the unremforced concrete
foundation is equal to its unconfined compressive cube
strength This is clearly a very conservative procedure
since the confimng effect of the surrounding concrete is
neglected

It is the usual practice to check the permissible stress
on the surface of the foundation by refemng to BS 5628
Structural Use of Unreinforced Masonry

4.4 Grillage foundations

Where very heavy loads from structural steel columns
have to be carried on a wide base, and where the over-

all depth of the foundation is restricted (to enable the
base slab to be sited above the ground-water table, for
example) a steel gnulage may be required to spread the
load A typical design for a grillage base is shown in
Fig 426 The umversal beams forming the lowermost
tier are designed to act as cantilevers carrying a dis-
tributed loading equal to the bearing pressure on the
foundation slab The upper tier distributes the column
load on to the lower tier An intermediate tier may be
required In large gnllages the girders in each tier are
located by tie bolts passing through holes drilled through
their webs with gas barrel spacers threaded over the
bolts between the webs Attention must be given to
the stabihty of the beam webs in bearing under concen-
trated loading from the column or upper tier of beams
Web stiffeners should be provided as required

Adequate space must be provided between beam
flanges to allow the concrete to flow between and under-
neath them The grillage must be set very accurately in

Figure 4.26 Gnllage base for heavily loaded steel column
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location and must be quite level before the concrete is
placed, and it must not be allowed to move during con-
creting, since any errors due to inaccurate setting or
displacement will be highly expensive to rectify once
the concrete has hardened

4.5 Raft foundations

The commonest use of raft foundations is on soils of
low bearing capacity, where the foundation pressures
must be spread over as wide an area as possible They
are also used for foundations on soils of varying com-
pressibility where the partial rigidity given by stiff slab
and beam construction is utilized to bndge over areas of
more compressible soil, and thus differential settlement
of the foundation slab is minimized Raft foundations
can be used as a matter of constructional convenience
in structures supported by a grid of fairly close-spaced
columns In such cases an overall raft will avoid obstruc-
tion of the site by a number of individual excavations
with their associated heaps of spoil Some designers
work on the rule that if more than 50 per cent of the
area of the structure is occupied by individual pad or
sthp foundations it will be more economical to provide
an overall raft This is not necessarily true smce the
quantity of reinforcing steel required to avoid excess-
ive deflexion and cracking of a raft carrying unequal
column loads may be large It may be more economical
to excavate the site to a level formation, construct indi-
vidual close-spaced pad foundations (if necessary they
can touch each other), and then backfill around them

Basements with stiff slab or slab and beam floors are
forms of foundation rafts, these and the special case of
buoyancy rafts are described in Chapter 5 Designs of
rafts to counteract the effects of mimng subsidence were
descnbed in Section 3 5 5

4.5.1 Types of raft foundation

Plain slab rafts (Fig 427) can be used in ground con-
ditions where large settlements are not anticipated and

hence a high degree of stiffness is not required A layer
of mesh reinforcement in the top and bottom of the
slab is usually provided to resist bending moments
due to hogging or sagging deflections at any point in
the slab

For architectural reasons it is usual to conceal the
whole of the slab below finished ground level Thus the
top of the slab is placed at a depth of 100—150 mm to
allow for minor variations in ground surface level The
slab can either be cast directly on the soil or on a thin
layer of blinding concrete The waterproof membrane
is provided above the slab and is lapped with the damp-
proof course In addition a layer of polythene sheeting
is provided beneath the slab as a waterproof membrane
where soils aggressive to concrete are present For a
raft slab 200 mm thick suitable for a light building,
the resulting foundation depth of 300—350 mm below
ground level will be satisfactory for soils which are not
susceptible to frost heave In frost-susceptible soils the
periphery of the slab can be constructed on a layer of
lean concrete or compacted granular fill to provide an
extenor foundation depth of 450 mm as a precaution
against frost heave (Fig 428) Somewhat greater depths
are required in areas subjected to severe frost Where
a flat slab has its upper surface below ground level
it is necessary to provide a separate ground-floor slab
on a layer of lean concrete or compacted fill as shown

Depth normally required
as precaution

IL/J

Lean Concrete or Compacted
granular fill

Polythene sheeting beneath slab
only in soils aggressive to concrete

Screeded floor finish/
U,

450 mmj' Lean Concrete
or compacted

1
granular fill

Frost-susceptible soi

Figure 4.28 Edge of plain slab raft in frost-susceptible soil
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Screeded floor finish

DPCJJ / Polythene sheeting

GL =/
Raft

Figure 4.29 Plain slab raft forming the ground floor of
a building

Figure 4.30 Stiffened edge raft with integral projecting toe

in Fig. 427 Alternatively, a timber floor can be con-
structed on brick sleeper walls or timber bearers

Where architectural considerations do not necessitate
concealing the exposed edge of the slab the raft slab
can also form the ground floor (Fig 429) Precautions
are then necessary against rain dnving beneath the walls
or the external cladding of the structure The effects of
external temperature on the outer exposed edges of the
raft need to be considered, particularly in cold climates
These effects may also influence the depth and amount
of projection of the slab in the raft designs shown in
Figs 427 and 428

The stiffened edge raft (Fig 430) is suitable for
the foundations of houses up to four storeys on weak
compressible soils or loose granular fill matenals The
ground-floor slab is made an integral part of the raft,
and by stepping down the peripheral part of the slab
a cut-off is provided against the ingress of water to
the ground floor A stiff beam can be formed integrally
with the stepped-down portion of the raft and its pro-
jecting toe

The slab and beam raft is used as a foundation for
heavy buildings where stiffness is the principal require-
ment to avoid excessive distortion of the superstructure

Figure 4.32 Slab and beam raft with upstand beam

as a result of variations in the load distribution over
the raft or in the compressibility of the supporting soil
These stiff rafts can be designed either as 'downstand-
beam' (Fig 431) or 'upstand-beam' types (Fig 432)
The downstand-beam raft has the advantage of pro-
viding a level surface slab which can form the ground
floor of the structure. However, it is necessary to con-
struct the beams in a trench which can cause difficulties
in soft or loose ground when the soil requires continu-
ous support by sheeting and strutting Construction may
also be difficult when the trenches are excavated in
water-bearing soil requiring additional space in theexca-
vation for subsoil drainage and sumps The downstand-
beam raft is suitable for firm to stiff clays which can
stand for limited periods either without any lateral sup-
port or with widely spaced timbering

The upstand-beam design ensures that the beams are
constructed in clean dry conditions above the base slab
Where excavation for the base slab has to be under-
taken in water-bearing soil it is easier to deal with the
water in a large open excavation than in the confines

DPC

Bars or fabric as appropriate

Figure 4.31 Slab and beam raft with downstand beam

Concrete slab laid on polythene
membrane on sand blinded

'Width to suit' compacted hardcore
wall loading

50mm mm concrete
blmdmg



This edition is reproduced by permission of Pearson Educational Limited

Raft foundations 155

of narrow trenches However, the upstand-beam design
requires the provision of an upper slab to form the
ground floor of the structure This involves the con-
struction and removal of soffit formwork for the upper
slab, or the alternative of filling the spaces between the
beams with granular material to provide a surface on
which the slab can be cast Precast concrete slabs can be
used for the top decking, but these reqwre the addition
of an in-situ concrete screed to receive the floor fimsh

Basement and buoyancy rafts will be described in
Chapter 5

4.5.2 Structural design

The structural design of rafts is a problem of even greater
complexity than continuous beam foundations It is
wrong in pnnciple to assume that a raft acts as an in-
verted floor slab on unyielding supports, and to design
the slab on the assumption that its whole area is loaded
to the maximum safe bearing pressure on the soil can
lead to wasteful and sometimes dangerous designs
Allowance must be made for deflexions under the most
unfavourable combinations of dead and imposed load-
ing and variations in soil compressibility Guidance is
required from the geotechnical engineer on the esti-
mated total and differential settlements for dead and
imposed loading considered separately

The design of the raft is a compromise between the
desire to keep the differential settlement of the raft, and
hence the superstructure, to a minimum, and the need
to avoid excessive stiffness in the raft structure Flexi-
bility in a raft gives minimum bending moments and
hence economy in the substructure, but at the expense
of relatively large differential settlement with additional
costs to accommodate these movements in the super-
structure, such as by joints or a flexible cladding Stiff-
ness in a raft minimizes differential settlement, but it
redistributes load by increasing bending moments thus
mcreasing the cost of the raft

The stiffness of the structure relative to the raft can
be expressed by the following equation

K = 4E(1 —

v)(t')3
3E,(1—v)'%.B)

where

= relative stiffness,
E = Young's modulus of the raft,
E, = Young's modulus of the soil,

= Poisson's ratio of the soil,
= Poisson's ratio of the concrete,

t = thickness of the raft,

Figure 4.33 Chart for calculating total and differential
settlement of a square raft on a umformly elastic soil of infimte
depth (after Frazer and Wardle42)

The above equation can be used to prepare design
charts relating total and differential settlements and
bending moments to the Kr factor A chart for deter-
mimng the settlement of a uniformly loaded square raft
on a deep umformly elastic layer is shown in Fig 433.
The chart gives values of the influence factor I for
substituting in equation (241) The subscnpts for I in
Fig 433 can be used to determine the total settlements
at the points A, B, and C and differential settlements be-
tween A and B and A and C Frazer and Wardle42 have
prepared additional charts giving correction factors to
the calculated settlement for rectangular rafts using the
ratio I/b, and for compressible layers of finite thickness
from the ratio d/b

Charts of this type are discussed in a report by the
Institution of Structural Engineers.43 The report points
out that they are of limited practical use because they
are generally prepared for simple circular or rectangu-
lar uniformly loaded rafts on uniform soils, whereas
most practical foundation problems are concerned with

4.5.3 Raft behaviour on a soft clay subsoil
A slab and downstand edge beam raft was used in
experiments by the Building Research Establishment
to investigate the suitabihty of this foundation type for
low-rise buildings on soft clay44 The experimental site
was at Bothkennar in Scotland, where a 1 5 m thick
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irregular loadings on soils of varying compressibility
(4 14) For this reason the use of finite element solutions of the

types described in Section 2 8 3 are recommended

B = breadth of rectangular raft surface crust of firm clay overhes very soft, becoming
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soft to firm, silty clay/clayey silt extendmg to depths of
more than 20 m The undrained shear strength of the
clay is 18 kN/m2 immediately beneath the crust, increas-
ingly linearly toSS kNIm2 at about 20 m The settlement
behaviour of two-storey bwldings on strip founda-
tions at a nearby site at Orangemouth is described in
Section 4 1.2.

The design of the edge beam and slab of the 8 1 x
8 1 m raft is shown in Fig 4.34(a) Loading on the raft
was applied in the form of a line load around the peri-
meter The load was applied in two stages. An immediate
load of 342 kN/m run was increased to 50 kN/m run,
five months later These loads correspond to typical line
loads of a gable end wall and party wall respectively of
a two-storey house Extensive instrumentation was pro-
vided to measure settlements, contact pressures beneath
the raft, pore-pressure changes, and distortions in the
surrounding soil Settlements were measured at inter-
vals over a period of 725 days, with the results shown
in Fig. 434(b) Contact pressure measurements showed
that up to 40 per cent of the total load was camed by
the downstand beams and the remainder by the interior
slab The hogging of the slab was symmetrical, show-
ing an angular distortion of 1: 400 along a diagonal
The beams and slab showed no structural distress (see
Table 26)

4.5.4 Raft to withstand large settlements on
made ground

A raft of a type similar to Fig 434 was used to support
three-storey blocks of fiats of load-bearing wall con-
struction on fill at Bilston, Staffordshire The depth and
consistency of the fill were such that piled foundations
were out of the question on grounds of cost However,
since the fill varied in composition from a soft clay to a
compact mass of hard slag boulders, the 8 7 x 195 m
raft had to be designed to be stiff enough to resist a
tendency towards considerable differential settlement,
even though the loading at the base of the walls was
only about 30—45 kN/m run Stiffness was achieved by
means of 900 x 900 mm beams beneath the longitudinal
and cross walls The beams were reinforced with three
20 mm bars at the top and bottom They were connected
to a 254 mm thick ground-bearing slab reinforced with
two layers of steel fabric, A393 in the upper layer and
C636 in the bottom layer The total dead load of the
superstructure was equivalent to a uniformly distrib-
uted load over the raft of 60 kN/m2, and the total design
dead and live load was 64 kN/m2. In one of the blocks
the raft withstood a total settlement of 100 mm and a
differential settlement of 65 mm without distress to the
foundations or superstructure

3no 16 mm liT bars Dwarf walls supporting lme load

150mm A252 meshtop and bottom /
450mmf Links at 200mm crs

IC ii
I 550mm I

Time after Stage I loethng (days)
0 100 200 300 400 500 600 700

4.6 Deep shaft foundations

4.6.1 Bearing capacity and settlements

The function of a deep shaft foundation is to enable
structural loads to be taken down through deep layers
of weak soil on to a stratum of stiff soil or rock which
provides adequate support in end bearing, including the
high edge pressures induced by lateral loads acting in
combination with the bearing pressures from vertical
loading Deep shaft foundations are similar, in principle,
to piled foundations, the main difference being in the
method of construction

The ultimate bearing capacity of the soil beneath the
foundation base is calculated by the methods described
in Sections 22—24 with particular reference to the use
of partial factors in the separate evaluation of skin Mc-
tion and end bearing resistance (Section 2 3 5) How-
ever, there are some situations for which the contribution
of skin friction to bearing capacity should be ignored
These include.
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Figure 4.34 Experimental raft on soft clay at Botbkennar
(after Chown and Crill4)
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(a) if the depth of the foundation is less than its least
width.

(b) if the ground above foundmg level is liable to be
scoured away

(c) if backfllling between the stem of the foundation
and the sides of the excavation is uncompacted and
can subside causing dragdown on the stem.

(d) if loading on the ground surface or flooding can
cause compression and consolidation of the upper
soil layers resultmg in dragdown on the surface of
the foundation in contact with the soil

(e) If the soil surrounding the sides of the foundation
is liable to shrink due to drying action thus causing
a gap around the foundation

Methods of evaluating dragdown forces referred to
in (d) above are discussed in Section 7 13 Where it is
permissible to utilize skm friction in support of the
foundation the ultimate values are calculated in the same
way as for bored piles in Sections 76, 79, and 7 12
Due allowance should be made for the effects of distur-
bance caused by excavation, and of exposure of the soil
over the excavation period which is usually much longer
than with bored pile installation. The walls of a deep
excavation may be exposed to water flowing down to
the bottom of the shaft which can cause disintegration
or complete softemng of the soil or rock

Settlements of deep shaft foundations are calculated
using the methods described in Section 26 Where skin
friction on the sides can be allowed the settlement is
calculated in the same way as for piles (Section 7 11),
although in most cases a high proportion of the settle-
ment is due to compression and consolidation of the
ground beneath the base Depth correction factors are
applied to settlements calculated for a foundation on
the ground surface to allow for the effect of deep
embedment. The depth factors of Fox (Fig 2.39) apply
to foundations where the concrete is cast against the
ground, that is, when the load is applied the ground
against the sides of the foundation does not deform
simultaneously with deformation beneath the base
Burland45 has pointed out that the Fox factors over-
correct the surface settlement for the case where the
foundation is at the base of an unlined shaft (or a tim-
bered shaft where the sides can deform) Burland's
factors for various values of Poisson's ratio are shown
in Fig 4 35 The Fox correction factors for a Poisson's
ratio of 05 are shown for comparison The depth
factors of Meigh for foundations m rock (Fig 245) are
roughly the same as those of Burland for a Poisson's
ratio of 025

Where deep shaft foundations carry combined verti-
cal and lateral loading the magnitude of the edge pres-

\SS\

sums is calculated by the methods given in Sections
4 1 3 and 424 For the case of foundations where the
concrete filling is cast against the soil up to or near the
ground surface, or where the foundation consists of a
lined shaft backfilled with concrete, the tendency to tilt
under lateral loading is resisted by the passive resist-
ance of the ground. This reduces the magnitude of the
edge pressures Calculations to determine the passive
resistance of the soil to horizontal loading are discussed
in Section 5.7 1 The degree of horizontal movement to
mobilize passive resistance should be noted This makes
it impossible to eliminate tilting completely Also the
effects of exposure of the soil during excavation should
be considered when selecting the parameters for soil
shear strength and compressibility The resistance to
overturning of deeply embedded shafts can be deter-
mined by the Brinch Hansen method used for piled
foundations (Section 7 17 1)
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Figure 4.35 Depth correction factors for circular foundation at
base of deep unlined shaft (a) Uniform circular load at base of
unlined shaft (b) Uniform circular load within semi-infinite
solid (case treated by Fox) (after Burland45)
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4.6.2 Construction by hand excavation

Hand excavation methods can be economical for con-
structing deep shaft foundations for building projects
where relatively few heavily loaded columns are to be
supported and where access conditions make it difficult
or impossible to deploy equipment for dnlling large-
diameter bored piles Hand excavation is also used for
ground conditions where obstructions in the form of
large boulders, tree trunks or man-made objects such as
buried car bodies prevent the use of mechanical plant
The advantage of this system for difficult access condi-
tions is illustrated by its use for the foundations of a
new nine-storey building over Channg Cross Station in
London4 6.47A requirement for the project was that the
foundations for the new building should be completely
independent of the old brick vaults supporting the rail
tracks This necessitated cutting holes through the crowns
of the vaults to receive the new building columns which
were in turn supported by deep shaft foundations with
enlarged bases The vaults were underpinned by raking
small-diameter piles before shaft sinking commenced
(Fig 436)

Column loads varied between 15 and 27 MN and
this was provided for by adopting a standard shaft dia-
meter of 2 5 m and varying the base diameter from 45
to 66 m The foundations were constructed by initi-
ally sinking the shaft as a caisson through about 10 m
of fill and water-bearing sand and gravel Sinking was
assisted by jacking from a collar surrounding the top of
the shaft with bentonite lubncation of the shaft—soil
interface. The caisson was then sealed into the top of
the London Clay and the remaimng depth was con-
structed by underpinning methods using precast con-
crete segments as descnbed in Section 46 3 (Fig 437)
Steel trench sheets or timber baulks were used to sup-
port the roof of the base enlargements as shown in
Fig 4.38 A single foundation required 3—3'i weeks of
double-shift working, but it should be noted that this
replaced 15 or more 600 mm bored piles which were
the largest which could be installed by tripod rigs work-
ing in low headroom conditions

Hand excavation makes it possible to mspect the rock
closely at foundation level, reassessments can be made
of allowable bearing pressures, and where necessary
plate loading tests can be made on the exposed rocks to

Platform level
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Figure 4.36 Deep foundations and underpinning at Embankment Place, London (after Bame and Weston'6)
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Figure 4.37 Construction of deep shaft foundations at Embankment Place, London (after Grose4 7) (a) Upper section of lining sunk
as a caisson (b) Lower section below sand and gravel sunk by underpinning with precast concrete segments

obtain values of deformation modulus as a check on the
parameters used at the initial design stage. The facility
for visual examination of rock conditions at founding
level was used to advantage m the lower part of the
shaft foundations supporting the reactor containment
vessels for the Hartlepool nuclear power station48 The
vessels each weighed 4500 MN and they were supported
by 17 circular piers with a shaft diameter of 23 m belied
out at the base to 3 9 m to limit the bearing pressure
on the weak Bunter Sandstone at founding level to
29 MN/rn2 The main portions of the shaft were installed
by rotary auger drilling under a bentomte slurry through
5 rn of sand fill and soft alluvial clay, and 30 m of
glacial till to the maximum depth into rock which could
be achieved by the auger At this stage a 6 m long
lining tube of 27 m diameter was used to support the

upper part of the shaft excavation. An inner lining tube
2.3 m in diameter was then lowered into the slurry-
filled hole and driven into the rock to form a seal. This
enabled the bentomte to be pumped out and the annulus
between the lining tube and the excavation was filled
with cement grout The excavation was then taken out
by hand and belied out at the base at a founding level
39 m below ground level Where the flow of water into
the unlined base was less than 23 litre/mm the concrete
was placed in the dry Where higher inflows were meas-
ured the shaft was flooded and concrete placed by tremie
pipe up to the level of the shaft liner when the remaining
water was pumped out and concrete placed in dry con-
ditions It was necessary to drill 50mm holes at the base
of some shafts to relieve excess water pressure in the
rock, thereby preventing uplift of the base of the shaft

25 mOD
stiff to very stiff
silty clay
(London Clay)

5—66 m dia__aI

(b)
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Figure 4.38 Hand excavation for enlarged base to deep shaft,
Embankment Place, London

Timber or steel plank sheetrng is generally used for
supportmg shaft excavations of small to moderate depth
Runners m stages are used in loose ground, and the
middle board system (Chapter 9) where the ground will
stand unsupported for a metre or so of depth while the
tunbenng is set m position and strutted In the USA,
the 'Chicago' method of timbenng is used for deep
shafts A circular hole is taken out for the depth to
which the soil will stand unsupported, i e about 05 m
for soft clays to 2 m for stiff clays Vertical boards are
set m position around the excavated face and held tightly
against the soil by two or more steel rrngs The shaft is
then deepened for 1—2 m and another setting of boards
and rmgs is placed This process is continued until
founding level is reached when the base of the shaft is
belied out if the soil is sufficiently stable

Where the ground is sufficiently stable to stand
unsupported to depths of 06—1 2 m a shaft lrned with
concrete cast-rn-place can be an economical method of
construction The method is used quite widely in Hong
Kong,49 where hard granite boulders in the alluvium
overlying rock or in the form of corestones in decom-
posed granite are common occurrences These boulders

form obstructions to pilmg installed by rotary mech-
anical augers or to diaphragm walling or barrettes
installed by grabbing under a bentonite slurry In Hong
Kong shafts (referred to in that country as 'caissons')
of 1—3 m diameter are excavated by hand in stages of
06—1.0 m A tapered circular form is placed at the bot-
tom of each stage of excavation and the unreinforced
concrete lining is placed to give a minimum thickness
of about 75 mm (Fig 4 39). Each lift is dowelled to
that above by 12 mm bars at 300 mm centres There
is a considerable risk factor (including health nsks)
in the method Accidents have occurred due to objects
or operatives falling down the shaft, collapses of the
sides, flooding, electrocution, asphyxiation, and the
constant inhaling of dust Because of these nsks, hand-
dug 'caissons' were banned from 1993 by the former
Hong Kong Govennent for pubhc projects, except where
other means of construction were not 410

Whenever this form of constriction is used it is essen-
tial that safety measures be stringently observed and
enforced

Figure 4.39 Hand-excavated shaft foundation with cast-in-place
concrete lining as used in Hong Kong
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The facility provided by hand-dug shafts to enable
the ground at deep founding levels to be examined
closely and tested is exemplified by the foundations for
the 50-storey DBS building, Tower One, in Singapore
The building is located on ground which had previ-
ously been reclaimed from the waterfront in Singapore
City Preliminary boreholes showed a steeply sloping
highly weathered sandstone and siltstone rock surface
overlain by 5—30 m of reclamation fill and soft marine
clay The mterbedded sandstones and siltstones were
highly weathered and unsuitable for carrying the heavy
concentrated loading from the tower superstructure
which was supported by four columns each transmit-
tmg a loading of 45 MN to the basement at 85 m below
street level (Fig 440)

The sandstones and siltstones were underlain by
partly weathered and partly unweathered closely jointed
mudstone, dipping steeply across the site at angles
between 45 and 50° Examination of rock cores and
compression tests on core specimens showed that the
mudstone could provide a suitable founding stratum if
the settlements of the heavily loaded foundations could
be shown to be within acceptable limits The consulting
engineers to the Development Bank of Singapore Ltd.
Steen Consultants, decided to adopt 73 m diameter shaft
foundations taken down below the interface between
the two rock formations to a level at which the mudstone
could be inspected and subjected to loading tests
on a 1 m diameter plate to determine the deformation
modulus The tests showed acceptable E-values of 1170
and 1460 MN/rn2 The shallowest and deepest founding
levels are shown in Fig 440

The portions of the shafts within the fill and soft clay
were excavated within a circular cofferdam constructed
from contiguous bored piles (Fig 441). Below this
level the shaft was lined with mass concrete 450 mm
thick, cast in lifts of 1 2 m using sloping formwork to
produce a section similar to that shown in Fig 439
The completed shafts were backfilled with mass con-
crete As well as facilitating mspection and testing of
the rock the shaft foundations were preferred to piling
because they avoided problems of congestion when
sinlung a large number of piles in a confined site, the
possibility of close-spaced piles moving off line when
augenng through variably weathered rock, and diffi-
culties with dnlling through occasional stronger bands
of weathered sandstone interbedded with the weak
siltstones

A later and equally notable example of hand-
excavated deep shaft foundations was their use for the
support of the 47-storey headquarters building of the
Hong Kong and Shanghai Banlung Corporation, con-
structed in Hong Kong in 1981—85 The floors of the

building are suspended from two rows of four masts
each consisting of four tubular steel columns The struc-
ture was designed by Ove Arup and Partners and their
onginal plan of construction for the mast foundations
was for each column to be supported by a single 2.5—
3 5 m diameter shaft foundation sunk by hand excava-
tion from basement level at 16—20 m below street level
to rock at 25—40 m below this level However, in order
to accelerate the construction programme it was decided
to sink a 10 m diameter access shaft at each mast posi-
tion from a higher level within the partially excavated
basement The access shafts were sunk by a combina-
tion of hand and machine excavation to depths between
8 and 14 m The four shafts were then commenced and
taken down to the relatively fresh granite and enlarged
to base diameters of 3 5—4 1 m, with rock anchors at
the base to provide resistance to possible uplift condi-
tions from wind loading on the 180 m high tower

The ground floor and the three intermediate base-
ment floors were supported by 58 columns beanng
on 2 1 m diameter shafts excavated to rock. The
management contractor, John Lok-Wimpey,412 pointed
out the much greater speed at which the shaft foun-
dations were constructed compared with what could
have been achieved by machine-installed piles It was
found possible to excavate, construct linings, and back-
fill with concrete in 90 shafts concurrently on a con-
gested site with a minimum of noise and with 24-hour
working

4.6.3 Segmental-lined shafts

In some of the methods of shaft sinking descnbed above,
there is a nsk of settlement of the ground surface around
the excavation caused by yielding or 'draw' This is
due to inward deflexion of the sheeting or of the unsup-
ported face before the support is placed. Settlement of
the ground surface may endanger adjacent structures or
underground services such as water mains and sewers
The movement can be greatly reduced, if not totally
eliminated, by lining the shaft with cast-iron or con-
crete segments By this method only a small area of
ground is exposed at any time and, because of the arch-
ing of the soil, the circular form of the segmental-lined
shaft itself is resistant to inward yielding Pressure
grouting with cement behind the segments is under-
taken to fill in gaps and to reconsolidate any loosened
ground

In normal ground, segmental-lined shafts are sunk
by the underpinning method, i e the first two or three
nngs of segments are assembled and bolted up in an
open excavation The excavation is backfihled and the
segments anchored against sinking by grouting or by a
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level

Weathered sandstone end ailtstone

— 73mOD concrete-filled

Dip 45—50°

Figure 4.40 Deep shaft foundations for the Development Bank of Singapore (DBS) Ltd Building, Singapore

town

Partly weathered
and partly
unweathered
mudatone

Weathered sandstone and ailtatone

0
Longitudinal section

/
Reclamation fill
and soft marine clayPartly weathered -

and partly
unweathered 396mudatone —

cross-section on line of
steepest dip in 640
mudstone —

/



This edition is reproduced by permission of Pearson Educational Limited

Deep shaft foundations 163

suitable collar Excavation then continues at the bottom
of the shaft, but only sufficient ground is taken out for
assembly of the complete nng before hfting and bolt-
ing to the one above In poor ground the excavated area
can be limited to the amount sufficient to place and
bolt one segment to the nng above After completion of
the assembly and bolting, the dumphng at the centre
is removed (Fig 4.42), followed by pressure grouting
behind the segments Excavation is then commenced for
the next ring and so on until foundation level is reached
It is essential to grout behind the nngs at frequent inter-
vals durmg shaft sinking If grouting is unduly delayed
the dragdown forces on the back of the segments will
cause excessive tension to develop around the nng lead-
ing to fracture of the bolts or circumferential cracking
of the segments

With all methods of shaft sinking by hand excava-
tion, or where operatives are required to descend into
machine-dug shafts, strict attention to safety precautions

Figure 4.42 Constructing shaft for pier by underpinmng with
segmental hning

is required following the recommendations in the Bntish
Standard Code of Practice BS 5573 Safety Precautions
in the Construction of Large-diameter Boreholes for
Pilrng or other Purposes

Figure 4.41 Upper section of the shaft foundations for the DBS building supported by contiguous bored piles

Excavation
taken down
for part of
ring

Segmental ring
partly erected
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4.6.4 Barrette foundations

Deep pier foundations can be constructed using the dia-
phragm walling techmques described in Section 544
The foundations are in the form of short lengths of wall
which can be simple rectangular shapes or cruciform or
L-shapes to suit the pattern of loading or the layout of
the columns supported by the foundations Barrettes
are an alternative to the large-diameter bored and cast-
rn-place piles described in Chapter 8 and are useful
in cases where high lateral loads or bending moments
are camed by the foundations They can be econom-
ical where the specialist equipment has to be brought
to a site for the construction of basement retauung walls
by diaphragm walling techniques Where heavy loads
are camed rn end-bearing, particular care is necessary
to avoid the entrapment of contaminated bentomte slurry
beneath the base of the barrettes It should also be noted
that, because of the complex shapes, barrettes can take
a considerably longer time to construct than simple
rectangular panels This increases the nsk of collapse
of the bentonite-supported soil, particularly where deep
foundations are constructed in a stiff-fissured clay

4.7 Examples

Example 4.1 An isolated column carries a dead load
of 400 kN and an imposed load of 200 kN Itis founded
at a depth of 09 m in a 2 m thick stiff clay stratum
having a charactenstic shear strength of 130 kN/m2 over-
lying a deep layer of firm clay having a charactenstic
shear strength of 70 kN/m2 Deternune the required size
of the column foundation

Using permissible stress methods the approximate
bearing capacity factors N for square column base can
be taken from the values on p 51 Assume as a trial a
factor of 7 5

Therefore for a safety factor of 3, the presumed bear-
ing value is given by

qf =
x 130 = 325 kN/m2

Required size of square column base

= J600/325 = 1 36, say 1 4 m

Checking the assumed value of N,

=2! =064,
B 14

from p 51 N =7, which is close enough to our chosen
value

For a 1 0 m thick base, total load on soil =600 + 25
x 1.42x 1 =649kN

Net foundation pressure = = 649/1 42_ 19 x 09=
314 kN/m2

From equation (4.1),

( 14 .2
Bearing pressure on firm clay = 3l4i 4 ÷ 1 i)

=98 kN/m2

ForD/B=2125=08,p 5lgivesN=76 Therefore
net ultimate bearing capacity of firm clay =7 6 x 70=
532 kN/m2

Factor of safety =532/98= 5 4, which is satisfactory

Checking by limit state methods and assuming that
the nominal base dimensions of 1 4 m square might be
under-dug to say 1 35 m square and over-dug by 005 m
at the base. Taking the partial factors from Table 2.1
(case C)

Factored load from column =400+ 200 x 1 3

=660 kN

Load from column base = 25 x 1 352 X 1.05 x 1

=48 kN
Total = 660 +48=708 kN

Weight of soil removed =19 x 1 352 x 1 05 x 1

=36kN
Net design load = 708 — 36=2Z.

Design shear strength of upper stiff clay = 130/1 4
=93 kN/m2

Design shear strength of lower firm clay = 70/1.4

=50 kN/m2

As noted in Chapter 2 the BC 7 partial factors assume
that the Brinch Hansen equation is the basis for bearing
capacity calculations From Fig 2 7, N = 5 2, ; = 1 3
The depth factor is ignored Ultimate limit state load is

52 xl 3 x 93 x 1.352= 1146kN

Eurocode 7 requires the most unfavourable assump-
tions of geometrical data (including soil levels) where
these are cntical Therefore take the shallowest level
of the firm clay to be 1 8 m below ground level, giving
d=1 8—1 05=Ol5mrnFig 42,andwidthofequival-
ent foundation on firm clay=l.35+075=2 lOm

Ultimate limit state load =5 2 x 1 3 x 50 x 2 12
= 1491 kN,
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which again does not exceed the design load and a
reduction of the nominal base dimensions to say 1 2 m
square might be considered subject to checking the
serviceability imut state

Example 4.2 In the above example, the columns are
spaced at 2.0 m centres in a single row Determine the
required size of the foundation for these conditions
Assume that the stiff and firm clay layers are part of the
same formation with a plasticity index of 40

The pressure distribution in Fig 443 shows that there
is overlapping of bearing pressures on the surface of
the firm stratum From equation (4 1) for a single col-
umn base, and 1 2 spread of load we have that the net
pressure on surface of buried stratum of firm clay is
given by

qF=314(14141 1)2=98lcNIm2

Where the pressures from adjoining columns overlap,
the total pressure on the surface of the firm clay layer =
196 kN/m2 For the purpose of calculating the presumed
bearing value of the firm clay, we must assume a strip
footing 25 m wide on the surface of the clay at a depth
of 20 m below ground level

ForD/B=20/25=08,thevalueofNfromp 51 is
6 2 Therefore, for a safety factor of 3, the presumed
bearing value of the firm clay stratum is

= 62 x 70 = 145 kN/m2

Thus where the pressure distributed by the pad foun-
dation overlaps on the surface of the firm clay layer, the
maximum safe bearing capacity is exceeded The best
expedient therefore will be to combine the column bases
into a strip foundation

Load on strip foundation =615/20=308 kN/m run

The bearing capacity factor for the strip foundation at a
depth of 09 m will be about 6

Maximum net safe bearing capacity of stiff clay is
given by

6/3 x 130 = 260kN/m2

Required width of foundation = 308/260 = 1 2 m.

For D/B =09/1.2=075, the value of N from p 51
is 62 Using this higher factor, the presumed bearing
value is given by

qf=62/3 x 130=269kN/m2,
and so

Required width of foundation =308/269 = 115 m

From equation (42), the pressure on surface of firm
clay stratum is

— 308

(
115 " = 137 kN/m2

q1—115 115÷110)

From above we know that a bearing pressure of 145 kN/
m2 on an equivalent 25 m wide stnp has a safety factor
of 3. A bearing pressure of 137 kN/m2 on a narrow strip
will have a higher safety factor

Thus a foundation width of 115 m should not give
excessive settlement, but it will be necessary to rein-
force the strip to minimize differential settlement, and
if a total settlement of say 75 mm and a differential
settlement of 25 mm is likely to be detrimental to the
structure, it would be advisable to make a settlement
analysis to obtain a closer estimate of the settlement
before revising the foundation width

Checking by limit state methods, and assuming a
strip width as constructed of 110 m

Firm clay (c=70kN/m2)
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Net design load on strip foundation = 672/20 We know from Example 42 that pad footings cannot
= 336 kNIm rim be used, if we use rows of strip footings running in one

direction only the pressure disinbution on the surface
Considenng stiff clay layer of the firm clay stratum is similar to that shown in

For strip foundation N = 5 2 and = 1.0 Fig 443 Thus the stiff clay stratum acts as a large raft,
and we must consider the stress distribution below this

Ultimate design load = 5 2 X 1 X 93 X 11 X 1 raft in relation to the shear strength of the firm clay
= 532 kNim run Approximate average loading on surface of firm clay

Considering firm clay layer, width of equivalent strip
is given by

=11+075=185m
=l50kN/m2Ultimate design load = 5 2 x 1 x 50 x 1 85 x 1

=481 kN/m run Considenng the stiff clay stratum to act as a surface
foundation, from p. 51, ultimate bearing capacity ofHence the design load is not exceeded either for the
firm clay is given bystiff clay or the firm clay layer, but it will be necessary

to check the serviceability limit state The factors in = 6 1 x 70 = 427kN/m2
Fig 2 37 will be suitable for tins purpose

This gives a safety factor of 2 8 and since the firm clay
From Fig 2 33, E0 = 450cc For H/B = 1 1/1 1 = 1 and layer extends to some depth, it is evident that there will
LIB = 10 be appreciable settlement It will therefore be advisable

= 035, for DIB = 08, =092 to make a settlement analysis, and if the total and dif-
ferential settlements are excessive, it will be necessary

Bearing pressure on stiff clay for unfactored load is to provide piled foundations to the columns taken down

600 + 48 — 36 to a stiffer stratum beneath the firm clay
= 278kN/m2

2 X 11
Example 4.4 A structure is supported on widely

Immediate settlement = spaced reinforced concrete columns 610 mm square,
035 x 092 x 278 x 11 x 1000 winch carry design dead and imposed loads of 1100

450 x 130
= 2' and 700 kN, respectively, totalling 1800 kN Borings

and static cone penetration tests (Fig 444) show that
Bearing pressure on firm clay = 612/2 X 2.2 the ground is a fairly loose becoming a medium-dense

= 139 kN/m2 medium sand Determine the depth and dimensions of
square pad foundations and design the reinforcement.

for H/B, say, 50 and LIB = 10, .t1 = 1 35, =092 Because of the variability in density of the sand de-
Immediate settlement = posits it will be necessary to design the foundations for

1 35 x 092 x 139 x 22 < the loosest conditions The calculated allowable bear-
12 mm mg pressure can then be used to compare settlements

450 X 70 for the loosest and densest conditions, and hence to
Total immediate settlement = 2 + 12 = 14 mm, obtain the maximum differential settlements between

sa 15 mm any pair of columns Taking the cone penetration test
y for the loosest conditions (Fig 444), this can be sim-

Total long-term settlement = 15 mm phfied to give average cone resistance of 3 5, 90 and

Total immediate + 15 MN/ni2 in three layers
A first guide to the allowable bearing pressure is

long-term settlement = 30 mm given by Table 24. From the relationship between q
A maximum settlement of say 40 mm and a minimum and the SPT N-value in Fig 1.8, N for a medium sand
of 20 mm should not give excessive differential settle- can vary between about 1 and 3 times qc giving N-
ment between the centre and ends of the strip foundation values in the range 3 5—10. Taking an average of, say, 6,

Table 24 gives a presumed bearing value of 45 kN/m2
Example 4.3 A total of 64 columns as in Example for a 4 in wide strip foundation or 90 kN/m2 for a square
42 are spaced on a grid at 2 m centres both ways pad. This requires a foundation approximately 444) m
Investigate the requirements for foundation design square for 1800 kN column load
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A foundation depth of 1 20 m below ground level
will be assumed for the purpose of estimating settle-
ments This is deeper than is required purely from soil
considerations However, a pad of substantial thickness
may be required and it is necessary to keep the pad
wholly below the ground floor of the structure There-
fore, it will not alter the estimated settlements very
much if the final foundation depth is made 05 rn or so
above or below the selected 1 20 m depth

The settlements for the loosest conditions will be cal-
culated by Schmertmann's method, for which the depth
correction and creep factors by equations (2 37) and
(2 38) are

c1=l—05<'9'<'2=O8895

For layer 1, from Fig 444,

I at centre of layer = 0.30,

Ed =25 x 35 = 8 75 MN/rn2

Therefore,

p=088x148x90x
030 x23x1000

8 75 x 1000
= 9.3 mm

Similarly, m layer 2,

1=043,
Ed=25X9=225MN/m2,andsop=34mm

And in layer 3,

I=019,

C2 = 1 + 02 logio()= 1 48 for 25 years

Ed=25x 15=375MN/m2,andsop=3.Onim
Total settlement for loosest layers =9 3 + 34 + 3 0 =
15 7mm

Layer IA

Layer lB

Layer 2

Layer 3

Iz
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To calculate the settlement for the densest condi-
tions, Layer 1 is divided into two as shown

In layer 1A,

= 030,
Ed = 2.5 x 58= 14 5 MN/rn2, and so p = 59 mm

In layer 1B,

= 045,

Ed=25X5.8= 145MN/m2, and sop=4Omm

In layer 2,

= 0 37,
Ed = 25 x 95 = 23 75 MN/rn2, and so p= 1.8 mm

In layer 3,

Iz=017,
Ed =25 x 15 5 = 38 75 MN/rn2, and so p =23 mm

Therefore settlement for densest layers = 5 3 + 40 +
18+2.3=134mm

The differential settlement between columns founded
on loosest and densest soils of 2 mm is negligible

Structural design of pad foundations In view of the
large dimensions of the pad it will save in quantities of
excavation and concrete if they are designed in rein-
forced concrete

Taking partial safety factors from BS 8110

Total ultimate load = 1 4 x 1100+ 1 6 x 700
= 2660 kN

The design is set out below in the form of the output
of a computer program which nunucs the successive
stages of a 'longhand' calculation

The program used is part of the SAND system de-
veloped by Fitzroy Systems of Cobham, Surrey

Calculations using provisions of B8l10 3.11 and 3.4 4 4, fy = 460N/mm2

NI
lvi

lx

14 lx

Ultimate axial force in column
Ultimate moment in column
Ultimate shear force top of base

Column dimension
Column dimension

Length of base (bending dim)
Width of base
Left distance to edge of column
Right distance to edge of column

Char strength of concrete
Depth of base

Cover to reinforcement

Ground preurea
Taking moments about LH edge

N=2660 k.N

M=0 kNm

v=0 kN

cx=6l0 mm

cy=6l0 mm
lx=4 4m
ly=4 4m
la=l.895m
lb=lx—la—cx/l000

=4 4—1.895—610/1000
=l.895m

fcu=25 N/mm2

h=750 mm

c=75 mm

Mlh= (N* (la+cx/2000)+V*h/1000+M)

=(2660* (1 .895+610/2000)+0*750/l000÷0)

=5 852 kNm

c{E
- l I-"—-1b——--4'
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Distance of line of action from LH edge y=Mlh/N
=5852/2 660

=2 2m

A
r '_______

B

y=1x12,eccentricity e=Oni

p

p=N/ (lx*LY)

=2660/(4 4*4.4)
=137 4kN/m2

flas, an mnmant—s and shaara

Design for
and

895—0 6375)

Flexural reinforcement — x dim
Diameter for x dim steel
Take off depth as

Lever arm

but not >0 95*d=0 95*662.5=629.38mm
i.e take

Tension steel area reqd

diax=25 inn

d=h—c—0 5*diax
=750—75—0.5*25
=662 5mm

K'=0.156

K=Mdx*l0"6/ (1000*ly*d"2*fcu)

=1085.5*10"6/(l000*4 4*662 5'2*25)
=0 022483 <K', OK

z=d*(0.5+SQR(0.25—K/0 9))
=662 5*(0 5+SQR(0 25—0 022483/0 9))
=645 Simm

z=629 38mm

Asx=Mdx*10A6/(0.87*fy*z)
=1085 5*10A6/(O.87*460*629 38)
=4309 5mm2

Design moment (LH face)

Design moment (RH face)

For shear calc take eff depth

Design shear (Lii face)

Design shear (RH face)

Mda=p*ly*la"2 /2
=137.4*4.4*1 895A2/2
=1085 5kNm

Mdb=p*ly*lb"2/2
=137 4*4.4*1 895A2.2
=1085 5 kNm

ds=0 85*h/i000
=0.85*750/1000
=0 6375m

Vda=p*ly* (la-ds)

=137.4*4.4*(1
=760 22kw

Vdb=p*ly* (lb—ds)
=137 4*4 4*(l.895—0.6375)

=760 22kW
Vdx=760.22kW
Mdx=1085 5kNm
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750<3*d, i.e maximum
clear spacing for steel maxcsp=750mm
and maximum pitch pchm=750+diaxmm

=775mm

Reqd pitch for tension steel pchx=l000*ly*PI*diaxA2/(4*Asx)
=1000*4.4*3 l4l6*25A2/ (4*4309.5)

=501 18mm <pchm, OK

=500mm (rounded)

Number of bars qox=INT(l000*ly/pchx)+l
=INT(1000*4.4/500)+l
=9

Tension steel area provided Asprx=Nox*PI*diaxA2/4
=9*3 l416*25A2/4
=4417.9mm2

Check nercentace and snacinc (see 3.12.11.2 7)

Calculate tension % provided per=Asprx/(lO*ly*h)
=4417.9/ (10*4.4*750)
=0.13387 > 13 & <4, OK

Percentage is <0.3, no spacing check needed.

Shear across base in x dim

Steel % for entry to Table 3.9 pcnt=Asprx.(10*ly*d)
=4417 91(10*4.4*662 5)
=0.15156

Design concrete shear stress vc from Table 3 9 for fcu=25N/mm2
=0 34093 N/mm24

Design shear stress v=Vdx/(ly*d)
=760 22/(4 4*662 5)
=0 26079 N/mm2 cvc

No shear reinforcement needed across y direction faces.

Flexural reinforcement (v din)
Eccentricity of load within middle third, reasonable to design for uniform moment in

y direction

Design moment Mdy=N* (ly—cy/l000Y'2/ (8*ly)

=2660*(4.4_6l0/1000V'2/(8*4.4)
=1085.5 kNm

For shear calc take eff depth ds=0 85th/tODD
=0 85*750/1000
=0.6375 m

Design shear Vdy=N* (ly-cy/1000—2*ds) / (2*ly)

=2660* (4 4—610/1000—2*0 6375)1 (2*4.4)

=760.22 kN

Diameter for y dim steel diay=25
K' =0 .156
K=Mdy*10A6/ (1000*lx* (d—diax) A2*fcu)

=l085.5*10"6/(1000*4 4*(662 5—
25y'2*25)

=0.024281 <K', OK
Lever arm z=(d-diax)*(0.5+SQR(0 25—K/0.9))

=(662 5—25)*(0.5+SQR(O 25—0.024281/

0.9))
=619 . 81 mm
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but not >0.95*(d—diax)=0.95*637 5=605.63mm
i.e take z=605 63mm

Tension steel area reqd Asy=Mdy*l0"6/ (0. 87*fy*z)

=1085.5*lOA6/(0 87*460*605.63)
=4478.5 mm2

750<3*(d—diax), i.e maximum
clear spacing for steel maxcsp=750mm
and maximum pitch pcbm=750+diaymm

=775mm
Reqd pitch for tension steel pchy=l000*lx*PI*diayA2/(4*Asy)

=l000*4.4*3.1416*25"2/(4*4478 5)
=482.27mm<pchm, OK
=450 mm (rounded)

Number of bars Noy=INT(l000*lx/pchy)+l
=INT(l000*4 4/450)+l
=10

Tension steel area provided Aspry=Noy*PI*diayA2/4
=10*3. 1416*25a2/4

=49 08 .7 mm2

Check oercentae and spacing — (see 3 12.11 2 7)

Calculate tension % provided per=Aspry/(10*lx*h)
=4098.71(10*4 4*750)
=0 14875> 13 & <4, OK

Reinforcement percentage is <0 3, no spacing check needed.

Shear across base in v dim

Steel % for entry, Table 3.9 pcnt=Aspry/(10*ly*(d-diax))
=4908 71(10*4 4*(662 5—25))
=0.175

Design concrete shear stress vc from Table 3.9 for fcu=25N/mm2

=0.355N/mm2
Design shear stress v=Vdy/(lx*(d-diax))

=760 221(4 4*(662 5—25))
=0.27102N/mm2 c vc

No shear reinforcement needed across x direction faces.

Punchinc shear (3.7 6)
Length of side of first perimeter x=cy+2*1 5*(d-diax/2)

=610+2*1 5*(662.5—25/2)
=2560mm

Design effective shear force Veff=N*(l÷1.5*ABS(M)/(N*x/1000))
=2660*(1+1 5*ABS(0)/ (2660*2560/1000))
=2660 kN

Average stress in punching zone pf=pa-(pa-pb)*(la+cx/2000)/lx
=137.4—(137 4—0)*(1 895+610/2000)14.4
=68. 698 kN/m2

Distance out to first perimeter lp=1.5*(d-diax/2)
=1.5*(662.5—25/2)

=975mm(average of faces)
Reduction in punching load due to

direct transfer to sub-base Vred=pf* (cx+2*lp) *(cy+2*lp) /1E6
=68. 698* (610+2*975) * (610+2*975) /1E6
=450.22 kN
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i e. take Veff as

fcu<39 06, max shear stress

Perimeter round loaded area

Maximum design shear stress

Average steel %

Design concrete shear stress vc from Table

Distance out to first permeter

Distance round first perimeter

Design shear stress

Veff=Veff-Vred
=2660—450.22

=2209 8kN
vlim=0 8*SQR(fcu)

=0 8*SQR(25)

=4 N/mrn2

uo=2* (cx+cy)

=2* (610+610)

=2440mm
vmax=l000*Veff/ (uo*d)

=1000*2209.8/(2440*662.5)
=1 367 N/mm2 <4 OK

pcnt=(Asprx/ (ly*d)+Aspry/ (lx* (d-diax) )) /20

=(4417 9/(4.4*662.5)+4908.7/(4 4

*(662 5—25)))/20
=0.16328

3.9 for fcu=25N/mm2
=0 34797 N/mm24

lp=l.5*(d—diax/2)
=l.5*(662 5—25/2)
=975 mm

u=2* (cx+cy)+8*lp

=2*(610+610)+8*975
=10240mm

v=1000*Veff/ (u* (d—diax/2))

=1000*2209.8/(10240*(662 5—25/2))
=0.332N/mm2 < vc, OK

Reinforcement summary (fy=460N/mm2)
In x direction

Area required Asx=4309.5mm2

Area provided Asprx=4417 9mm2
(9 No 25mm dia bars @ 500 mm)

Check zoney=(3*cy/4+9*d/4)
=(3*6l0/4+9*662 .5/4)

=1948 1mm, <ly/2
i.e. place 2/3 of bars in a central zone extending out l.5*d (=993 75mm) on either side
of the column faces. (Bars in outer zones will be lightly stressed — wider spacing
there will be OK

In y direction

Area required
Area provided

Asy=4478. 5 mm2

Aspry=4908 7mm2

(10 No 25mm dia bars @ 450 mm)

zonex= (3*cx/4+9* (d-diax) /4)

=(3*610/4+9*(662 5—25)/4)
=1891mm, <lx/2

extending out 1.5*(d-diax) (=956 25mm) on
in outer zones will be lightly stressed —

Shear steel; None required

No shear reinforcement needed for punching.

Check

i.e. place 2/3 of bars in a central zone
either side of the column faces. (Bars
wider spacing there will be OK
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Example 4.5 A foundation wall cames a dead load
of 170 kN/m run, an imposed load of 150 kN/m run, and
a reversible wind load of 20 kN/m run acting at a height
of 9 m above the base of the strip foundation which is
05 m below ground level Borings and SPTs showed
02 m topsoil followed by medium-dense sand with an
average SF1' value of 15 blows/0 3 m Rock was present
atadepthof3 mandgroundwaterwasat 11 mbelow
ground level respectively Design a suitable foundation.

Applymg load factors from Table 2 1 (case C)

Design dead load = 170 X 1 0= 170 kN/m

Design imposed load = 150 x 1 3 = 195kN/m
Total design vertical load =365 kN/m

Bending moment = 20 x 9= 180 kN/m

Design bending moment = 180 x 1 3
= 234 kN/m

Eccentricity =234/365=064 m

Avoiding tension on the base for this condition, i.e
for e notgreater than B/6,

B = 6 x 064=3 8 m, say. 4 Om

Checking for conditions unfavourable to eccentric
loading

Design vertical load = 170 x 095 + zero imposed
load = 162 kN/m

Equivalent uniform bearing pressure is
365/2.7 = 135 kN/m2.

Checking ultimate limit state (ULS) for 11 m
width For N = 15, Fig 2 13 gives 4' = 32°
Applying matenal factor from Table 2 1, design 4'

(tan32°=tani 1=26°. 125 )
Assume ground-water level rises to base of foundation

at this level, overburden pressure = 18 x 09= 16 kN/m2

For 4' = 26°, Fig 27 gives

Nq l2,Ny= 11
For continuous strip

Sq =S= 1

ForD/B=0.9/11=0.8, Fig 211 gives d1= 1 The

depth factor dq is ignored

From Fig 2 12 for

H/V=20/162=012,iq=08,andiy=07
From equation (2.8)

q1=0+16x12xlx 08+05x9x1 lxllxl
x 1x07

= 192kN/m2

This is not exceeded by the design pressure of 147 kN/
m2, and it is evident that the ULS will not be exceeded

Loading width (m) Bearing pressure (kN/m2) Coefficients D/B dsIB Reduction factor Settlement (mm)

40

288

(170÷150)/40=80

(170+150)/288=111

125

11

022

031

052

073

039

05

125x80
15°(1÷4x022) —

lIxill
15°(1÷4x051) —

Eccentricity = 234/162 = 1 44 m

Width of equivalent strip foundation from equation
(2 10) is

40—2x 144=1 im

Corresponding uniform bearing pressure 162/1 1 =
147 kN/m2

For maximum vertical load, width of equivalent strip
foundation is

40 — 2 x 064 =2.7 m

at the design bearing pressure of 135 kN/m2 for the
maximum vertical load on a 27 m wide equivalent
foundation

Checking the maximum edge pressure from equation
(4 5c)

4 x 162

flI3X31(402144)l93kN/m
Hence the ULS bearing pressure for the 1 1 m wide
strip foundation is not significantly exceeded

Check the serviceability hmit state by using the Schultze
and Shenf method (Fig 225)
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For the unfactored dead and imposed load plus
wind loading the eccentricity is 180/320 =056 and the
width of the equivalent uniformly loaded foundation is
4—1 12=288m

The above tabulation gives the immediate settlement
The nummum settlement is given by the dead load with-
out the imposed or wind loading, giving

Minimum settlement =5 x = 3 mm
80

Hence the differential settlement is only 1 mm which
could be accommodated easily by the in-plane ngidity
of the wall

Checking the dead plus imposed load from the Bur-
land and Burbidge chart (Fig 226), for N = 15, aver-
age I = 3 5 x 10

21( 21'\= 3,f =
——2

— —i--) = 09, shape factor = 1

Average immediate settlement = 1 x 09 x 80 x 407
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5 Tu©yancy ra1t
ainidl baemn1t
(IIMDX fafiii)

5.1 General principles of design

5.1.1 Buoyant foundations

As described in the last chapter, the function of a raft
foundation is to spread the load over as wide an area as
possible, and to give a measure of rigidity to the sub-
structure to enable it to bridge over local areas of weaker
or more compressible soil The degree of ngidity given
to the raft also reduces differential settlement Buoy-
ancy rafts and basements (or box foundations) utilize
the pnnciple of buoyancy to reduce the net load on the
soil In this way the total and differential settlements of
the foundation are reduced Buoyancy is achieved by
providing a hollow substructure of such a depth that the
weight of the soil removed in excavatmg for it either
balances or is only a little less than the combined weight
of the superstructure and substructure In the example
shown in Fig 5 1, excavation to a depth of 45 m for
the basement relieves the soil at foundation level of a
pressure of about 80 kN/m2 The substructure itself
weighs about 25 kN/m2; thus a loading of 50 kN/m2
can be placed on the basement before any additional
loadmg causing settlement comes on to the soil at foun-
dation level A bearing pressure of 50 kN/m2 is roughly
equivalent to the overall loading of a four-storey block

Figure 5.1

of flats or offices t Thus, a building of this height can
be supported on a basement founded in very soft and
highly compressible soil, theoretically without any
settlement occumng However, m practice it is rarely
possible to balance the loadings so that no additional
pressure comes on to the soil Fluctuations inthe water
table affect the buoyancy of the foundation, also in
most cases the intensity and distribution of live loading
cannot be predicted with accuracy Another factor caus-
ing settlement of a buoyant foundation is reconsolidation
of soil which has swelled as a result of the removal of
overburden pressure in excavating for the substructure
Swelling, whether by elastic or long-term movements,
must be followed by reconsohdation as loading is re-
placed on the soil when the superstructure is built up
The order of swellmg movements and measures which
may be taken to reduce them are discussed inSections
5 4 and 5 5

For economy in the depth of foundation construction
it is the usual practice to allow some net additional load
to come on to the soil after the total of the dead load of
the structure and its full live loading has been attained
The allowable intensity of pressure of this additional
loading is determined by the maximum total and dif-
ferential settlements which can be tolerated by the
structure

In limit state terms both the ultimate and service-
ability limit states require consideration Although
bearing capacity failure should not occur in aproperly

t A useful approximate rule for calculating the weight of a multi-
storey block of flats is that a reinforced concrete framed structure
with brick and concrete external walls, lightweight concrete par-
tition walls, and plastered finishes weighs 12 5 kN/m2 per storey
This figure is inclusive of 100 per cent dead load and 60 per cent
maximum design live load

rs
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designed buoyancy raft or basement, there is a risk of
experiencmg an ultimate limit state due to flotation of a
completed or partly completed substructure

An overestimate of soil density and the height of the
ground-water table could lead to an underestimate of
soil bearing pressure with consequent excessive settle-
ment Factors such as a future lowering of the ground-
water table, or conversely a rise in ground-water level
by flooding of the site, should be considered The
weights of constructional matenals and wall thicknesses
(geometrical data) can be critical in multi-cell buoy-
ancy rafts Surcharges such as placing fill around a semi-
buoyant substructure can be cntical particularly if placed
on one side only causing tilting The latter can also be
caused by variations in the position of imposed loading
(spatial distribution), for example by stacked containers
in a warehouse

The EC 7 code (Section 8, Retaining Structures) re-
quires design values for the unit weight of water to take
into account whether the water is fresh or saline, or
contammated with chemicals For hunt state conditions
with severe consequences, design values for water pres-
sure and seepage forces are required to represent the
most unfavourable values that could occur in extreme
circumstances; but for limit state with less severe
consequences (usually serviceability limit states), the
design values should represent the most unfavourable
values that could occur in normal circumstances (EC 7,
Clause 242)

Partial factors for actions for desigmng structures to
resist flotation are covered by case A in Table 2 1

5.1.2 Uplift on buoyant foundations

It is necessary to prevent the substructure from floating
and tilting before the superstructure loads are sufficient
in magmtude to prevent uplift Floating only occurs
in water-bearing ground or in a very soft silt or clay
During construction it can be prevented by keeping the
water table drawn down by continuous pumping or by
ballasting the substructure by flooding or other means
In some underground structures there may be a net
uplift because of light superstructure loading and it is
necessary to provide some positive anchorage to pre-
vent flotation An example of this is the underground
pumping station shown in Figs 5 2 and 5 3 Uplift may
be resisted by providing sufficient dead weight in the
structure which may result in massive and costly con-
struction, or by means of anchor piles If anchor piles
are embedded wholly in soil, as in Fig 5 2, they must
be designed as friction piles Where the substructure is
founded on rock as in Fig. 5 3, the anchorage can take
the form of steel bars or cables grouted into holes drilled

Ground-water

— - Friction

piles

Figure 5.2 Anchorage of buoyant structure in soil

Figure 5.3 Anchorage of buoyant structure to rock

into the rock and tensioned by post-stressing after com-
pleting the base slab If rock is present at a moderate
distance below the base of the substructure, a com-
posite anchorage can be formed, as shown in Fig 7 30
Information on the design of piles or drilled anchorages
to resist uplift is given in Section 7 16

5.2 Drag-down effects on deep foundations

When calculating the net bearing pressure at the base
of a buoyancy raft or basement the total foundation
pressure q is reduced by the total overburden pressure
a Any skin friction or adhesion between the walls of
the substructure and the surrounding soil should not be
regarded as reducing the net bearing pressure on the
soil. In most cases the tendency is for the surround-
ing soil to produce a limited negative skin friction or
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Backfihlmg consolidating(I
nhçu
1.111

II II '7eTrench _.__!,-1
(a) (b)

Fill consolidating under own weight

Skin friction

Compressible natural soil
consolidating under weight of fill

(c)

Figure 5.4 Drag-down effects on basement structures
(a) Basement walls constructed in sheeted trenches (b) Cellular
raft sunk by grabbmg (c) Basements in filled ground

drag-down effect on the substructure as a result of the
construction procedure

If a basement is constructed in a sheeted excavation,
as in Fig 5 4(a), the backfllhng which is placed be-
tween the walls and the sheeted sides consolidates with
the passage of time, thus giving a drag-down effect
on the walls In the case of a cellular buoyancy raft
(Fig 5 4(b)) sunk through a soft clay or silt by grab-
bing or hand excavation from open wells, the down-
ward movement of the structure will cause extensive
disturbance of the soil, possibly augmented by slump-
ing of the surrounding soil consequent on upward heave
of the soil beneath the cells The reconsolidation of this
disturbed soil will again cause a drag-down effect on
the walls Thus in most cases the tendency will be for
the soil in contact with the walls of the substructure to
add to the load on the base slab rather than to relieve
it of load In practice, the normal design procedure is
to ignore any support or drag-down in calculating net
bearing pressures at foundation level However, to
minimize drag-down effects, the backfilling around the
walls should be carefully placed and well compacted
Where an appreciable depth of filling is placed over a
compressible soil (Fig 5 4(c)) the drag-down effects
may be marked and should be allowed for in the
design

When considenng resistance against uplift, the skin
friction or adhesion in the surrounding ground can be
taken into account Conservative values should be used

5.3 Buoyancy raft foundations

5.3.1 Design

The terms 'basement' and 'buoyancy raft' have been
used in the preceding pages and it is important to ex-
plain the differences between them Although a base-
ment is, in effect, a form of buoyancy raft, it is not
necessarily designed for that purpose The main func-
tion of a basement is to provide additional space in the
building for the owner, and the fact that it reduces the
net bearing pressure by the weight of the displaced soil
may be quite incidental. In some cases, basements may
be required for their function in reducing net bearing
pressures and advantage is taken of this to provide
additional floor space in the substructure The true buoy-
ancy raft, however, is a foundation which is designed
solely for the purpose of providing support to the struc-
ture by the buoyancy given by the displaced soil with-
out regard to utilizing the space for any other purpose
To this end the raft is designed to be as light and ngid
as possible Lightness combined with stiffness is best
achieved by cellular or 'egg-box' construction This
structural form limits the usefulness of the space within
the substructure to accommodate any pipework or ser-
vice ducts passing through holes in the walls of the cells
Because of the many problems inherent in the design
and construction of buoyancy rafts, they have, in most
cases, been supplanted by other expedients, mainly by
various types of piling Nevertheless, some account will
be given in the following pages of the problems and
means of overcoming them because they exemplify the
true art of the foundation engineer

Problems can arise in maintaimng buoyancy m ground
conditions which require the cells to be watertight
Asphalt tanking or other membrane protection (Sec-
tion 5.9) is not feasible where the rafts are constructed
in the form of caissons, and any water finding its way
through cracks in the extenor walls or base should be
removed by pumping Opemngs should be provided in
the intenor cell walls to enable the water to drain to a
sump where an automatic pump can be installed

Where gas is used for domestic heating or industrial
processes in buildings supported by buoyancy rafts, the
cells should be sealed to prevent dangerous accumula-
tions of gas within the substructure

Buoyancy rafts can be constructed either in the form
of open well caissons (Section 644) or they can be
built in sit U in an open excavation The caisson method
is suitable for soft clays where the soil within the cells
can be removed by grabbing as the raft sinks down
under its own weight However, this method is unsuit-
able for ground conditions where heavy walls are needed
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to provide stiffness and weight to aid sinking through
obstructions Where the caissons are terminated within
the soft clay some settlement should be expected when
the soil disturbed by grabbing reconsohdates under the
superstructure loading

Construction in open excavations is swtable for site
conditions where the ground-water level can be kept
down by pumping without nsk of 'boding' (see Section
11 2 1), and where heave of the soil at the base of the
excavation is not excessive (see Sections 263 and 9.7)

5.3.2 Buoyancy rafts constructed as caissons

The cellular structures which support the power station
and other plant installations at the (Irangemouth Re-
finery were constructed in the form of ai5' On
this site, recent alluvial silts and clays of the estuary of
the River Forth extend to depths varying from 25 m to
as much as 75 m, and overlie stiff glacial till Because
of the depth to the till, cellular rafts were selected as an
economical alternative to long piles. Below a 1—2 m
stiff clay surface crust, the shear strength of the alluvial
deposits was only 10—15 kN/m2 for a considerable depth
Thus the ultimate bearing capacity of the soil for sur-
face rafts was httle more than 50 kN/m2, and large loaded
areas with overall bearing pressures as low as 25 kN/m2
would have been liable to excessive settlement.

The loadings of the buildings and plant required ex-
cavation to a depth of 6 in, which if undertaken in open
cut with sloping sides or sheetpiled supports would prob-
ably have led to difficulties with slips or base heaving
Consequently, the rafts were designed to be assembled
in shallow excavations, and then sunk to the required
depth by grabbing from the open cells On reaching
founding level the cells were plugged with concrete
and the superstructure erected on them By this method,
the depth of open excavation was kept to a minimum
and, since all the cells were not grabbed out simul-
taneously, there was always a surcharge of soil within
the cells to prevent general heaving of the bottom of the
excavation

The largest structure on the site was the power station
This was designed to be founded on a group of four cel-
lular rafts Each raft was sunk independently then rigidly
mterconnected by in-situ reinforced concrete panel walls
A total of 240 cells were provided in the 52 x 52 m
combined foundation The mass of soil displaced at a
founding depth of 472 m was 23 500 t, and the com-
bined mass of the four cellular rafts was only 8250 t

The standard procedure adopted for sinking the rafts
was first to excavate to a depth of 2 m through the
0 6 m thick surface layer of burnt colliery shale filling
to just below the stiff surface crust of the alluvial clay

To support the external walls, which were cast in
situ, 1 in wide concrete strips were placed around the
external walls A 1 5 insquarepad was also cast at the
intersections of the cell walls as shown in Fig 5 5(a)
Four slabs were first set to form a cell in the centre of
the raft and were strutted internally and shored exter-
nally The subsequent slabs were placed symmetrically
in turn around the first four, the object being to avoid
tilting due to non-uniform loading of the soft clay When
all precast slabs had been erected, the concreting of the
first 1 22 m lift of the external walls was commenced
Concreting of the succeeding 1 22 m lifts proceeded,
and at the same time the intersections between the
precast slabs were concreted The concrete was placed
uniformly around the structure to keep the loading as
symmetrical as possible

Five days after the last lift of concrete was placed, a
start was made with sinking the rafts by breaking out
the concrete strips beneath the external walls. A short
length of strip was left at the Junction with the internal
walls The pads beneath the wall intersections were
next broken out simultaneously with the remaining por-
tions beneath the external walls The rafts then com-
menced to sink and movement continued until the
walls had penetrated far enough mto the soft clay to
build up skin friction, thus slowing down the sinlung
(Fig 5 5(b)) Grabbing commenced at the corners,
continued with the remaining outer cells, and then pro-
ceeded towards the centre The central row of cells was
left unexcavated until the rafts had been sunk nearly to
founding level The order of grabbing from the cells is
shown in Fig 5 5(c) As soon as the rafts were within
1 2 in of the founding level, two of the outside cells on
opposite sides were grabbed out to their full depth and
the mass concrete plugs were placed The vertically cut
soil remained stable during the day or two required for
the rafts to sink to their final level (Fig 55(d)) On the
day after concreting these first two plugs, two more
cells were grabbed out and concreted, by this time the
raft probably had another 06 m to sink The corner
cells were not generally selected among the first four to
be plugged It was usual to select a cell next to a corner
one For a 30-cell raft (six cells by five cells), it was
necessary to grab out and concrete eight cells before
the downward movement could be arrested By the time
the eighth cell had been plugged the raft was within
25—50 mm of its final level After the raft had come to
rest on the eight plugged cells, the remaining ones were
grabbed out and plugged, working towards the centre
row During the plugging of the centre row the outer
cells were pumped dry of any water which had seeped
through the mass concrete or beneath the cutting edges
They were thoroughly cleaned out and the surface of
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the mass concrete was given a heavy coat of bitumen
Reinforcing steel was then placed in two directions and
wired to splice bars passing through holes in the inter-
nal walls of the cells The reinforced sealing concrete,
06 m thick at the centre of each cell and 03 m thick at
the walls, was then placed (Fig 5 5(e))

Kentledge was not required to aid sinking Control
of level was achieved by grabbing from one side or one
corner as required to correct any tendency to tilting
Downward movement could be slowed down or stopped
altogether by clearing all men and mechanical plant
or transport from the vicimty of the raft for a few hours
The 'take-up' or restoration of shear strength of the
disturbed clay was sufficient to arrest the movement

The final stage of the foundation construction was to
cast the structural deck, which consisted of a 300 mm
reinforced concrete slab cast in situ on permanent
formwork provided by 76 mm thick prestressed con-
crete pianks The upper surface of the latter was cor-
rugated to bond into the in-situ slab since their combined
action had been allowed for m the design Precautions
were taken to prevent accumulations of explosive gas
in the cells, resulting from leakage from the refinery
plant The structural decks were provided with airtight
manhole covers set on raised plmths.

Settlements were measured on five of the struc-
tures founded on the cellular rafts The results of these
measurements were reported by Pike and Saunn3' and
showed settlements varying from 13 to 6 mm over a
period of 1/4 years from commencement of the super-
structures Although the buoyancy raft foundations at
Grangemouth have performed satisfactorily, deep piled
foundations were generally preferred for most of the
refinery and petrochemical installations subsequently
constructed in the same area

5.3.3 Buoyancy rafts constructed in open
excavations

Buoyancy rafts were used for the foundations of six
blocks of 15-storey flats in the Parkhead and Bndgeton
districts of Glasgow, where the ground conditions were
as shown in Fig 5 6 Settlements of shallow raft or pad
foundations would have been excessive under the gross
bearing pressure of 135 kN/m2 Piled foundations taken
down to the glacial drift or to the bedrock of the Coal
Measures were considered, but there was a risk of re-
moval of support to the piles if collapse should occur
at any time of the coal pillars left in the uncharted

obile
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Figure 5.5 Construction of buoyant raft foundations at Grangemouth Refinery (a) Assembly of precast wall panels
(b) Sinking unit by grabbing (c) Order of excavating cells in a 6 x 5 cell unit (d) Plugging cells (e) Sealing cells
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Modulus of volume compressibility, rn, (m2IMN)
0 01 02 03
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Stiff laminated silt
with layers of clay
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Very dense slightly silty
-s fine to medium sand

5000
Bedrock (Productive
Coal Measures)

1 50 Fill
350 Firm silty clay

Firm laminated silty
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fine sand
1100
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clayey silt with occasional
bands of soft laminated clay
1700

Stiff to very stiff becoming
hard sandy clay with gravel
cobbles and boulders
2500

Bedrock (Productive
Coal Measures)

Figure 5.6 Soil conditions beneath buoyancy raft foundations in Glasgow (a) Bndgeton site (b) Parkhead site

mine-workings Accordingly a buoyancy raft was the
only practical method of foundation design which would
reduce the bearing pressures transmitted to the com-
pressible laminated clay to a value at which the total
settlement would not exceed 75 mm, stipulated by the
structural designer as a maximum

A cellular raft at a depth of 43 m below ground
level reduced the bearing pressure to a net value of
53 5 kN/& Consolidation settlements were estimated
to be 45 and 55 mm for the Parkhead and Bndgeton
sites, respectively, and the immediate settlement about

10 mm in each case. The cellular structures were
constructed in open excavations with sloped-back sides
(Fig 5 7) As a safeguard against general subsidence
of the ground surface consequent on possible future
collapse of the mineworkings, pockets were provided
between the raft and the superstructure in which jacks
could be installed to relevel the bwldings

Settlements were reported by Somerville and
Shelton52 over a penod of observation of three years
from the commencement of construction The observed
movements were as follows

Modulus of volume compressibility, m,, (m2/MN)
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Measured total
settlement at
three years

Max Mm
(mm) (mm)

Estimated total
final settlement
(mm)

Parkhead Block A
Parkhead Block B
Parkhead Block C
Bndgeton Block B
Bndgecon Block C

35
46
51
60
59

23
23
34
30
40

57
55
52
60
67

No cracking was observed in the superstructure of
the buildings at the end of the three-year period of
observation, although the angular distortion of the raft
was about 1 in 350 on one block

5.4 Basement or box foundations

The difference between buoyancy rafts and basements
is defined in Section 5 3.1 The former, which support

structures by displacement of the soil without regard
to the utilization of the spaces within the hollow sub-
structure, are designed with the sole object of achieving
lightness combined with rigidity On the other hand,
basements must be designed to allow the substructure
to be used for various purposes such as warehouse stor-
age or underground car parks This requires reasonably
large floor areas without close-spaced walls or columns,
and the floor generally consists of a slab or slab and
beams of fairly heavy construction to give the required
degree of rigidity

There are three principal methods of constructing
basements These are as follows

(1) in excavations with sloping sides,
(2) in excavations with temporary support to the sides,
(3) m excavations supported by a permanent embedded

wall constructed in advance of the main excavation

The essential feature of the embedded wall in method
(3) is that it forms part of the permanent substructure
Embedded walls are designed to be virtually watertight,

Figure 5.7 Construction of buoyancy raft at Bndgeton, Glasgow, in open excavation
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Table 5.1 Relative construction costs of steel sheet pile and two types of concrete retaining walls (after Polls and Day5 3)

Internal finish and other components Diaphragm wal1 Secant pile wailt Larssen 6 sheet pile

Bar reinforcement at
100kg/rn3

Reinforcement by
914 x 305 x 289 kg/rn
universal beam

As formed
Blockwork facing
150 mm in-situ concrete facing
Corrosion protections
Fire protections

1 00
1 05
1 08
N/A
N/A

081
0 85
0 88
N/A
N/A

1 24
1 29
1 32
N/A
N/A

077
082
N/A
084
087

1180mm bored piles at 1080mm centres
t 1 m thick, 2 per cent reinforcement, 1 x I m guide walls
§ Shot-blast cleaning and coal tar epoxy pitch one-coat paint
¶ One-hour protective coating — shot-blast cleaning, epoxy metallic zinc-nch pnmer and intumescent spray paint

requmng only the addition of an internal facing wall
which is built after completing the bulk excavation
Means of dealing with minor water seepage may be
incorporated in the internal wall Two types of embedded
wall are in general use. These are (1) the remforced con-
crete diaphragm wall, and (2) the contiguous or secant
bored pile wall Although steel sheet piling is widely
used as a form of permanent construction for river and
quay walls it is only recently that it has been con-
sidered as an economical alternative for the permanent
support of basements in building works, provided that
some increase in ground movements around the excava-
tion can be permitted

Potts and Day53 used finite element analyses to
assess the potential of steel sheet piling for three typical
substructures in the London area Two of these were
for replacement of diaphragm walls or bored pile walls
in cut-and-cover highway tunnels, and the third was for
the use of sheet piling in lieu of diaphragm walling in
the House of Commons underground car park (see Sec-
tion 544) Cost comparisons for the three cases showed
that the use of steel sheet piling could achieve savings
in the range of 25—40 per cent of the cost of diaphragm
walling for the equivalent internal finish The cost com-
parison for the House of Commons car park is shown
in Table 5 1

The potential savings given by a permanent sheet
pile wall were put to a practical test by the construction
of a 180 x 14 x 9 m deep basement at the Ford Motor
Company's plant at Bndgend The basement was con-
structed in an open excavation with steeply sloping sides
Because of the occurrence of limestone layers in the
stiff clay soil it was impractical to drive the sheet piles
and excavate within the cofferdam in the conventional
manner Instead the piles were assembled in panels with
welded clutches at the fabricators' works Approxi-
mately 200 panels were required in various configurations

up to 252 m wide They were delivered to site by road,
involving a 200-mile journey The deliveries were made
in a planned sequence thus avoiding the need to pro-
vide storage space on the congested site The Larssen
6 piles were designed to span between the roof and the
floor slab

It was estimated that the adoption of the permanent
sheet pile wall saved some two—three months m con-
struction time compared with a conventional reinforced
concrete wall Savings in time and cost were due in
most part to the avoidance of the need to provide
storage space for reinforcement and formwork and the
elimination of movements of ready-mix concrete trucks
within the congested site

5.4.1 Interdependence of design and
construction

The choice of method depends on the depth of the base-
ment, the ground conditions (and in particular the ground
water level), and the proximity or otherwise of build-
ings, roads, and services which need to be safeguarded
during and subsequent to construction The design of a
deep basement requires close collaboration between the
designer and contractor so that the intentions of either
party are fully understood The designer must have a
knowledge of how the basement structure will be built
and it is good practice to include a scheme for tem-
porary works with the tender information drawings so
that difficulties of construction are not overlooked at
the design stage The form of contract could make it
optional for the designer's temporary works scheme
to be adopted or not, but if the contractor should decide
to adopt his own method he should be obliged to sub-
mit detailed drawings for approval after acceptance
of his tender It is essential that the responsibilities of
the engineer and contractor in respect of design and
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construction should be clearly defined Useful informa-
tion on the design and construction of deep basements
is given m a report by the Construction Industry Research
and Information Association55

The design of a basement should take into account the
effects of heave due to relief of overburden pressure
caused by excavation (see Section 2 6 3) A classical
example of the problems of heave and reconsolidation
of the soil beneath basements supporting buildings of
different heights and the effects of ground heave on
tunnels is given by the design of the Shell Centre on the
south bank of the River Thames, London56 Tins group
of high buildings consists of two ten-storey structures
separated by a railway viaduct, with a 28-storey tower
block in the area upstream of the viaduct The spaces
between the buildings are occupied by underground
garages in basements 9—16 m deep The soil strata con-
sist of made-ground followed by soft clay, sand, and
gravel, a very thick stratum of London Clay, then the
Woolwich and Reading beds, followed by the Thanet
Sands and the Upper Chalk (Fig. 5 8) It would have
been possible to found the tower block on a relatively
shallow raft bearing on the sand and gravel, but the
estimated settlement of about 125 mm for a shallow raft
was considered to be excessive, in view of the nsk of
tilting of the tall building This could have occurred as

a result of the loading on one side of the block imposed
by the adjacent ten-storey wing and the relief of over-
burden pressure on the other side given by the construc-
tion of the underground garage The estimated maximum
differential movement between the tower block and the
underground garage was as much as 180 mm Estimates
made of swelling of the soil beneath the underground
garage showed an upward movement of 75 mm in 50
years tIn view of the large differential movements and
the nsks of tilting it was decided to found the tower
block on a deep basement The reduction in the net
bearing pressure greatly reduced the estimated settle-
ment The values of gross and net bearing pressures for
the various basements are shown in Fig 5.9(a) and (b),
respectively

Another complicating factor on the site was the
presence of four tube railway tunnels running beneath
the site (see Fig 5 8) There was only 0 9 m of cover
between the basement excavation and the crown of the
shallowest tunnel It was considered that the tunnels,

t Present-day knowledge of the effects of the soil fabnc such as
the fissuring of London Clay would result in estimates of the rate
of settlement and heave of the structure which would be faster
than onginally estimated for the Shell Centre Also, the amount of
the movements was probably somewhat overestimated

Figure 5.8 Cross-section through Shell Centre, South Bank, London (after Measor and Williams5 6)
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Cylinder foundations
between hnes II and II 11

(b)

Figure 5.9 Loading conditions, at Shell Centre (a) Approx average total weight per unit area (kN/m2 x 100) (b) Approx average
net weight per unit area (kNIm2 x 100)

constructed in bolted cast-iron segments, were suffi-
ciently flexible to withstand the estimated nse in the
tunnels of 40 mm due to excavation for the basements
Buildings adjacent to the tunnels were constructed on
deep piers taken below tunnel level in order to prevent
unequal radial pressures which might have distorted
the tunnel nngs The deep piers were m the form of
cylindncal shafts with belled-out bases The bases were
terminated at a sufficient height above the water-
bearing Woolwich and Reading beds to avoid upheaval
of the London Clay by sub-artesian water pressure in
the water-bearing stratum Vertical joints were provided
between structures founded on deep piers and those on
relatively shallow foundations to allow for the expected
differential movement

Extensive measurements were made by the Building
Research Station57 of pressures and movements in the
tube railway tunnels in the course of construction of
the buildmgs A nse of nearly 40 mm took place with-
out noticeable distress in the tunnel segments, and no
distortion was observed as a result of excavation for the
deep belied-out piers Continuation of the measurements
by the Building Research Station showed that heave
was still continuing 27 years after conunencement
of construction, when the heave had reached nearly
50mm58

If floors are very thick, as in the case of deep base-
ments in water-bearing ground where deadweight must
be provided to resist uplift, it may be necessary to exca-
vate for a concrete floor in alternate strips in order to

Deep footings between boundaries I and 11

(a)

Deep footings between boundaries I and II
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allow shrinkage of the thick slabs to take place before
the intervening portions are concreted After the soil is
taken out in bulk to a level at which there is sufficient
overburden pressure remaimng to prevent heaving or
swelling, the further depth is excavated in sheet piled
or timbered trenches and a section of floor slab con-
creted The sheet piles are then withdrawn and the
intervemng excavation is taken out and the floor slab
concrete poured in the space between the completed
sections This technique is used for the heavy floors of
dry docks constructed m water-bearing soil or m ground
liable to swelling

5.4.2 Construction in excavations with
sloping sides

This is the most economical form of construction for
sites where there is sufficient space around the sub-
structure to cut back the sides of the excavation to
a stable slope, and where there are no problems of
dealing with large quantities of ground water which
could lead to erosion and slumping of the slopes Guid-
ance on stable slopes of excavations in various ground
conditions is given in Chapter 9 Problems of dealing
with ground water in excavations are dealt with in
Chapter 11

5.4.3 Construction in excavations with
temporary support

This is a suitable method of construction for sites where
insufficient space is available around the excavation to
slope back the sides If the soil conditions permit with-
drawal of sheet pihng for reuse elsewhere this method
of ground support is very economical compared with
the alternative of an embedded wall (Section 5.44)
Support by a system of honzontal timber sheeting and
vertical H-section soldiers (Section 9 5 2)is also econ-
omical for soils which will stand unsupported over a
short depth for a limited penod of time

Where buildings, roads, or underground services are
close to an excavation the effects on these structures
of movements due to excavation and the construction
of the basement need to be carefully assessed (Section
9.7) In particular the possible effects of pumping ground
water from excavations in causing settlement of the
ground surface around the excavation should be con-
sidered (see Section 11 4)

Excavation for deep basements may cause settle-
ment of the surrounding ground surface The settlement
may be sufficient to cause structural damage to build-
ings near the excavation, and cracking of drains and

other services. This settlement may be caused by the
following

(a) lateral movement of the face of the excavation due
to the cumulative effects of yielding of the sheeting
members, wahngs, and struts, or anchors which
support the face,

(b) lateral movements due to elastic deflexion of
the basement retaining wall after completion of
backfilhng,

(c) lowering of the water table surrounding the excava-
tion due to pumping during construction,

(d) loss of ground due to slips, heave of the base, ero-
sion, etc as a result of ill-conceived construction
methods or carelessness of execution

Normal methods of supporting excavations by strut-
ting or tie-back anchors, no matter how carefully done,
cannot prevent inward yielding of the face of the ex-
cavation The inward movement may be of the order of
03 per cent of the excavation depth in soft clays to
about 0 2 per cent in dense granular soils or stiff clays
accompanied by corresponding settlement of the ground
surface (Section 9 8) One method of safeguarding
existing structures is to underpin them, while support-
ing the excavations For shallow to moderate depths of
excavation (say not exceeding 5 m), it is sometimes
assumed that settlement of the ground surface will not
occur to any appreciable extent beyond a line drawn at
a slope of 1 (honzontal) to 2 (vertical) from the base of
excavation Underpinning of structures is camed out
within this hne (Fig 5 10) The possibihty of signifi-
cant settlements extending to a wider limit beyond the
excavation is discussed in Section 12 3 2 and the use
of fimte element methods to predict the magmtude of
movement around deep excavations is described in Sec-
tion 99 In shallow or only moderately deep excava-
tions it may be justifiable to accept a small amount of
settlement and to repair any consequent cracking or
other minor damage to existing structures The degree
of nsk involved will depend on the value of the prop-
erty and the effects on any activities such as manu-
facturing processes within the premises

Face of Existing foundations
excavation

4S flSYtS,'CS

I Underpinning
I A/i 2 not required

I ''Ii_,/ Underpinning required
to this level

Figure 5.10 Underpinning adjacent to basement excavations
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Settlement of ground
/ surfaCe

—
—1' —F — —

inward yielding of sides
Heave durmg excavation of excavation

I I
Design excavation level

_. Low-rise building

/ (b)

Heave of ground surface

\VçV(/ I

Deep basement

Long-term heave of
basement floor

Figure 5.11 Movements around a deep basement supporting a low-nse structure (a) On completion of excavation
(b) Final movements of completed structure

In situations where a low-rise building is constructed
on a deep basement there will be a net relief of vertical
pressure on the soil beneath the basement and con-
sequent tendency to uplift of the structure This move-
ment may be transmitted to the ground surrounding the
basement, with the result that the ground surface, which
settled during the stage of excavation, will rise to its
original level and then rise further to conform to the net
uplift of the basement (Fig 5 11) The convexity of the
base slab will be increased where the superstructure
loads are camed mainly by the basement-retaimng walls
There may be net settlement of the walls and net uplift
in the central areas of the base slab

5.4.4 Construction in excavations supported by
a diaphragm wall

A diaphragm wall is constructed by excavation in a
trench which is temporarily supported by a bentonite
slurry On reaching founding level steel reinforcement
is lowered into the trench, followed by placing concrete
to displace the bentonite This form of construction is
suitable for sites where obstructions in the ground
prevent sheet piles from being driven and where the
occurrence of ground water is unfavourable for other
methods of support (see Chapter 9) The method is also
suitable for sites where considerations of noise and
vibration preclude driving sheet piles and where ground
heave and disturbance of the soil beneath existing

foundations close to the margins of the excavation are
to be avoided

The rigidity of the diaphragm wall m combination
with support by preloaded ground anchors (Section
9 5 8) followed by strutting with the floors of the per-
manent structure can, in comparison with support by
sheet piling and timber or steel bracing, reduce the
inward deflexion of the structure and hence the sub-
sidence of the ground surrounding the excavation
However, it is not possible to eliminate completely the
inward deflexion Detailed observations of movements
of the diaphragm wall supporting the 18 5 m deep
substructure forming the underground car park at the
House of Commons have been described by Burland
and Hancock" Settlements around the excavations were
cntical at this site since Westminster Hall and the Big
Ben clock tower were only 3 and 16 m respectively
from the margins of the excavation The observed move-
ments are shown m Fig 5 12 The maximum inward
deflexion of the wall of 30 mm is 0 16 per cent of the
depth of the excavation and the maximum subsidence
of the ground surface of 20 mm is 0 11 per cent of this
depth A heave of the clay beneath the base of the
excavation of 45 mm was observed The piles support-
ing the seven floors of the basement heaved by 13—
16 mm during the course of excavation The inward
deflexion can be compared with observed movements
of other deep excavations in Fig 9 41 The important
point to note in the observations of inward yieldmg of

(a)

fI'7I("

Originalground'
level

Uplift pressure on base slab
balances structural loading

Initial level of basement floor
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Figure 5.12 Movements around the excavation for the House of Commons underground car park at Westminster (after Burland and
Hancock59) (a) Observed inward yielding of diaphragm wall (b) Observed settlements around excavation

the diaphragm wall is that inward movement took place
below the level of the excavation at all stages This is
typical of the supports to deep excavations, and it means
that inward movement cannot be prevented by strutting
or anchorages installed in stages as the excavation is
taken down

The first step in diaphragm wall construction is to
form a pair of reinforced concrete guide walls some
150—300 mm wide and at least 1 m deep These walls
act as guides for the excavating machinery and as a
means of maintaining a head of bentonite at least 1 m
above ground-water level in order to prevent collapse
of the sides of the excavation The guide walls also
serve to prevent collapse of the trench sides due to the
surging of the slurry caused by the excavating tools,
and in soft or loose soils they must be taken deep enough
or made sufficiently wide to perform this essential task
The construction of the guide walls can represent a
substantial proportion of the total cost of a diaphragm
wall, and in some site conditions, e g in areas of buried

foundations and old cellars, they can be prohibitively
costly Problems of this lund are usually overcome by
excavating generally over the site to the natural undis-
turbed soil The guide walls are then constructed wholly
or partly within this soil The sides of the preliminary
excavation are supported temporarily (as m Fig 5 15(a))
or are formed to a stable slope

Excavation of the trench between the guide walls
is undertaken in alternate panels, depending on the
stability of the soil and the dimensions of the basement
A panel length of about 4—6 m is quite usual for stable
ground The excavation is performed with the support
by the slurry either by grabbmg or by reverse-circulation
rotary drilling or by a rotating milling cutter ('Hydro-
fraise') The bentonite slurry is circulated continu-
ously during excavation by pumping from the trench
to an elevated settling tank from which it returns to the
trench The slurry can be circulated through a recondi-
tionmg plant to remove sand and grit, or its use may
be confined to a single panel and then it is pumped

Movement towards excavation (mm)
0 5 10 15 20 25 301 •1 -I--

.1
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Excavation by
grab or drilling tool

into a tank vehicle for disposal off-site In either case
continuous momtonng of the viscosity, density, shear
strength, and pH value of the slurry is necessary to
ensure that it does not become excessively diluted or
contaminated by soil particles

After completing the excavation of a panel vertical
tubes are placed at each end, which form a semicircular
recess at the ends of each concrete panel The reinfor-
cing cage with box-outs attached to it for forming junc-
tions of floors and walls is then lowered into the slurry
and suspended from the tops of the guide walls after
which the concrete is placed using a tremie pipe, when
the nsing concrete displaces the slurry After a penod
for hardening of the concrete, the intermediate panels
are excavated and then concreted to form the completed
wall Increased watertightness of the semicircular joint
can be achieved by welding a small-diameter pipe to
the stop-end tube This provides a keyed vertical slot in
the end of the concreted panel. The slot is grouted with
flexible bentomte cement after placing concrete in the
abutting panel Wide or deep wall panels may require a
long placing time for the large concrete pours, with con-
sequent difficulty in extracting the temporary tubular
stop-end In such cases, a permanent stop end with a
water bar is preferable The final stages are removal of
the inner guide wall followed by bulk excavation within
the enclosing wall, trimming off any protuberances
caused by 'overbreak' during excavation and, finally,
casting the facing wall The Institution of Civil Engin-
eers' specification for piling and embedded walls5 U)
defines the face of the wall as the inside face of the
inner guide wall and a tolerance of ±15 mm in a 3 m
length is allowed from this face The guide walls are
required to be at least 1 0 m deep and the minimum and
maximum spacings between the walls should be 25 and
50 mm respectively plus the design wall thickness The
wall should not deviate by more than 1 in 120 from
the vertical All protuberances of more than 100 mm

L Concrete already
placed

should be cut away Where larger protuberances are
expected because of weak ground, the requirements
for their removal should be covered by the Particular
Specification

The stages of excavating and concreting for a cast-
in-place diaphragm wall are shown in Fig 5 13

Instead of placing concrete in situ, precast concrete
panels can be lowered into the slurry-filled trench
Support to the soil behind the panels is provided by
a bentonite—cement grout which also forms the seal
between the grooved ends of the abutting panels In the
SIF—Bachy system the bentonite slurry is replaced by
the grout immediately before placing the panels In
the Soletanche system the excavation is performed
with the bentonite—cement as a supporting fluid The
advantages claimed for the precast panel systems are
as follows

(a) The interior wall surface is clean and even with no
need to cut away 'overbreak' in the concrete

(b) Better quality in the concrete and greater accuracy
in positioning the reinforcement, giving savings in
wall thickness compared with in-situconstruction

(c) The units can be set to close tolerances and open-
ings are accurately positioned

(d) Improved watertightness

Both the cast-in-place or precast concrete panel sys-
tems can achieve watertight basements The forma-
tion of the bentomte gel in the soil behind the wall and
between the panels acts as a seal against the entry of
water In rectangular or circular structures the earth
pressure induces longitudinal compression in the wall
which tends to close up the vertical Joints Problems
with leakage can occur where there are re-entrants in
the wall where the vertical Joints tend to open

Where inclined anchors are used to support a dia-
phragm wall the width of the wall at the toe must be

Bentomte slurry
ifiling to trench

: 'A',
-v

These panels excavated '
and concreted at later stage Concrete placed

by tremie pipe

Figure 5.13 Construction of basement retaining walls by diaphragm method
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sufficient to prevent failure as a stnp foundation under
the loading produced by the vertical component of the
stress in the anchors Also, the depth of the toe below
final excavation level must be such as to provide the
required passive resistance in front of the wall

Consideration must be given to the capacity of dia-
phragm walls to carry heavy vertical loads, especially
when the base of the wall is at a comparatively shallow
depth and only a small proportion of the load is camed
by skin friction on the rear face As well as calculating
the bearing capacity of the soil beneath the relatively
slender thickness of the base, the conditions at the inter-
face between the wall and the supporting soil or rock
must be considered It is likely that there will be a layer
of bentonite heavily contaminated with soil particles at
the base of the trench after completion of the excava-
tion The practice of replacing the bentonite with fresh
material before placing the concrete may not remove
this layer completely The concrete m flowing laterally
from the tremie pipe may then displace this layer with
consequent entrapment of a thick deposit of contarmn-
ated bentonite beneath the base of the wall (Fig 5 14)
To minimize the risk of entrapment of slurry the con-
crete should not be penmtted to flow laterally along the
base of the trench by a distance greater than 25 m from
the tremie pipe

An example of stage construction of a 14 m deep
basement for an office block in Victoria Street, Lon-
don, using the permanent substructure to support the
diaphragm wall has been descnbed by Hodgson51' At
the first stage H-piles were driven close to the face of
existing vaulted retaining walls to support these struc-
tures before trenches were excavated for the pairs of
guide walls required as a preliminary to constructing
the diaphragm wall It was necessary to construct the
guide walls in short lengths and to provide temporary
steel struts between the walls to transfer the thrust from
the existing vaulted retaining walls to the inner guide
walls (Fig 5 15(a))

The diaphragm wall encircling the whole building
was then constructed, followed by removal of the first
stage bulk excavation down to the level of the first
stage ground anchors After installing and stressing the
anchors the second stage bulk excavation was then taken
out (Fig 5 16), followed by constructing the second
basement slab which acted as a strut to the diaphragm
wall at 5 5 m below ground level The diaphragm wall
enclosing three sides of the third (deep) basement was
constructed from the second stage excavation level and
also the bored piles which supported the second base-
ment slab (Fig 5 15(b)) The concrete in these piles
was terminated at the level of the third basement slab
and steel columns were set on this concrete to act as
supports to the second basement slab. An opemng was
formed in this slab through which the soil excavated
from the third basement was raised The excavation
was imtially taken out to the level of the second stage
ground anchors at 11 3 m After installing and stressing
the anchors the excavation was taken down to the final
level at 13 9 m below ground level and concrete was
placed in the third basement slab over the heads of the
bored piles (Fig 5 15(c)) The operations of removing
the soil at this stage are shown in Fig 5 17 Finally the
steel columns were encased m concrete to form the
supports for the superstructure of the buildings, and
the opening in the second basement slab was filled in

The close proximity of roads and tall buildings sur-
rounding the excavation can be seen in Fig. 5 16 The
inward defiexions of the top of the diaphragm wall and
the settlement of the ground surface were monitored
throughout the construction period Measurements at a
point close to the deep basement excavation showed
the following movements

Construction stage Horizontal
defiexion of top
of diaphragm
wall (mm)

Settlement of
groundsurface
at Street level
(mm)

1st stage excavation to St
stage ground anchors

2nd Stage excavation to 5 5 m
2nd basement slab constructed
Excavation to 2nd stage

anchorsatll3m
Excavation to final level at

139m
Final reading six months later

0
3 0
0

0

0
0

15
28
17

17

18
20

While this work was in progress the bored pile
Excavated foundations beneath the second, shallower, basement
wall panel were being constructed from the level of the existing

basement The concrete to the shafts of these piles was
terminated at second basement level

Contaminated
bentomte slurry

Concrete flowing from pipe

Figure 5.14 Entrapment of contanunated slurry at base of
diaphragm wall
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Figure 5.15 Stages in the construction of a deep basement in Victoria Street, London (a) Construction of guide walls for
diaphragm walling and bored pile foundations for second basement (b) Construction of second basement slab and bored pile
foundations for third basement (c) Construction of third basement slab

,qc'

Victoria Street
Existing vaulted retaining wall

Steel H-piles

Existing buildings

level

000

London clay/
(a)

Diaphragm wall

Diaphragm wall

(b)

Existingbasement

Steel columns encased
in concrete

2nd basement slab
Opening filled-rn

(c)
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Figure 5.16 Excavation completed for second basement at Victona Street, London (Note the diaphragm wall surrounding the
basement, and the proxlnuty of buildings in Howick Place)

The ground surface settlement was considerably
greater than would have been expected from the very
small inward defiexion of the diaphragm wall How-
ever, it will be noted that a large proportion of the
settlement occurred at the first stage of excavation be-
fore the ground anchors were installed Stressing of the
anchors pulled back the top of the diaphragm wall and
there was some recovery of the surface settlement
Thereafter the ngid strutting provided by the second
basement slab prevented any further yielding of the
diaphragm wall and there was little further settlement
of the ground surface

5.4.5 Construction in excavations supported by
contiguous or secant bored pile wall

In the contiguous bored pile system of retaining wall
construction, bored piles are installed between guide
walls in a single or double row and positioned so that
they are touching or are in very close proximity to each
other Alternate piles are first drilled by power auger

or grabbing rig and concreted Then the intermediate
piles are mstalled The use of casing to guide the dnlI
results in a space some 50—75 mm wide between piles
The space may be wider if the drilling deviates from
the vertical. These gaps between piles can be very
troublesome in water-beanng granular soils which bleed
through into the excavation Grouting can be used to
seal the gaps, but it may not be completely effective
Jet groutmg as described an Section 11 3 7 provides a
more positive method of sealing, but there are prob-
lems concerning the use of this method in an urban
environment

The problem of watertightness can be overcome
by the secant pile method of interlocking bored piles
Alternate piles are first drilled and concreted at a closer
spacing than the contiguous method The intermediate
piles are then installed by drilling out the soil between
each pair followed by chiselling a groove down the
sides of their shafts Concrete is then placed to fill the
drilled hole including the grooves, so forming a fully
interlocking and watertight wall
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Large diameter
bored and cast-in-
place piles
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Figure 5.17 Excavation for the third basement at Victona Street, London (Note the steel columns supporting the second
basement slab)

An alternative method of secant piling employs 'soft' to 22 m) Using high-torque rigs with casing and in
primary piles using bentomte—cement or bentonite— depths up to 40 m, costs were up to 50 per cent greater
cement—pf ash grout alternating with 'hard' concrete than the shallower hard/soft walls with the low-torque
piles The soft piles are readily cut into by auger drilling rig The costs for diaphragm walls were shown to be
without the need for chiselhng to form the groove for roughly the same as those for the hard/hard system
secondary piles The primary piles have little structural with casing oscillator high-torque rigs, but excluding
strength and it is necessary to put more reinforcement the cost of the facing wall required for secant or con-
with the secondary piles than is needed for the 'hard! tiguous pile walls (Fig 5 18)
hard' system

The requirements for the dimensions of guide walls,
verticalhty of the wall, and removal of protuberances

R C capping beam

from the finished wall are given in the Institution of
Civil Engineers' Specification51° and are the same as R C facmg wall ;
those specified for the diaphragm wall (Section 544)

Sherwood et a1512 have compared the costs of the Basement floor

two forms of secant piling with diaphragm walling for ••
six different soil conditions and with secant pile diam-
eters ranging from 650 to 1500 mm Where the soil
conditions permitted the use of low-torque CFA rigs
(Section 8 14 1) for depths up to 18 m the hard/soft
system was about 10—40 per cent cheaper than the hard/ Figure 5.18 Facmg wall for contiguous or secant pile
hard system with high torque CFA rigs (depths limited retaining wall
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Other advantages and disadvantages stated by
Sherwood et a!512 are

(a) Cased secant methods provide a high degree
of security when operating in granular soils
adjacent to heavily loaded foundations or adjacent
structures

(b) In suitable conditions the hard/hard secant walls
can approach the diaphragm wall in watertightness,
but the nsk of leakages due to non-intersection of
piles increases with mcreasing depth

(c) Only diaphragm walling can be used for depths of
more than 40 m

(d) Box-outs are not recommended for secant walls,
but are readily used in diaphragm walls

(e) More workmg space is required for the plant and
back-up services for diaphragm walling

(f) Secant or contiguous piling avoids the risk of loss
of bentonite into abandoned sewers or cellars which

can cause the collapse of the sides of a diaphragm
wall trench

Contiguous bored pile walls were used extensively
in the construction of underground stations for the Hong
Kong Mass Transit Railway513 For the Tsim Sha Tsui
Station the piles were 450 mm m diameter drilled by
continuous flight auger at 500 mm centres Depending
on the lateral loading the reinforcement consisted either
of 300 x 300 mm steel H-beams or a cage of ten 25mm
steel bars At the Choi Hung Station the piles took the
form of hand-excavated shafts using the technique
described in Section 462 Alternate shafts were rein-
forced The mtermediate ones were filled with mass con-
crete In a modification of this method at Diamond Hill
Station the shafts were widely spaced The intermediate
section was hand excavated m an elliptical shaft, with
one side consisting of a mass concrete jack arch and the
other side a temporary steel arched hner plate (Fig 5 19)

Figure 5.19 Retaimng wall constructed in hand-excavated shafts at Diamond Hill Station, Hong Kong Mass Transit Railway

Hand-excavated shafts
imed with concrete cast
m place
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5.5 Piled basements

Basement rafts carrying heavy buildings on weak soil
are often founded on piles The normal function of
the piles is to transfer the loading to stronger and less
compressible soil at greater depth, or, if economically
possible, to transfer the loading to bedrock or other
relatively incompressible strata The piles also have the
effect of stiffemng the raft and reducing or eliminating
reconsolidation of ground heave, thereby reducing dif-
ferential settlements or tilting

Where piles are terminated on a yielding stratum such
as a stiff clay or weak weathered rock, settlement of the
piles as the working load is built up will result in some
of the load being carried by the underside of the slab
raft or by the pile caps The soil beneath these rela-
tively shallow structures will then compress, causing
load transfer back to the piles The process is continu-
ous always with some proportion of the load being
camed by the piles and some by the capping structure
Therefore while the piles must be designed to carry the
full superstructure loading, the slab raft which transfers
the load to the piles should have sufficient strength to
withstand a loading on the underside equivalent to the
net load of the superstructure or to some proportionate
of the net load which is assessed from a consideration
of the likely yielding of the piles, the compressibility of
the shallow soil layers, and the effects of basement
excavation and pile installation

Hooper4 has descnbed the measurements of the
relative proportions of load camed by the underside of
the basement raft and the piles supporting the 31-storey
tower block of the Hyde Park Cavalry Barracks in
London. The piles were installed by drilling from ground
level and concreting the shaft up to the base level of
the 8 8 m deep basement before commencing the bulk
excavation

The weight of the building including the imposed
load but excluding wind load was 228 MN The weight
of soil removed in excavating to base of raft level was
107 MN, giving a net load to be camed by the piles of
121 MN or a net bearing pressure at raft level of 196 kN/
m2 From observations in pressure cells placed between
the under-side of the raft and the soil, and load cells in
three of the piles, the load transfer from the superstruc-
ture to the piles was calculated from the time of corn-
mencmg construction up to three years after completing
the buildmg The results of these calculations are shown
in Fig 5 20, and are compared with the estimated weight
of the building at various stages of construction Hooper
estimated that, at the end of construction, 60 per cent of
the building load was camed by the piles and 40 per
cent by the raft In the post-construction period more

load was gradually being transferred to the piles, about
6 per cent of the downward load being transferred to
the piles in the three-year period

Some typical examples of the effects of excavation,
pile installation, and pile yielding are given below

Case A: Piles wholly in compressible clay (Fig.
5.21(a)) In the course of excavation for the basement,
heave takes place with further upward movement caused
by displacement due to pile driving, or, if bored piles
are used, there may be a small reduction in the amount
of heave due to inward movement of the clay around
the pile boreholes After completion of the piling, the
swelled soil will be trimmed off to the specified level
of the underside of the basement slab After concreting
the basement slab there will be some tendency for pres-
sure to increase on the slab due to long-term swelling
of the soil, but this will be counteracted to some extent
if driven piles are used by the soil displaced by the pile
dnving settlmg away from the slab as it reconsolidates
around the piles However, as the load on the basement
increases with mcreasing superstructure loading, the
piles themselves will settle due to consolidation of the
soil in the region of the pile toes The soil surrounding
the upper part of the piles will follow the downward
movement of the underlying soil and thus there will be
no appreciable tendency for the full structural loading
to come on to the basement slab After completion of
the building, long-term settlement due to consolidation
of the soil beneath the piles will continue, but at all
times the overlying soil will move downwards and will
not develop appreciable pressure on the basement slab
Thus, it can be stated that the maximum load which is
likely to come on the underside of the slab will be that
due to soil swelling in early days after pile driving
together with water pressure if the basement is below
ground-water level If, however, the working loads on
the piles were to exceed their ultimate carrying ca-
pacity they would move downwards relative to the sur-
rounding soil The slab would then carry the full load
of the building, until the consolidation of the soil throws
the load back on to the piles with progressive move-
ment continuing until equilibrium is reached

The net downward movement resulting from the
algebraic sum of heave, reconsohdation, and further
consolidation will be lower for the piled basement than
for an unpiled basement This is illustrated in Fig 5 22

Consider first the unpiled basement If AB represents
the designed level of the underside of the basement
floor slab, then as excavation proceeds the soil at level
AB will rise to point 1 as the ground beneath swells
due to reduction in overburden pressure The excava-
tion will then be trimmed back to the specified level
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Figure 5.20 Piled raft foundations for Hyde Park Cavahy Barracks, London (a) Foundation arrangements and soil compressibility
(b) Transfer of load from raft to piles

AB (point 2) and the slab concreted Long-term swell-
ing will continue until point 3 is reached when the
superstructure loading has mcreased to an extent cor-
responding to the original overburden pressure and
reconsolidation of the swelled ground will take place
Long-term consolidation settlement will then continue
until ultimate settlement is attained (point 4) The total
downward movement is then Liu

In the case of the piled basement the excavation will
remain open and unconcreted for a longer period until
all piles have been installed After completion of piling
(point 5) the soil is trimmed off to the specified level
AB and the floor slab constructed over the piles There
will be some continuing upward movement at base-
ment level as the soil around and beneath the piles
continues to swell, but if the piles are long in relation to
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Figure 5.21 Piled basements in various soil conditions
(a) Wholiy in compressible clay (b) Wholly in loose sand
(c) Bearing on rock (d) Through weak clay into stiff clay
(e) Alternating layers of weak clay and sand

Structure complete
I Erecting superstructure

Basement 1s/'Tlme
ation

of time exaggerated -7Piling (length —

forclarity)

A
Unpiled

the width of the building such movement will be very
small When the superstructure loading reaches the on-
gmal overburden pressure (point 6) reconsolidation will
take place The net downward movement (b.p) will be
less, since the swelling is less and the consolidation due
to net additional superstructure loading will also be less
since the piles will have been terminated in soil of lower
compressibility If, however, the piles are relatively short
there will be no appreciable reduction in net settlement
as compared to an unpiled basement The piles will
then be wholly within the zone of swelling which may
well be greater because the excavation will remain open
for a longer penod To be effective in reducing net
settlements, piles should be terminated below the zone
of swelling

It is evident from the foregoing that where piles are
terminated below the zone of swelling and anchored
against uplift by shaft friction or enlarged bases there
will be considerable tension in the pile shafts unless
measures are taken to prevent its occurrence, such as
sleeving the piles within the swelling zone Uplift on
the underside of the basement slab and the consequent
transfer of the uplift forces to the piles can be pre-
vented by providing a layer of weak compressible

matenal below the slab However, there are drawbacks
to these methods Sleeving the pile shafts with light
corrugated metal can give installation difficulties par-
ticularly if there are unstable soils within the sleeved
zone as described by Findlay and Wren 515 There is a
ask of long-term biological decay of some types of com-
pressible material This can result in the accumulation

Case B: Piles driven into loose sand (Fig. 5.21(b))
In this case it is assumed that piles are required be-
cause the looseness of the sand would cause excessive
settlement of an unpiled basement It is also assumed
that the density of the sand increases with depth (as is
normally the case) The only swelling will be elastic
movement due to removal of overburden pressure dur-
ing excavation This will take place instantaneously as
the excavation is deepened, and there will be no further
movement after the bottom has been reached The total
elastic movement will, in any case, be quite small and
will be rapidly reversed by the consolidation of the
sand by pile driving It may even be necessary to fill up
the cone-shaped depressions around the piles with sand
before concreting the basement raft As the superstruc-
ture is erected the entire loading of the superstructure
and basement will be camed on the piles This loading
is thrown on to the denser sand at depth, and the settle-
ment due to consolidation of the deeper sand strata will
take place more or less instantaneously as the loading
on the piles increases The sand surrounding the piles
will settle as the underlying sand compresses and thus
there will be no transfer of load to the underside of
the basement slab It would, of course, be necessary to
allow for water pressure

Case C: Piles installed through compressible soil
to bedrock (Fig. 5.21(c)) The soil beneath the base-
ment excavation will swell due to removal of overburden
pressure, with further swelling due to displacement by
the piles if driven types are used After completion of
piling the heaved-up soil will be trimmed down and the
basement floor slab concreted There will be no further
swelling because heave due to pile dnvmg will be greater

(a) (b) (c) (d) (e) of asphyxiating gases beneath the basement slabs
A further risk with piled basements constructed by

top-down methods in heaving clay is upward convexity
occumng in the ground floor and upper intermediate
basement slabs where these are connected to the steel
columns (Fig 5 15) at an early stage in construction In
some circumstances tension can develop at the Junction
between the columns and the tops of the piles, and
care is necessary to ensure that the holding-down bolts
to the column base plates are sufficiently long and not
overstressed

FIgure 5.22 Comparison of settlement of piled and unpiled
basement walls
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than any residual swelling movement At some stage
during erection of the superstructure, the soil heaved by
dnving displacement will reconsohdate and it may
settle away from the underside of the floor slab There
will be no settlement of the piles other than slight elas-
tic shortening of the pile shafts and elastic compression
of the rock beneath the pile toes Thus at no stage will
any load come on to the underside of the basement
slab other than that from water pressure (if any) If,
however, bored piles were to be used there would be no
displacement by the piles and it is quite likely that long-
term swelling would cause pressure on the basement
slab even with some liftmg of the piles This movement
would be reversed as soon as the superstructure load
exceeded the original overburden pressure

Case D: Piles installed through soft clay into stiff
clay (Fig. 5.21(d)) This case is intermediate between
cases A and C. Swellmg of the soil will occur because
of excavation for the basement and displacement by
driven pile types After trnnnung off the heaved soil
and concreting the floor slab there will be no further
swellmg. Reconsolidation of the displaced soil will pro-
ceed as the superstructure load mcreases There will be
a tendency for the soil to settle away from the under-
side of the slab since the settlement due to recon-
solidation of the soft compressible soil will be greater
than the consohdation of the stiff clay soil beneath the
piles Thus at no lime will any soil pressure be camed
by the underside of the basement floor slab, except when
bored piles are used as described in case C

Case E: Piles installed in alternating layers ef seft
clay and sand (Fig. 5.21(e)) This case gives heave
and subsequent consolidation conditions which are
intermediate between those of cases A and C.

5.6 Settlement-reducing piles in piled rafts
and basements

Where piles of the same length and diameter are used
to support a raft or basement slab carrying umform
loading, the slab assumes the classic dished shape when
undergomg settlement As noted above, the slab car-
nes virtually the whole of the load at the initial stage,
but as loading increases there is a progressive mcrease
in the proportion of the load camed by the piles In the
central area of the group the piles are mfluenced to
a greater extent by the adjacent piles than those at the
penphery Consequently the central piles are relatively
less stiff and suffer a greater settlement, and load is
redistributed through the slab to the stiffer outer piles
which then attract a higher proportion of the load Cooke

et a!516 measured the loads distributed over 351 piles
in a rectangular group supporting a 16-storey building
in London Clay It was found that the central piles were
carrying only 40 and 60 per cent of the loads carried
respectively at the corners and edges of the group

Differential settlement can be reduced and some
economy in piling costs can be achieved by providing
longer and hence stiffer piles in the central area and
shorter more 'ductile' ones in the outer rows The latter
are allowed to yield when the resultmg settlement
reduces the differential settlement between the centre
and the edges The stiff slab acts as the member which
redistributes the load shed from the outer piles to the
stiffer central piles If the arrangement of the super-
structure loading permits, the same effect can be
achieved by adopting uniform length piles but increas-
ing the spacing of the outer rows Alternatively, the
geometry of the piles can be varied using long straight-
shafted piles in the centre and short enlarged base piles
around the edges, or piles with 'soft toes' can be pro-
vided by dropping a quantity of loose clay cuttings or a
batch of loose sand into the pile borehole before con-
creting the shaft The enlarged base pile (Section 792)
undergoes a greater settlement at the same loading
compared with the straight-shafted pile of equivalent
bearing capacity

Because the outer piles are permitted to yield, the
overall stability of the structure must be assured It is
therefore desirable that the raft should be designed to
carry the whole of the loading without structural failure
or overstressing of the underlying soil For this reason
the concept of settlement-reducing piles is best applied
to fairly stiff compressible soils such as London Clay
A method of designing the slab and piles to achieve
uniform settlement is described by Padfield and
Sharrock51'

The concept of yielding was used primarily as a means
of reducing stress in a piled raft slab rather than as
settlement reducers for the foundations of the Queen
Elizabeth II Conference Centre in Westminster518 Five
columns carrymg loads between 13.2 and 254 MN were
located along the southern edge of the basement slab
and one carrying 24 1 MN on the northern edge It was
considered that these column loads when wholly sup-
ported by piles would mduce excessive bending stresses
in the raft with local yielding in the underlying clay
Rather than providing unyielding piles below the col-
umns, straight-shafted piles carrying a high proportion
of the load in shaft friction were used and were de-
signed to yield under loads transmitted through the raft
In this way a higher proportion of the load would be
camed by the raft, and the edge column loads would be
redistributed through the raft on to the adjacent piles
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0 002
Wall rotation, 5/h

(a)

Figure 5.23 Relationship between wall rotation and earth pressure
Fourie5 21)

It was calculated that the particular column loads as
camed by the raft were reduced by 25—46 per cent

Momtonng of the loads camed by the piles and the
stresses beneath the raft was undertaken during and
after construction.519 The results showed that the raft
was carrying 70 per cent of the loading and the piles
30 per cent of the loading from the columns above. If
unyielding piles had been used it was estimated that the
raft would have camed only 20 per cent of the loads,
and hence there would have been greater concentration
of stress in the raft above the piles

5.7 The structural design of basement rafts
and retaining walls

5.7.1 General principles and the application
of limit state design

Retaining walls around basements represent a classic
example of soil—structure interaction where the degree
of movement of the walls by translation or rotation
under the pressure of the retamed soil can modify con-
siderably the magnitude of the pressure acting behind
the walls or the resistance of the soil to movement in
front of the walls These opposing forces are known as
the active and passive pressures respectively, but the
author prefers the term 'passive resistance' to 'passive
pressure' because it describes more accurately the

002 0 002 004
Wall rotation, 5/h

(b)

(a) In sands (after Terzaghi5 20) (b) In stiff clays (after Potts and

condition where the soil provides resistanceto pressure
imposed on it by the structures

The effects of movement by rotation of walls on the
mobilization of active pressure and passive resistance
in sand and stiff over-consolidated clay are shown in
Fig 5 23(a) and (b) respectively The values of the
earth pressure coefficient K in Fig 5 23(a) were
obtained by measurements of a model wall rotating in
sand, whereas those in Fig 5 23(b) were obtained by
numerical analysis and may not wholly represent actual
conditions

The above effects have been the cause of much con-
troversy when drafting codes of practice for retaining
wall design and have resulted in various differences
between the British Standard Code of Practice BS 8002,
Earth Retaining Structures (published in 1994) and
Chapter 8 of EC 7 The principal difficulty is in obtam-
rag a realistic assessment of the actual in-service active
pressures and passive resistances so that equilibrium
can be achieved and the structural stability of the wall
can be determined Most retaining walls have some
flexibility, and it is evident from Fig 5 23 that a very
small rotation of the wall will significantly reduce the
active pressure and increase the passive resistance up
to the stage of either yielding on the passive side or
structural failure. Hence the current design practice
of applying a reduction factor to the characteristic soil
strength for the determination of earth pressure and
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Figure 5.24 Types of basement retaining walls (a) Free-standing (b) Embedded

resistance is illogical Nevertheless, it has been found
to be the only practical design procedure and the relev-
ant partial or mobilization factors have been chosen
in BS 8002 and Chapter 8 of EC 7 to represent those
that achieve retaining wall designs which conform to
past experience

The differences between the two codes will be dis-
cussed below

Two types of basement retaimng walls are con-
sidered in this section, (1) free-standing walls, and (2)
embedded walls, shown in Fig 5 24(a) and (b) respect-
ively Free-standing walls are used in shallow basements
where the ground is sufficiently stable to stand without
support or they are constructed within an excavation
supported by timbering or sheet-piling In a basement
the free-standing condition is only temporary At some
stage the top of the wall is restrained from overturning
by strutting with the permanent ground floor and the
base against sliding by the abutting basement floor
Sometimes these restraints are provided temporarily by
raking struts bearing on the upper part of the wall and
by embedment or horizontal struts at the base Shallow
walls are usually designed for the free-standing con-
dition Embedded walls (Fig 5 24(b)) are economical
for deep basements and in all situations where there is
insufficient space around the basement to slope back
the sides of the excavation or to provide temporary
support to a vertical soil face Types of embedded walls
include diaphragm, contiguous bored piles, secant piles,
and sheet piling

It is usual to assume linear distribution of active
pressure and passive resistance for ngid walls The

active pressure distribution can be modified in the case
of free-standing walls by the effect of compacting the
backfill causing higher pressure in the upper part of the
wall Strutting the upper part of the wall can also change
the pressure distribution, but the linear distribution is
not modified in normal design practice unless the struts
are preloaded to push the wall back against the soil
Stressed ground anchors produce the same effect and
can reverse the curvature of a flexible wall

Three different methods are in general use to calcu-
late the required geometry of retaining walls Only one
of these is applicable to free-standing walls A fourth
method which was introduced in 1981 is applicable
only to embedded walls All four methods are discussed
in CIRIA Report 104, 'Design of retaining walls
embedded in stiff clays' (Padfield and Mair5 fl) This
report gives comprehensive and helpful advice on many
aspects of the design of temporary and permanent re-
taining structures, and is recommended reading

Method 1, the factor on embedment (Fd) method, is
applicable only to embedded walls Two conditions
are considered When the wall is acting as a cantilever
(Fig 5 25(a)) a concentrated force R is apphed at the
toe to represent the passive resistance mobilized at
the rear due to fixity at the toe (the method is also
known as the fixed earth support method as given in
the British Steel handbook for the design of sheet pile
walls)

No factors are applied to the limiting or fully mobil-
ized components of active soil pressure and passive
soil resistance The factor of safety is applied empiric-
ally by factoring the depth of embedment d0 which is

Final support

= = =j by permanent floors

(b)

Cantilever Propped
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(c)

Figure 5.25 Assumed soil and water pressure distribution on embedded retaining walls (a) Cantilevered (b) Propped
(c) Pore-water pressure distribution for seepage below toe of wall

determined by equating the moments on each side of
the wall such that the resultant is zero For the canti-
lever condition (Fig 5 25(a)) the depth d0 must satisfy
the equation

PL + = P,.L,. + PWALWA

Having found d0 it is increased by the factor of embed-
ment Fd such that

Design depth d = dOFd

Then d is increased further by 20 per cent to allow for
the simplifying assumption of the force R

At the stage when the wall is propped by the ground
floor slab equation (5 1) still applies, but with the dif-
ferent geometry of L, L,, L,., and Lv,. The design

depth d is again obtained from equation (5 2), but it is
not increased by 20 per cent because free earth support
conditions apply at the toe

Method 2is referred to as the factor of safety on shear
strength (F) method and is applied to embedded walls

(5 1) The pressure diagram is the same as Method 1 for both
the cantilevered and propped stages (Fig 5 25(a) and
(b)), but the active pressure and passive resistance are
factored to increase the former and decrease the latter

(5 2) Equations (5 1) and (5 2) apply with the design depth d
being increased for the cantilevered wall, but not for
the propped wall

Method 3 is applicable to embedded and free-
standing walls (Fig 5 26). It is known as the factor
of safety on moments (Fr) method The depth of em-
bedment or the proportions of the wall stem and base

Effective soil pressures

(a)

Water pressures
(no seepage)

Effective soil pressures Water pressures
(no seepage)

(b)

r 2(d+h)(d—a)
=u= L 2d+h—a 17w



This edition is reproduced by permission of Pearson Educational Limited

Figure 5.26 Assumed soil and water pressure distribution
on free-standing retaining walls (a) Effective soil pressures
(b) Water pressure (no seepage)

are calculated, when taking moments about the toe to
satisfy the equation

F = Restonng moments
"

Overwrmng moments

Usually only net water pressures are included for over-
turning moments so that for embedded walls

F= PL
p

PALA+PwALWA—PWLw

The design embedment d = d0 is increased by 20 per
cent for cantilevered walls but not for propped walls

For free-standing walls

PL+ WbF="
PAL,, + PWALWA - PL

Method 4 is known as the factor of safety on
moments (Fr) as modified by Burland et al.523 The
method apphes only to embedded walls and ehnunates

Net activating pressure Net resisting
pressure

(b)

Moment achieved by retained matenal
(including water) and surcharge
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(a)

(a)

(b)

Net water pressures
(no seepage)

(53)

(5.4)

Figure 5.27 Assumed soil and water pressures on embedded
retaining walls (Burland—Potts method) (a) Cantilevered
(b) Propped

some of the balancing loads for the moment equihb-
num equation and has the aim of using a single lumped
safety factor not dependent on variations in soil strength
parameters The factor of safety is given as

F = Moment of net available passive resistance

(56)
In Fig 5 27 the net activating pressures and resistances
are shown as shaded areas For cantilever and em-
bedded walls

PL (57)
PAiLAI + PL ÷ P1L1 + P2L

The depth of embedment d0 which satisfies equation
(5 7) is increased by 20 per cent for cantilevered walls,
but not for propped walls

Padfield and Mair5 n recommend safety factors for
the four methods as shown in Table 5 2 Two design

(55)
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Table 5.2 Recommended factors of safety for determining a stable wall geometry in stiff clays (after Padfield and Mair5 fl)

Method Design approach A Design approach B Comments

Recommended range for moderately
conservative parameters (c', 0', or;)

Recommended minimum
values for Worst credible
parameters (c' = 0, 0')

Temporary works Permanent
works

Temporary Permanent
works works

Factor on
embedment Fd

Effective stress

Total stresst

1 1—1 2 (usually 1 2) 1 2—1 6 (usually
1 5)

20 —

Not 1 2
recommended

—

This method is empincal
It should always be
checked against one of
the other methods

Strength factor
method F,

Effective stress

Totalstresst

1 1—1 2 (usually 1 2 1 2—1 5 (usually
except for 4?> 30° 1 5 except for
when lower value 4?> 30° when
may be used) lower value

may be used)
15 —

1 0 1 2

— —

The mobilized angle of
wall fnction 8m, and wall
adhesion, C,,,,, should
also be reduced (see
Section 7 3 2)1:

Factor on
moments CP2
method F

Effective stress

lii' 30°
•'=20—30°
•20°

1 2—1 5 1 5—20

1 5 20
12—15 15—20
12 15

1 0 1 2—1 5

1 0 1 5
10 12—15
10 12

These recommended F
values vary with 4? tobe
generally consistent with
usualvaluesofF,andF,

Totalstresst 20 — — —

Factor on
momenta
Burland—Potts
method Fr

Effective stress

Total stresst

1 3—1 5 (usually 1 5) 1 5—20 (usually
20)

20 —

1 0 1 5

— —

Not yet tested for
cantilevers A relatively
new method with which
little design experience
has been obtained

t Total stress factors are speculative, and they should be treated with caution 1: ofCIRIA Report 104
Notes
(I) In any situation where significant uncertainty exists, whether design approach A or B is adopted, a sensitivity study is always
recommended, so that an appreciation of the importance of vanous parameters can be gamed
(2) Only a few of the factors of safety recommended in Table 5 I are based on extensive practical expenence, and even this
expenence is recent At present, there is no well.documented evidence of the long-term performance of walls constructed in stiff
clays, particularly in relation to serviceabihty and movements However, the factors recommended in the table are based on the
present framework of current knowledge and good practice
(3) Of the four factors of safety recommended, only F depends on the value of 4?
(4) CP 2 has been withdrawn and replaced by BS 8002 (Author's note)

approaches to their use are recommended. In approach
A moderately conservative values are selected for the
drained soil parameters c'and 4)', and for c in the total
stress application These are not average values, but
would represent a cautious or 'low range' as used by
engineers in bearing capacity calculations by hinit
equihbnum methods. The moderately conservative
parameters are used m conjunction with a relatively high
safety factor 'Worst credible' values in approach B
are used with correspondingly low safety factors They
would represent a lower bound line in a plot of c values
against depth or the lower envelope of a plot of effec-
tive shear strength against effective stress

The BS 8002 approach is basically that of Method 2,
but in obtaimng design soil strengths for entry into the
equilibnum equations BS 8002 does not apply partial
factors to the ultimate soil strengths m the same way
as EC 7 Instead it applies a 'mobilization factor' (M)
to 'representative' strength parameters to give design
values intended to represent the strength mobilized as a
result of the small rotational movements which occur
m a stable wall Simpson and Dnscoll5 point out that
representative and charactenstic strengths are probably
indistingwshable.

The BS 8002 and BC 7 factors are compared in
Table 5 3 Permanent and variable loads are not factored
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Table 53 Factors for determining design soil strengths (after Simpson and Dnscoll5)

Factor on Tan 0' c' c Permanent loads Vanable loads

BS8002 M= 12 12 15 10 10
eC 7

Case B = 1 0 1 0 1 0 1.35 (unfavourable)
1 5 (unfavourable) 1 0 (favourable)

00 (favourable)
Case C = 1 25 1 6 1 4 1 0 1.3 (unfavourable)

0.0 (favourable)

in the BS but they are apphed in EC 7 m which soil
weights and water pressures are treated as actions m
addition to the surcharge and other loads imposed on
the wall.

Surcharges on the ground surface behind the wall are
treated differently in the two codes In BS 8002 a nun-
unum surcharge of 10 kN/m2 is required When large
surcharges are expected, load factors should be applied
as required by the relevant structural codes There is
no minimum surcharge in EC 7 Actual design values
are factored as for permanent and variable loads in
Table 5 3

The strength factor method also represents the EC 7
approach where the value of F, corresponds to the
partial factors for matenals (Ym) Thecharactenstic soil
strength could be taken as corresponding to the values
in design approach A where the CIRIA F, values
are much the same as the partial factors in EC 7 (see
Table 2 1)

Simpson and Dnscoll5 ' in discussmg the apphca-
tion of load factors or safety factors to the design of
retaining structures point out the nsks when walls are
given only a shallow embedment on the passive side
The total passive resistance (P = Ky'd) in a dense
granular soil is very sensitive to the embedment depth,
and accidental over-excavation by only a small amount
could reduce the safety factor to unity

BS 8002 and EC 7 treat the over-dig allowance dif-
ferently The BS requires a minimum allowance of 05 m
irrespective of the height of the wall, which is regarded
as over-conservative for low walls EC 7 requires, for
ultimate hnut state design, the ground level of the pas-
sive soil be lowered by an amount equal to 10 per cent
of the height of a cantilever wall or 10 per cent of the
height below the lowest support for a supported wall
with a maximum of 05 m The EC 7 rule is not man-
datory, which gives the engineer some discretion in its
application, but it requires very careful consideration
of the expected degree of control of excavation. Also
the nsks of accidental over-excavation in front of a
wall dunng the service life of the structure should be
assessed.

CIRIA recommend that where significant uncertainty
exists, whether design approach A or B is adopted, a
sensitivity analysis should be made so that an apprecia-
tion of the importance of the various parameters can be
gained.

The application of the four methods and the applica-
tion of safety factors to the support of retaining struc-
tures in temporary works are discussed in Section 96.2.

5.7.2 Calculation of earth pressure on
free-standing walls

Active soil pressures and passive soil resistances on per-
manent basement retaimng walls should be calculated
in terms of effective stress Effective stress parameters
c' and ' are obtained from consolidated drained tn-
axial tests or consolidated undrained triaxial tests with
pore-water pressure measurements (Section 1.11) It is
important that the stresses to which the samples are
consolidated should take into account the range of
stresses appropnate to the wall being designed Where
the worst credible parameters are adopted for design
the cohesion mtercept should be taken as zero.

Instead of making the special Inaxial tests referred
to above it may be sufficient for preilminary design
purposes to use drained parameters for clays based
on relationships with the plasticity index of clay as
shown inTable54 The relationships are empirical and
are stated to be conservative. They should be used in
conjunction with a c' value of zero. In clays containing
layers or laminations of sand or silt it is Important that
the plasticity index should be representative of the
clay layer

The effective active pressure behind the retaining
wall is given by the equation

p = K,(yz — u), (58)

and the effective passive resistance by the equation

= K(yz — u),

where

(59)
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Plasticity index
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Ka and K = the active pressure and passive resistance
coefficients respectively, y is the bulk density, and u =
pore-water pressure at any depth z, below the ground or
excavated surface

Where the soil has a cohesion intercept

= K0(IZ — u) — 2c'1J
or

p = K(yz — u) + 2c'JTk

The relationships between the coefficients K0 and
and the effective angle of shearing resistance of the soil
4)' are shown in Fig. 5 28

The importance of the pore-water pressure will be
noted in the above equations The long-term values
should be used in retaining wall design, and any meas-
ures to reduce it such as by drainage should be used with
caution because of the possibility of drains becoming
blocked Observations of ground-water levels and seep-
ages observed while dnlhng boreholes in silts and
clays are likely to be unreliable. Standpipes or piezo-
meters should be installed for long-term measurements,
if possible over the winter months Where steady-state
seepage takes place into a sheeted excavation, the pore-
water pressure distribution is shown in Fig 5 25(c)

Because of the movement of a retaining wall required
to mobilize the full available passive resistance in clay,
conservative values should be chosen for 4)'for use in
Table 5 5 This is particularly important in free-standing
walls where the depth of embedment of the toe is likely
to be small, and as noted in Section 5 7 1 much of the

(5 10) resistance may be lost by over-excavation, and in any
case much of the resistance to horizontal sliding will
be given by skin friction beneath the base slab until it

(5 11) is strutted by the basement floor Padlield and Majr5

Ut -
::

Di

,'

:'
Figure 5.28 Earth pressure and resistance coefficients (a) Values of K0 for active earth pressure (b) Values of K for passive earth
resistance

Table 5.4 Approximate relationship between plasticity index
and peak sheannng resistance (after Padfield and Mair") and
critical angle of shearing resistance of clays

t Values from BS 8002

0
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state the opmion of many engineers that a minimum
embedment of 2 5 m should be provided on the passive
side where reliance is being placed on passive resist-
ance for overall stability

To obtain the design angle of wall friction öm in
Fig 5 28 BS 8002 requires the representative angle of
shearing resistance 4 to be divided by the mobil-
ization factor M to obtain the mobilized 4, Then the
design angle of wall fnction is given by

8=075tan4), (512)

6, should not exceed 2/3L or the critical state value
•' whichever is less It is also restricted to 20° for
relatively smooth walls

EC 7 requires 6, to be equal to two-thirds of the
design 4)' for smooth precast concrete or equal to 4)
for concrete cast against the ground Any effective
cohesion c' should be neglected The CIRIA method
takes 6d as equal to two-thirds of the charactenstic
4)' on the active side and 0 5 4)' (characteristic) on the
passive side

For analysis of the undrained case in clays, BS 8002
takes the wall adhesion to be 0 75 times the mobilized
ci,. Thus

a = 0 75 x c (mobilized)
= 0 75 x c,, (representative)/l.5

EC 7 takes the wall adhesion as equal to the char-
actenstic c for a completely rough wall or zero for a
completely smooth wall The latter case applies to a
steel pile wall immediately after driving before pore
pressures are dissipated

Mobilization of wall friction or adhesion depends on
the soil settling relatively to the wall In the case of a
well-compacted granular backfill, or if the top of the
wall is loaded or if ground anchors are used in a stressed
condition to support the wall, then the wall may move
downwards relative to the soil when zero values of or
a should be adopted

5.7.3 Calculation of earth pressure on
embedded walls

Equations (5 9)—(5 11) and (5 14)—(5 15) are used to
calculate the pressure intensity on embedded walls in
conjunction with the distribution of pressure shown
in Figs 5 25 or 5 26 Thus at stage 1 (Figs 5 25(a) and
5 26(a)), the wall is acting as a vertical cantilever At
stage 2, where props are used without preloadmg by
jacking, the earth-pressure on the back of the wall
will be in the active condition as in Figs 5 25(b) and
5 26(b) In the case of an anchored wall as illustrated in
Fig 5 29, when the top level ground anchors are stressed

(5.13) the pressure on the back of the wall will be determined

Figure 5.29 Pressure distribution on anchored diaphragm wall at various stages of construction

Movement

Stage 4 Stage 5 Stage 6
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some stage be intermediate between the 'at rest' and
passive condition depending on the amount of reverse
movement of the wall After completion of slressmg
the anchors the wall acts m stage 3 as a vertical beam
cantilevering above the anchors and restrained by yield-
ing supports at anchor level and at the embedded por-
tion below excavation level

At stages 4 and 5 with the second stage anchors
stressed, the wall acts as a vertical beam with three

In some situations high bending moments can be
induced in the portion of the wall beneath the base slab
after the latter has been completed In fact the deeper
the embedment required for the stages before con-
structing the base slab the higher the bending moments
resulting from the unbalanced pressures, when clay on
the passive side will have been softened by the reduction
in overburden pressure at the stage of bulk excavation

'At rest' pressure conditions normally exist in the

K0 = (1 — sin

KOD= K0(l + Sifl 13).

due to the sensitivity of these soils to disturbance,
although reliable values can be obtained in clays

Padfield and Mair522 recommend that the maximum
bending moment in the wall stem should be calculated
with unfactored soil parameters. The required design
embedment depth is greater than that required to give
limiting equilibrium with unfactored parameters, but
this additional depth is not accounted for in the calcula-
tions The reinforcement should not be curtailed at the
point where the bending moment is zero, but it should
be taken down to the bottom of the wall using a bend-
ing moment envelope shown in Fig 5 30 Padfield and
Mair5 point out that the seepage path for water around
the wall for the embedment depth assumed for bending
moment calculations is shorter than that corresponding
to working conditions, but state that the error due to

'5 14' neglecting the additional seepage length for calculating
" ' water pressure is small

The partial factors of 1 4 or 1 5 are applied to the
bending moments calculated by the CIRIA method to
obtain the ultimate limit states of the wall section Hence

(5 15'
the CIRIA method is compatible with BS 8110 for re-
inforced concrete designs BS 8002 requires the bend-
ing moments and internal forces be calculated using
active soil pressures and passive soil resistances obtained
from the coefficients Ka and K based on mobilized
soil strengths The BS does not reqwre the resulting
bending moments and internal forces to be factored
for the structural design of the wall stem It is claimed
that because the calculated pressures represent the worst
credible values, further factoring is unnecessary.

Using EC 7 the bending moments and internal forces
are calculated from ultimate hmit state soil strengths

by the stresses induced in the anchors and it may at Calculated bending moment for
hiniting equilibrium condition/

Design bending moment(IA envelope—lower part of wall

Toe level at limiting
equihbnum

Design toe level_

levels of yielding supports, and at stage 5 the construc-
tion of the basement slab and the mtermediate floors
provide unyielding supports and a check should be made
to ensure that the wall can withstand 'at rest' earth
pressure and any hydrostatic pressure on the rear face

During construction a considerable vertical force will
be induced in the wall by the stressing of the ground
anchors, and a check should be made by the methods
descnbed in Chapter 2 to ensure that the ultimate bear-
ing capacity of the soil beneath the toe of the wall is not
exceeded

Figure 5.30 Relationship recommended by Padfield and
Mair5 between calculated and design bending moment
envelopes for reinforcement design of embedded retaining
walls

ground behind a retaining wall when the movement of
the structure is less than 5 x 10 x the retained height
in a normally consolidated soil In these conditions the
coefficient Ka is replaced by the at rest coefficient K0,
which is the ratio between the horizontal and vertical
effective stresses K0is given by

where R,, is the over-consolidation ratio
If the ground slopes up behind the wall at an angle

13 ', then K0 becomes

The above equations should not be used for extremely
high values of K0

In normally and over-consolidated clays, K0 can be
taken as 075 and 1—2 respectively

When no relative movement between the soil and the
wall can take place, the actual at rest pressure should be
determined by field tests The pressuremeter (Section
1 4.5) can be used to obtain the horizontal stress in
the soil and hence to obtain K0 from the relationship
K0 = a'h/a'V, but the test may not be reliable in sands
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and loads using the factors in Table 2 1 For reinforced
concrete design these values are then factored in ac-
cordance with BS 8110 Both case B and C in Table 2 1
should be considered Because the mobilization factors
in BS 8002 are higher than the case B partial factors m
EC 7 and loads are unfactored in the BS (see Table 5 3),
the resulting bending moments calculated by the two
methods are of much the same order m many design
situations

Simpson and Dnscolli24 point out that the eccentn-
city of loading on the base of a free-standing wail can
result in high bearing pressure on one edge of the base
slab It is necessary to check that the supporting soil
is not overstressed using the methods descnbed in
Sections 2 3 1 and 2 3 3

Serviceability lumt state calculations are required to
be based on unfactored soil strengths and loads, both
in BS 8002 and EC 7 Because the calculated active
pressures are based on small rotations or sliding of the
wall stem, it is unlikely that damage will be caused
to the wall structure However, small wall movements
may cause settlement of structures behmd the wall (see
Figs 5 10 and 5 11) Simpson and Driscoll5 recommend
that serviceability limit calculations should be made in
all cases Because of the difficulty in obtaining realistic
values of soil stiffness for calculating wall deflections,
particularly for a compacted backfill, they suggest that
the active soil pressure should be calculated using the
equation

K5 = + K), (5 16)

where Ka is the active pressure coefficient and K,,, is
equal to (1— sin 4)') Fora slopmg surface in the retained
soil becomes (1 + sin ), as m equation (5 15)

Measured values of soil stiffness obtained by labor-
atory or field tests (Section 1.4 5) in conjunction with
finite element methods of analysis (see Section 9 9)
should be used for high walls supporting structures sen-
sitive to settlement

5.7.4 Structural design

Sometimes, for economy m the quantity of concrete,
steps are provided in the retaining wall to give a pro-
gressive mcrease m thickness from top to bottom How-
ever, because of the increased cost of formwork, and
complications in the arrangement of remforcmg steel,
steppmg does not normally show economies in overall
costs In the case of backfilled retaining walls a sloping
rear face may be an economical form of construction
for long walls

Free-standing retaining walls should not depend on
their connection to the basement floor slab for stability
against overturning or sliding The width of the base
constructed within the trench should be sufficient to
keep the bearing pressure at the toe of the base slab
within safe limits and to ensure that the resultant of
the pressure on the back of the wall and the weight
of the wail fails within the middle third of the base. If
necessary a downstand projection should be provided
beneath the wall to prevent sliding as shown on
Fig 5.24(a)

Counterforted or tee-section retalnmg walls are not
often used for basements, since the additional excavation
outside the building hne to accommodate counterforts
and base slabs has to be backfilled, thus mcreasmg the
cost of excavation without gaining space in the base-
ment Also, in built-up areas the counterforts and base
slabs might encroach on adjacent property.

Basement floor slabs are designed as rafts on the
lines descnbed in Chapter 4 They must be able to with-
stand pressures on the underside of the slab together
with stresses caused by differential settlement, non-
uniform column loads, and reactions from the retaimng
walls An important factor is the need to provide con-
tinuity in the base slab if the basement acts as a buoy-
ancy raft (Fig 5 31). If the columns are provided with
independent bases with only a light slab between them,
there would be likelihood of failure of the slabs from
the pressure of the underlying soil

Ground floor slab

'i }H J• H. I
Total overburden pressure = y (D-h) +

Figure 5.31 Design of basement floor slab where basement acts as buoyancy raft
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Figure 532 Basement floor slab with thickened bases to
columns

For light or moderate bearing pressures the floor slab
may consist of a slab of uniform thickness or, where
columns are widely spaced, as a 'flat slab' with thick-
ened areas beneath columns (Fig 5 32) In order to
avoid cracking of the floor slab there should not be
abrupt changes from thin to thick parts of the slab and
the junction of the floor slab with the column bases and
wall foundations should be provided with a generous
splay as shown in Fig 5 32 This will avoid concentra-
tions of stress at the junction For high bearing pres-
sures it is usually necessary to provide a grid of heavily
reinforced upstanding beams of the type shown in
Fig 4 32

The floor slabs of piled basements should also have
structural continuity where pressure develops on the
underside due to soil swelling or yielding of the piles
(see Section 5 5) or where water pressure is actmg on
the slab Continuity is given by bonding the floor slab
into the pile caps as shown inFig 5 33(a) Where there

GL

is no risk of any load transfer to the slab, for example
where the piles are taken down to an unyielding stratum,
it can be designed without structural connection to the
pile caps or to the capping beam supporting the retain-
ing wall (Fig 5 33(b))

5.8 The application of computer-based
methods to the design of rails and
piled rafts

5.8.1 Rafts

Settlement profiles and soil contact pressures for raft
foundations are dependent on the relative stiffnesses
of raft and supporting soil Use of computer-based
methods is a necessity for the detailed analysis of those
cases where the soil—structure interaction aspects of raft
foundations are significant, that is to say, in cases where
it is unrealistic to assume a raft as being either infi-
nitely rigid or mfimtely flexible Development of a suit-
able representation of the soil behaviour has been the
major difficulty to overcome in improving the methods
for undertaking such analyses

Winkler spring model Initially this approach was
the most widely adopted It consists of representing the
soil which supports a raft by discrete vertical springs
Usually the raft was modelled as an equivalent gnllage,
or gnd, of rigidly connected beams (Fig 5 34) Model-
ling of a slab subjected to flexure as a gnllage has a

I

(:1.

U

.1

Slab cames
water

- pressure plus
proportion
of total load

[kiies'H I
(a) yielding

under
load

(a)

Compressible Unyielding strai
layer

(b)

Figure 533 Design of floors for piled basements (a) Where
load is partly carried by underside of floor (b) Where no load
is camed by underside of floor

AA(
(b)

Figure 5.34 Simple models of raft using discrete spnngs to
represent soils (a) Raft modelled as gnllage of beams on
Wmlder spnngs (b) Raft modelled as plate-bending finite
elements on Winider spnngs
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long history, particularly m the analysis of bridge decks
Standard computer programs able to model grillages
supported on spnngs have been available since the
1960s, and so it was to be expected that engineers would
apply the technique to the design of rafts Later, the use
of the gnllage method was largely replaced by the use
of plate bending finite elements (Fig 5 34) which pro-
vided a far more versatile means of modelling such
features as irregular shapes, openings in plan, and vari-
ations m raft thickness General-purpose finite element
programs typically mclude both plate bending elements
and spring supports and offer the next stage of raft
modelling beyond the standard gnllage on springs

However, although either gnllages or plate bending
elements are acceptable for representing the fiexural
action of a raft, the use of Winkler springs to rep-
resent the soil is questionable The principal objection
to Winlder spnngs is their inability to replicate the inter-
action, due to stress transfer within the soil mass, of
settlements at separate points on the soil surface Since
the mid-1970s a number of authorities have expressed
caution on the use of Winkler springs in modelling
rafts For example, Brown5 u remarked that 'the Winider
assumption remains what it has always been, one of
mathematical convenience rather than physical real-
ity' A report produced by the Institution of Structural
Engineers526 commented that the Winider spring model
could not be recommended for the analysis of rafts,
that it was a poor physical model, and could give rise to
erroneous results More recently, Hooper527 stated that
the method could give good answers in certain cases,
but that its performance was problem-dependent The
method was not sufficiently general for practical pur-
poses and could lead to grossly inaccurate results on
the unsafe side With regard to problem dependency,
Mawditt528 concluded that the Winkler spring model
would give satisfactory results for structural design of a
raft where, among other requirements, the loading could
be approximated to a single point load This is a severe
limitation when compared with the loading configura-
tions which need to be considered in most practical
cases of raft design

The lmnts to safe apphcability of the Winider spnng
model may well not be recognized by many design
engineers, and so its use cannot be recommended as a
general practice It is much better to make use of tech-
niques which can model soil behaviour and soil—raft
interaction with more realism over a wide range of prac-
tical conditions

Boundary element/surface element methods The
area of raft analysis and design is one m which bound-
ary element or quasi-boundary element methods have

achieved widespread usage The usual manner of carry-
ing out an analysis involves use of plate bending fimte
elements to model the raft, and boundary elements to
model the soil It should be noted that the use of the
term 'surface element' is often preferred to 'boundary
element' in these applications smce the methods adopted
rarely involve the integral equation type of formulation
which is usually associated with the boundary element
method

The first soil idealization considered is that of a
linear elastic, isotropic half-space, that is, the soil is
considered to have an infinite depth and to have con-
stant linear elastic properties throughout that depth
The raft plate bending elements are defined by a two-
dimensional mesh with specific node points The sur-
face of the soil under the raft is defined by an equivalent
mesh and node points Using the Boussinesq formula-
tion (see Section 2 64), it is possible to generate values
for vertical displacements at any node point on the
surface of the imear elastic half-space due to the applica-
tion of a vertical force at any other node point, i e

6 =
where

(5 17)

8 = vertical displacement at point),
= vertical force at point z (equal to the product

of pressure at point z and mesh area associated
with node i),

f,, = flexibility term dependent on elastic properties
of the half space and distance between points
z andj

Considenng a total of n node points the cumulative
vertical displacement at) is given by

= (518)

The relationship between displacements and forces for
all nodes can be expressed in matrix form as

(5 19)

where [F] is the soil flexibility matrix and {6} and (P}
are vectors of displacements and forces respectively
The inverse of the soil flexibility matrix is the soil stiff-
ness matrix [KJ and

[K,](8}= {P} (5 20)

The relationship between applied loads { Q), raft—soil
contact forces (P), and displacements {6} for the plate
bending elements of the raft is

[K]{8} = (Q—P),
where [Kr] is the raft stiffness matrix

(521)
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Substitutmg equation (5 20) into equation (5 21) gives

[K+K8]{6} = (Q} (522)

Knowing (Q} and [Kr + Ks], this set of linear simul-
taneous equations can be solved to give nodal point
values of displacements {6 } and hence, by back substi-
tution, nodal point values of raft—soil contact pressure
and raft bending moments

Although the elastic half space idealization is amen-
able to classical elastic theory, there are few practical
situations to which it approximates The next stage in
development of boundary—surface element techniques
involved direct consideration of soil layenng and van-
ations of soil stiffness with depth withm layers The
basic assumption is that, within the heterogeneous soil
mass beneath the raft, the stress distnbution due to ver-
tical loads applied at the surface is the same as that
within a semi-infimte elastic medium, but that the ver-
tical strain at any elevation is then governed by the
defined elastic properties of the soil at that elevation

The layered soil mass has a defined total depth at
the base of which zero vertical displacement is assumed
The soil mass is further divided into a number of hon-
zontal sublayers, and the computed vertical strain at the _____________
mid-level of each sublayer is assumed to apply through-
out its thickness Total surface displacements at any
point are obtained by summation of vertical deflexions
within sublayers below that point — hence flexibility
matrix terms can be computed This approach is an
equivalent of the Stembrenner method of calculating
settlements (Section 266)

The assumption that a stress pattern for a semi-
infinite continuum is applicable to a layered subsoil is
clearly an approximation There will be an under-
estimate of vertical stresses near the assumed level of
zero displacement (Fig 5 35) and, in the case of a stiff
surface layer overlying softer soils, an overestimate of
vertical stress in the upper levels of the softer soils
(Fig 5 36) However, the approach is an advance on
the ideal semi-infimte continuum model and will give
very satisfactory results over a wide range of circum-
stances, as has been demonstrated m a number of pub-
lished case histones The method has also been extended
to include for such features as local yielding of the soil
when raft contact pressures reach a hmiting value and
loss of contact between raft and soil in zones where an
apparent vertical tension would otherwise develop at
the surface of the soil It is normal to assume a smooth
interface between raft and soil. This is a conservative
assumption in respect of computed settlements and raft
bending moments, and in any event the extent to which
honzontal shear can be sustained at the raft—soil inter-
face is difficult to quantify

13 14
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a (Boussinesq)
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Figure 5.35 Under-prediction by Boussinesq theory of vertical
stress near lower boundary of finite layer (after Padfield and
Sharrocki 17)

rIWhIWIJ

Layer 1
E1v1

Layer 2
E2v2

Figure 536 Reduction in vertical stress as a result of stiff
overlying layer (after Padfield and Sharrock5 7)
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Experimental
hail

Figure 5.37 Comparison of measured and computed raft settlements (after Wood")

Figure 5 37 shows results obtained by Wood529 when
applying the method to compute settlements of an
irregular plan form structure The results obtained
compare favourably with site measurements and can be
compared with results of a plane strain fimte element
analysis ° Wood also obtained computed values for
comparison with measured settlements of circular raft
foundations on chalk, for a complex of four grain silos
In this instance allowance was made for local yielding
of the chalk and measured and computed values are
shown in Fig 5 38

Finite element methods By comparison with other
areas of foundation engineering, finite element methods
have been applied very little to the soil model in the
analysis and design of raft foundations The principal
reason for this is one of cost For an irregular shaped
raft, and even for a rectangular raft, a comprehensive

finite element representation of the soil requires the use
of three-dimensional elements which typically involve
markedly more computing time than the equivalent
boundary/surface element methods described above The
associated increased cost cannot be justified in a com-
mercial environment Two-dimensional finite element
analyses are restricted either to the few cases which
might be represented in plane strain (high aspect ratio
rafts with loadings effectively continuous in the longi-
tudinal direction) or to axisymmetnc cases (symmetrical
about a vertical axis of rotation) which are effectively
limited to circular rafts subjected to axisymmetric load-
ing, and for which a number of standard elastic solu-
tions are already available, for example, from Poulos
and Davis532

In general, it is recommended that where raft design
involves computer-based methods use is made of pro-
grams based on the simplified layer method descnbed
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Figure 538 Comparison of measured and computed
settlements of silo raft foundations on Chalk (after Wood5 31)

(a)

above, including representation of soil yieldmg and raft—
soil separation Such programs have been generally
available in Bntain smce the late 1970s,533 and a number
of published case studies exist which can be used for
venfication exercises

5.8.2 Piled rafts

Following from remarks made above, it is not surpns-
ing that finite element methods have been very little
used in modelling all the components of raft—pile—soil
systems The three-dimensional modelling of such piled
raft systems by finite elements would be exorbitantly
expensive for use as a general design technique, as will
be appreciated from the details shown in Fig 5 39 of a
finite element model of a five by three pile group — and
it will be noted that, on the basis of symmetry, only
one-quarter of this modest size pile group has been
modelled Two-dimensional finite element modelling
was used by Hooper,514 who adopted an axisymmetnc
idealization for the analysis of the piled raft foundation
of the Hyde Park Cavalry Barracks, London Hooper's
model for this analysis is shown in Fig 5 40

The combined plate bending finite element and sim-
plified layer theory boundary/surface element method
descnbed above has found reasonably wide application
in the analysis of rafts on closely spaced pile groups
In such a case the pile group is modelled as an equival-
ent raft located at a depth at or towards pile toe level
Wood536 has descnbed this form of analysis applied to

Figure 5.39 Three-dimensional finite element model of pile group (a) Pile group geometry (b) Finite element model (after Ottaviam5 )

Silo 2

0
0

Silo 3

Silo 4

I000.L
10 0 0B=1m

14m10001

LOOT2rn000
I:6m

(b)



a six-storey office block founded on large-diameter
bored piles m London Clay In this instance measured
values of settlement were available, and Wood con-
cluded that the best representation of the measured
values was obtained by locating the equivalent raft at a
depth in the range 05—08 of the pile penetration into
the London Clay A comparison of measured values
and results for an equivalent raft at a depth equal to
07 of the pile penetration into the London Clay is given
in Fig. 5 41 Hooper527 descnbes a similar analysis for
the design of the piled raft foundation to an office tower
in Lagos, Nigena in this case the equivalent raft was
modelled at pile toe level.

Ham and Lee537 used a combination of plate-
bending finite element model for a raft and interaction
factors for pile—pile, pile—surface, surface—pile, and
surfaces—surface effects Approximate allowances were
made for effects of soil heterogeneity, cut-off values of
pile load, and localized soil yield Hooper5m5 commented
that this particular method of analysis can be treated
with a reasonable degree of confidence in cases where

I
S

C,,

the piles are widely spaced and the soil stiffness is
reasonably uniform from pile head level to a consider-
able depth below pile toe level Figure 5 42 shows re-
sults obtained by Ham and Lee for percentage of load
taken by the piles in an eight by eight group supporting
a raft In the figure KR and K are relative stiffness par-
ameters given by Hooper"6 in the form

,
4ER(l—y)( tR

3mE tjj'
K=

where

ER = Young's modulus of the raft matenal,E = Young's modulus of the pile matenal,
E, = Young's modulus of the soil mass,
BR, tR = breadth and thickness of the raft,

= Poisson's ratio of the soil

Free surface
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4

Figure 5.40 Axisymmetric finite element model of piled raft foundation (after Hooper5 35)

Smooth rigid boundary 0 10 20

Scale of metres
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Figure 5.41 Computed and measured settlement profiles for raft on closely spaced piles modelled as equivalent raft (after
Wood5 34) (Transversely isotropic soil model y/H = 07, where y is depth to equivalent raft and H is the depth to pile toe level)
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Figure 5.42 Percentage of load taken by 8 x 8 pile group for
a raft-pile foundation, Lid = 25, v, = 05, where L is pile
penetration, d is pile diameter, and v, is Poisson's ratio of
soil (after Ham and Lee5 37)

An advance on the Ham and Lee approach is incor-
porated in a computer program PILRAFF descnbed by
Padfield and Sharrock5il Here integral transform theory
is used to achieve a better representation of the effects
of soil layenng and variations of soil stiffness with
depth They descnbe the application of PILRAFI' to
the back analysis of an instrumental piled raft in
London Clay with subsequent production of an alternative
design in which pile lengths are varied across the raft
with the objective of minimizing differential settlements
(see Section 5 6)

Pending wider availability of, and confidence in, pro-
grams such as PILRAFT, the designer of a piled raft
foundation with closely spaced piles should adopt the
equivalent raft form of computer analysis descnbed by
Wood533 or Hooper527 However, it must be noted that the

30 equivalent raft method is not capable of defimng relative
proportions of load camed by the piles and by the raft

The optimization of raft design With the progress-
ive increase in availability of computer power in recent
years there is a parallel and almost inevitable tendency
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Figure 5.43 Numencal representation of piled raft foundation
(1) One-dimensional pile element (2) Lumped soil response
at each pile—node load transfer spnng (3) Two-dimensional
plate-bending finite element raft mesh (4) Lumped soil
response at each raft node (Giroud solution) (5) Pile—soil—raft
interaction effects calculated between pairs of nodes (Mindlin's
equation) (6) Raft—soil—raft interaction (7) Pile—soil—raft
interactin (after Clancy and Randolph"8)

for some engineers to use increased power to analyse
ever larger and more complex models of their projects
While this tendency is at first sight understandable, it is
all too often counter-productive, not least because it can
lock the design sequence into a particular option which
leaves little time to assess other possibilities if the
original concept displays shortcomings The preferred
approach is to review simplified options as a first-pass
feasibility study and then to move on to progressive
refinement of a clearly identified appropriate choice

As an example of studymg foundation options, the
application to piled rafts has been assessed by Clancy
and Randolph538 They selected a hybrid finite element
plus elastic continuum method to calculate overall
foundation stiffness and load distribution (Fig 5 43)
They considered 'dimensionless groups' of parameters,
as shown in Table 55 The design process can be assisted
by an appreciation of how changes in the values of these
dimensionless groups can lead to changes in the overall

17 18 19 20

system behaviour More promising alternatives can then
be identified for short listmg as feasibility options

A case study of two piled rafts constructed in Tokyo
was selected to assess the effectiveness of the method
The layout of the rafts is shown in Fig 544, and the

Table 5.5 Dimensionless groups for piled raft foundations (after Clancy and Randolph5 38)

Dimensionless group Definition Practical range

Pile slenderness ratio L1,/d 10—100
Pile spacing ratio
Pile—soil stiffness ratio

s/d
K. = EIE,

2 5—8
100—10 000

Raft plan aspect ratio 4/B, 1-10

Raft—soil stiffness ratio K =4t — v)"
3JtE,L(l — v)

0001—10

16

B0
'.4

10

2 3

60m 60m 6Gm/1
Piles

11

4 5

6Gm

24 Om

(a)

1412 13 15 16

B0
ci

B
ci

B
C,,
IL,

1--
63m 63m 63m 63m42rn

294 m
(b)

Figure 5.44 Foundation plans for case study (a) Foundation A
(b) Foundation B (after Clancy and Randolph5 33)
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Table 5.6 Case study pile loads (MN) and settlement (mm) (after Clancy and Randolphsn)

Pile

Foundanon A Foundanon B

1 2 3 6 7 8 11 12 13 16 18 20 2 6 13

Measured load
Predicted load

062
181

147
198

135
203

132
193

170
193

051
199

126
174

126
143

116
105

015
114

071
iii

064
101

053
087

208
139

135
146

Pile 1 3 5 6 8 10 16 18 20 4 7 11 14

Measuredsettlement
Predictedsettlementt
PredictedseUlenient

125
119
165

125
150
168

150iii
150

125
151
161

163
183
169

175
146
154

75
113
145

75
135
137

75
102
127

30
105
107

105
125
135

80
83
106

30
104
118

t Full piled raft analysis
Combined pile group and raft

results in terms of measured and analytical pile lods
and settlements are given in Table 5 6 A compari-
son of the results shows quite reasonable agreement
between measured and calculated values, and is cer-
tainly adequate for a method which the authors claim to
be appropriate to the conceptual stage of design Clancy
and Randolph concluded that their approximations
produced useful results for design purposes. Their
methods are simple in application and require low time
and computational resources They recommended that,
where possible, the final design should be checked by a
full piled raft analysis

5.9 Waterproofing basements

The first essential In preparing a scheme for water-
proofing basements is to ensure that the membrane or
other water-excluding bamer is taken up to a sufficient
height Information on ground-water levels obtained
from boreholes is not always a reliable guide to deter-
mining the rest level of the ground water around the
walls of the completed basement For example, the base-
ment may be constructed on a sloping site and so form
a bamer to the seepage of ground water across the site
This will result in a rise in ground-water level on the
uphill side of the structure Borings on a clay site may
show only random seepages of water at depth How-
ever, after completing the basement, water may collect
in the backfilled space around the walls, especially if
the backfilhng has been placed m a loose state The
space may act as a sump for surface water around the
walls, and this water may rise nearly to ground level.

The only satisfactory method of ensuring watertight-
ness in an underground structure below the water table
is to surround it with an impervious membrane This
process is called 'tanking' and adhesive plastic sheeting
(e g. 'Bituthene') or asphalt are the normal materials

used for the membrane An alternative to sheeting or
asphalt is the use of Voiclay panels These are 1 22 x
1 22 m x 5 mm thick fluted cardboard panels The
flutes in the panels are filled with Wyoming bentonite
Panel joints are lapped and staggered When wetted the
bentonite swells and forms a gel which provides a
permanent flexible seal Where there is a free supply of
water to hydrate the Voiclay panels, say by surface or
underground flooding, the swelling pressure exerted by
the bentonite may cause movement or structural dis-
tress to basement walls in situations where the panels
are ngidly confined, for example where they are con-
fined between an existing and a new basement wall. To
deal with this possibility the suppliers of the Volclay
panels recommend the use of pressure relief boards
These consist of 1 22 x 244 m x 10 mm polystyrene
sheets with a moulded cup surface The sheets are placed
against the existing wall and used in conjunction with
Volclay Type IF (Fastseal) panels. These have one rapid
degrading kraftboard face Where they are used consid-
eration should be given to the possibility of generation
of methane gas due to biological decay of the material
(see Section 5 5).

Patentadditives to cement are sold for 'waterproofing'
concrete Some of these are useless, while others may
be satisfactory for a time and then lose their effect.
However, good-quality dense concrete may sometimes
be produced for the only reason that the directions given
by their manufacturers include careful proportiomng
of the matenals and placing and compaction of the
concrete, whereas when normal Portland cement is used
for basement concrete such precautions are not always
followed faithfully

Some engineers believe that tanking of basements
with asphalt is an unnecessary expense It costs some
20 per cent more than an untanked basement, and if
only part of this money is applied to increasing the
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quality of the concrete and to ensuring close supervi-
sion of placing and joint preparation then the resulting
structure will be just as watertight They claim that just
as many cases of leakage occur with tanked basements
as with untanked structures. This may well be true It is
certain that leaks in a tanked basement are much more
difficult to seal because it is impossible to determine
the point of ingress of the water, whereas in an untanked
basement the point of leakages can readily be seen
and sealed.

Although good-quality concrete is to all intents and
purposes impervious, the construction joints are always
a potential source of leakage The joint at the base of
the walls is a particular case as the reinforcement is
nearly always congested at this point Preformed water-
stops at Joints are often ineffective because of the diffi-
culty in compacting the concrete around them The best
types of preformed Joint are those which are placed on
the outside of the structure and lie flat against the soil
or formwork Concrete is placed only against one side of
the Joint strip with less risk of displacing the matenal
or forming voids in the concrete The author would
adopt tanking by plastic sheeting or asphalt to water-
proof a basement in preference to an untanked struc-
ture Imperfections in placing concrete and preparation
of Joints are more likely to occur with the usual stand-
ard of unskilled labour employed than imperfections in
tanking laid by experienced operatives who appreciate
the need for care in details of workmanship

It is not always easy to decide whether the water-
proof membrane should be applied to the outer face of
the structural wall or to the inner face of an external
protecting or backing wall What is certain is that the
membrane is useless on the inner face of the structural
wall Concrete can never be made to be completely
leak-proof, and water pressure transmitted through the
structural wall will readily push off the membrane, form-
ing large water-filled blisters which eventually break,
thus destroying the water-tightness of the tanlung

If the tanking material is applied to the outer face of
the completed structural wall, it can be easily inspected
for imperfections before the protective brick wall is
built Once the wall is in position the tanking cannot be
damaged unless major foundation movement causes
wide cracks in the structure This method of applying
the tanking is preferred if the basement is built in an
excavation with sloping sides where ample room is avail-
able for applying the membrane However, if the method
is used where the retaining wall is constructed in a
trench, the excavation requires to be at least 06 m wider
on the outer face which is wasted excavation and has
to be backfilled Therefore, for economy in trench
excavation costs the alternative method of applying the

membrane to the inner face of the protective wall should
be adopted When placing concrete in the structural
wall great care is necessary in keeping tamping rods,
shovels, or poker vibrators away from the membrane,
otherwise there may be unseen damage to the material
The ground-water lowering pumps should not be shut
down until the structural concrete walls have been con-
creted and have attained their designed strength

Further useful information on waterproofing is given
m the CIRIA report on water resisting basements55

The usual method of waterproofing the underside
of a basement floor slab incorporating a thickening of
the slab for a column base is to carry the membrane
beneath the base On the other hand, the membrane is
usually carried over the top of piled bases When mas-
tic asphalt is not fully confined to prevent extrusion,
gnllages to columns and pile caps should be designed
to limit the pressure on the asphalt to 640 kN/m2 at
normal temperatures

Dealing with leaking basements Waterproofing a
tanked basement which is leaking can be a lengthy,
difficult, and often fruitless task If leaks occur through
imperfections in the tanking, the water creeps between
the membrane and the outer face of the structural wall
or floor and emerges on the inner face The point of
emergence can be a considerable distance away from
the point of leakage in the tanking, making the source
of leakage impossible to trace An inner skin of water-
proofing material to seal off the inflow is, m most cases,
ineffective in a deep basement since the water pressure
merely forces it off the wall, but such measures can be
effective for low heads of water Pressure grouting can
be resorted to and is sometimes effective or partially
effective if undertaken by experienced operators The
grouting should be done from the outside with the aim
of forming an impervious skin of grout outside the tank-
ing and forcing the latter into closer contact with the
structural wall If grouting is camed out on the inside
of the tanking the pressure used to inject the cement may
cause the membrane to burst outwards, thus worsening
the situation

In the case of thick walls and floor slabs some suc-
cess may be achieved by injecting fluid chemical or
resinous grouts directly into the cracks to seal them If
grouting fails the only remedy (other than reconstruct-
ing the basement) is to try and tap the source of water
by chases and conduits and lead it to a pumping sump or,
if surface water drains exist at a suitable level outside
the basement, a drainage layer can be provided at the
back of the wall connected to the piped drainage sys-
tem Even if this drainage layer cannot extend to the
full depth of the wall it is often of value in reducing the
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head causing seepage into the basement From this bnef
account of the difficulties in stoppmg leaks it is obvious
that every care must be taken with the tanlung during
construction of the basement. Careful mspection of every
stage of the work will be amply repaid

5.10 Worked example of basement
retaining wall

Using the four methods descnbed in Section 5 7 1 de-
termine the required embedment depth for the two stages
of diaphragm wall construction shown in Fig 5.45
Check the required depth by the BS 8002 method

The embedment depth will be governed by the forces
at the propped stage These will be calculated first and
checked for the cantilever stage.

Wall friction on active side =6= . ' = 24° m
gravel and 16° in clay

Wall friction on passive side = = 12° in clay
From Fig 5 28(a), K, = 0.19 in gravel and 0335

m clay
From Fig 5 28(b), K = 3 1 in clay

Pressure diagrams for methods 1—3 (Table 5 2) are
shown in Fig 546. Table 5 7 shows the calculations to
determine safety factors for trial embedment depths of
60 and 90 m

Plotting the safety factors for the two embedment
depths in Fig 547, a factor of safety of umty is given
by a d0 of 45 m For method 1 this depth is increased
by the factor Fd = 1 2—1 6 for permanent works
(Table 5 2) Hence the required embedment depth is

Figure 5.46 (a) Soil pressures (b) Water pressures (no seepage)

________ Final excavation
leveU.. —
4OVCWL

j Moderately conservative soil
parameters, insandygravel c'=O

I y=2ikN/m3
in stiffclay c'=O

(b) y 20 kN/ni3

Figure 5.45 (a) Cantilevered stage (b) Propped stage

1.2x4.5 =54mto 16x45=72m,butmethod3
governs the depth

Checking by method 2 (strength factor) and taking
the partial factor for strength F, = 1 5, this gives

Diaphram
wall

40

0 GL

Sandy

Stiff
clay

0

GWL
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I-
Sandy
gravel

t2
Clay

I-

0

(a) (b)
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Table 5.7 Calculation of factor of safety for the two embedment depths Take a trial depth of 60 m for d, and take moments about
the prop

Force (kN/m) Lever ann (m) Moment (kNm/m)

fxo19x21x32= 180 LA, 10 MAI 180x10= 180
'3M fx019x(21x3+74)x10= 130 L,4 367 MA2 l30x367= 477
"Ai 4-x0335x(74-s-154)x80= 3055 L,3 +(2÷6)4-3=70 MM 3055x70= 21385
WA 4x10x92= 4050 LWA *(3+6H-2=80 MWA 4050x80= 32400

T0taIPA= 7415 TotalMA= 54442
+ x3 Ix 10x62= 5580 L 4. x6÷5=90 Af 5580x90= 50220

+x10x62= 1800 L,,,. 90 180x90= 16200
TotalP= 7380 Tota1M= 66420

66420
Factor of safety = = 1 2, which is insufficient54422 —
Take a second tnal depth of 90

Force (kNIm) Lever arm (m) Moment (kNm/m)

'2AI 180 LA, 10 MA, 180
'A2 130 LM 367 MM 477

'Ai fx0335x(74+184)xIIO= 4754 LA f(2÷9)-i-3=85 MM 4755x85= 40409

WA +x10x122=292 LWA 4.(3-i-9)+2= 100 MWA 7200x100= 72000

Total PA= 12264 Total MA= 113066

+x31x10x92=12555 L 4.x9+5=I10 !vf 12555x110=138105

+xI0x92=j9 110 M,,,,. 4050x1l0= 44550

Tota1P= 16605 TotalM= 182655

182655
Factor of safety = =

113066

This satisfies the requirement in Table 5 2 for f o s between 1 5 and 20, where 4 is between 20 and 30° or 20 forQ'> 30°

4? = tan' (tan 39°/I 5) = 28° in sandy gravel and
tan (tan 24°/i 5) = 16 5° in clay.

& = 2/i x 28° = 19° in gravel and 11° in clay
FromFig 528(a), K=0 31 m gravel and 051 in clay
From Fig. 5 28(b), K =2 2 in clay

For a depth d0 of 90 m

kNm/m
294,
778,

6 151 8,
= 7200.0,

TotalMA= 134590,
15

M,, =12555x22/31x110 = 98010,
= 44550,

Total M= 142560,

20 -

15

10

05 -

0

Figure 5.47

5 10
Embedment depth. d (m)

Mq,=I8OX03l/Oi9XlO =
M=130x0.3l/0l9x367 =
M, =4754x051/0335x85=
MWA
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0

Figure 5.48 (a) Soil pressures (b) Net water pressures

Restormg moment/overturning moment =14 256/13 459
= 11 (satisfactory)

Checking by method 4, the pressure diagrams are
shown in Fig 548

For simplicity assume ground-water level is at 4 m
for calculating soil pressures

'AI fx019x21x42
P= fx0335x(84+104)x2
P=0335x(84+20)x9 = 3136,
P = 4x31x10x92—+x0335x10x92

= 11198,
= + x 10 x 32 = 450,

P2 = ÷ x 10 x 3 x 9

Taking moments about prop,

1119 8 x 11F= =29319x167+630x50+3136 —
x85+45x40+135

Summanzing the above calculations, an embedment
depth of 90 m provides the following safety factors,

Method 1, >1 6,
Method 2, 11,
Method 3, 1.6,
Method 4, 29.

The embedment depth can be checked by the BS
8002 method To allow for over-dig on the passive side,
d0 in Fig 545 becomes9O—05=85m Assume the
moderately conservative soil parameters in Fig 5 45 are
representative values according to BS 8002 Applying
the mobilization factors from Table 5 3, assume in
sandy gravel to be 34°

tan 24°
In clay • = tan' 2 J

= 20°

In clay 8 = taif' (075 tan 20°)= 15°, or x 24° =
16° (take 15°, which is less tan 4,, for a plastic
clay)

In gravel for &4' = 26/34 = 076, and ' = 34°,
Ka = 024

In clay for 8/tb' = 15/20 = 075, and 4' = 20°,
Ka 0 44, K 27

A surcharge of 10 kN/m2 (unfactored) is applied to the
surface of the retained soil

Taking moments about the prop

0 00

727

33 7
(a) (b)

kN/m
= 319, 1tan39°
= 63 0, In gravel 4): = taif' 1 2 )

=

= 1350 Ingravel 8=taif'(075tan34°)=27°,or+x39°=
26° (less than 4,)



This edition is reproduced by permission of Pearson Educational Limited

Worked example of basement retaining wall 221

Force (kN/m) Lever arm (m) Moment (kNm/m)

P1 +x024xU0+21)x32= 335 L 10 M1 335x10= 335

P2 +x024x(10÷21x3+74)x1.0= 176 LA2 367 M,, 176x367= 646

+x044x(10÷74+184)x110= 6486 LM +(85+2)÷3= 825 M,3 6486x825= 53510
PWA JQQ +(85+2)-I-2= 90 Mv,, 720x90= 64800

TotalPA=l4l97 TotalMA=119291' +x27x10x852= 9754 L1. fx85+5.5=1117 9754x1117=108952
P, +x10x852= 3612

TotalP=13666
L, 1117 3612x1117= 40346

TotalM=149298

149298
Factor of safety = = 1 3 (satisfactoiy)

11929 1

00

Figure 5.49 (a) Soil pressures (b) Water pressures

Stage 1 m the construction, when the wall is
cantilevered, can be checked usmg unfactored soil
strength parameters (CIRIA Method 1) At 90 m em-
bedment (Fig 549),

Passive resistance from clay = x 3.1 x 10 x 112

=18755kN1m.
Water pressure on passive side = x 10 x 112

Taking moments about toe of wall,

= 605.0 kN/m.

Overturnmgmoment= 18.Ox 130+ 130x 1133
+ 475 4 x 5.5 + 720 Ox 4.0

=58760kNm/m

Restoring moment = 1875 5 x 3 67 + 6050 x 3.67
=9lO34kNm/m

Factor of safety =9103.4/58760=j (satisfactory)
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6.1 Introduction

The previous two chapters have been concerned mauily
with building foundations where loadings are usually
governed by architectural considerations such as the
number of storeys in a building, the need or otherwise
for a basement, and the spacing of columns in the
superstructure These constraints give the engmeer
httle choice of foundation types which can be strip foun-
dations for low-rise buildings or individual bases for
framed structures. The ground conditions may require
some form of piling. In contrast the bridge engineer
has a much wider choice m foundation design and can
often dictate the magmtude of foundation loading by
choosing the span length to suit the topographical and
geological conditions A longstanding general rule is to
proportion the span length so that the cost of the founda-
tions roughly balances the cost of the superstructure of
the bridge

Usually the bndge engineer has httle opportunity to
choose the location of the structure to take advantage
of good ground conditions Highway or rail bridges
are located to suit connections with existing roads or
railways, and the sites of over-water bridges are chosen
to give the shortest length of crossing or, in the case of
meandering rivers, to locations where the waterway has
been stabilized by natural or man-made features

Foundation loadings for bridges are of a very differ-
ent character from buildings Imposed loads can be
dominant and can be as much as half the dead load on
highway bridges and two-thirds of the dead load for
railway bridges Imposed loadings from traffic are
moving loads and can exert considerable longitudinal
traction forces on the bridge deck Longitudinal forces
are also caused by shnnkage and temperature changes
in the bridge deck, while transverse forces can be caused
by wind loadings, and by current drag, wave forces,

US

and ship collisions in the case of river or estuary cross-
ings Earthquake forces can be transmitted by the ground
to bridge supports from any direction, and these can be
critical for high-level structures or for piers in deep
water where the mass of the displaced water must be
added to that of the pier body In addition to working
loads from traffic, there can be rapid application of load
to the foundations at the construction stage, for example
when complete spans are assembled at ground level
and lifted or rolled into place on to the piers

Bridges with continuous spans can be sensitive to the
effects of differential settlements between the founda-
tions In addition the calculated total and differential
settlements must be considered in relation to the riding
quality of the road surface Critical points are the junc-
tion between the bridge and embanked approaches and
joints between fixed and link spans

6.2 Code of Practice requirements

In British practice bridge design is governed by BS
5400 Steel, Concrete and Composite Bndges This
standard is written in limit state forms and defines load
and resistances to loads in the following terms.

Design load = = YILQ&'

where Qk is the nominal load

= function (''W

(61)

(62)

The partial factor yfLtakes account of the unfavourable
deviation of loads from their nominal values, and y
takes account of the reduced probability that various
loadings acting together will attain their nominal values
simultaneously

Design load effects are stress resultants in a structure
from its response to loading
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Design load effect =S =y x (effects of Q*),

= X (effects of YILQk)'

where Tf is a factor that takes into account inaccurate
assessment of the effects of loading, unforeseen stress
distribution in structures and variations in the dimen-
sional inaccuracy achieved during construction

The design resistance R* = function ---
(7m2) (?,,u)

(65)
For a design to be satisfactory R* must be equal to or
greater than 5*• BS 5400 gives values of 7,Land7for
various types of loading and load combinations The
values of y and 7m2are those given in the appropriate
structure design codes

BS 5400 dismisses foundation design in a few lines,
merely stating that the foundations should be designed
to BS 8004 using nominal loads as design loads (i e
with TJL and y, taken as unity) This is unsatisfactory
The two codes are of course incompatible, and it can
often result in mappropnate and uneconomical designs
for the bridge as a whole The tendency is for the bridge
engineer to design the superstructure and then to pass
on the responsibility for foundation design to a geo-
technical engineer who may belong to a quite separate
orgamzation and who has had no previous contact with
the superstructure designer, as discussed in the follow-
ing section

6.3 Bridges on land

6.3.1 Bridge types and settlement effects

Single spans for bridges crossing minor roads or
railways are supported by their abutments which are
required to carry lateral pressures from the soil retained

behind them in addition to the vertical and horizontal
forces from the deck (Fig 6.1(a)) Portal frames (Fig

'64' 6 1(b)) and box structures (Fig 6 1(c)) can also be
used for these small span structures. Portal frame bndges
(sometimes referred to as continuous bridges) are not
usually economical compared with simply supported
beams spanning between abutments because they are
sensitive to small differential settlements of the founda-
tions which can induce bending moments at the Junc-
tion between the deck and the upstand wall Where the
structure is long in a direction transverse to the span,
e.g a drainage structure beneath a dual camageway, a
box-type structure can be economical because the side
walls and deck can be constructed simultaneously by
travelling formwork riding on the completed base slab

Bridges crossing dual-camageway roads are usually
designed either as a two-span structure with a central
pier and conventional abutments (Fig 62(a)) or with
four spans supported by three piers and spill-through
abutments (Fig 62(b)) The spill-through abutment has
the advantage of mimnnzmg the earth pressure force
to be camed by the abutment structure The two main
spans are usually designed to be continuous over the
three supporting piers requiring care to avoid excessive
differential settlement between them

Arch bndges (Fig 63(a)) or continuous girder bndges
with inclined colunms (Fig 6 3(b)) impose an inclined
thrust on the abutments when relatively unyielding soil
or rock support is required They can be economical
types for deep rock cuttings, and are often preferred to
slab-and-beam bridges for aesthetic reasons

Multi-span viaducts are almost umversally designed
as continuous girder spans with link spans in reinforced
concrete or steel and with reinforced concrete piers

Because of the heavy moving loads on highway and
rail bridges, foundation settlements are more cntical to
the design of the superstructure than is the case with
buildings Hambly states that foundations for simply-

(c)

Figure 6.1 Shallow foundations for single-span bndges (a) With conventional abutments (b) Portal frame (c) Box-section

(6.3)

Simply supported span

Strip foundation or
pads to separate frames

(a) (b)

Continuous slab
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Bank seat
abutment

1lgure 6.2 Shallow foundation for bridges (a) With conventional abutments (b) With spill-through abutments
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Abutment

Abutment carries
unequal horizontal thrust

(a)

Figure 63 Bndges with inclined thrust on abutments (a) Fixed arch (b) Continuous girder with inclined columns

supported structures are frequently designed for dif-
ferential settlements of the order of 1 in 800 which
corresponds to 25 mm on a 20 m span. In reasonably
homogeneous soil conditions differential settlements
between adjacent foundations are often assumed to be
half the total settlement, thus a total settlement of about
50 mm would be permissible In the case of continuous
deck bndges Hambly states that the 1 m 800 cntenon
is applied by some designers, but others expect the
movement to be controlled to 1 in 4000(5 mm on a 20 m

span). Differential settlements of the order of 1 m 800
in a continuous deck are required to be treated as a load
producing bending moments m the superstructure This
adds to the cost of the structure, but it should also be
noted that imutation of total settlement to 5—10mm is
difficult to achieve with spread foundations on soils of
moderate to low compressibility such as medium—dense
to dense sands, stiff clay, or weak rocks. Even if spread
foundations are taken down through weak soils to less
compressible soils at depth, the problems of heave of

(a)

Joint Span continuous over/ central support

Continuous strip or pad
foundations

(b)

v&6

(b)
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the underlying soil due to relief of overburden pressure
and subsequent reconsohdation need to be considered
Hence the designer is often forced to adopt piled founda-
tions to reduce settlements to tolerable limits However,
the adoption of piling should be avoided, if reasonably
practicable, for the following reasons

(a) Spread foundations are cheaper than piled founda-
tions unless there are problems with excavations,
such as inflow of ground water.

(b) The occurrence of honzontal loads on the founda-
tions from various causes may require the use of
ralung piles with additional costs and construction
difficulties (see Section 7 17)

(c) In main highway construction the deployment of
bulky mechanical plant for installing piled founda-
tions to bridges can cause disruption to the earth-
moving programme if the piling is undertaken
before the earthworks, or to the paving operation if
undertaken at a later stage (see Sections 6 3.2 and
6.3 3)

(d) Railway authorities impose severe restrictions on the
operation of mechanical plant close to their running
lines particularly if there is overhead electrification
Piling close to the track may be restncted to periods
of weekend possession

(e) Problems of various kinds can occur m pthng works
causing delays and additional costs The problems
seem to be more frequent than those involving the
relatively simple operations for constructing shallow
spread foundations

Before yielding to the necessity of using piles the
foundation engineer should look critically at all com-
ponents of the total load It was stated in Chapter 2 that
much of the settlements of foundations on sands and
gravels take place munediately as the loads are applied
Hence most of the settlements due to the weight of the
piers are likely to be complete before the superstructure
is commenced Where the deck and supporting girders
consist of assemblies of prefabncated elements built
out from the piers, much of the settlement from the
superstructure dead load may have taken place before
the final stressing of the main reinforcement is applied
On the other hand, where the deck is constructed in situ
on temporary supports, nearly all the dead load is applied
to the foundations as the supports are removed

In the case of spread foundations on stiff over-
consolidated clays, Chapter 2 states that the immediate
settlement is about half the total, which gives scope for
considenng the effect of the construction programme
on the amount of total and differential settlement at
each stage of construction. The likely duration of the
maximum traffic loading on the bridge spans should

also be considered Finally, long-term settlements due
to slow consolidation of soils or creep in rocks may
be capable of being accommodated by creep in the
reinforced concrete or steel superstructure

6.3.2 Foundations for piers

The foundations of mtermediate piers for bndges on
land are required to withstand forces from the follow-
ing causes

Dead load from self-weight of pier
Dead load from beams, deck, pavings and services
Imposed loads from traffic in various combinations

of loaded and unloaded spans
Traction forces from traffic, longitudinal to bndge

axis
Longitudmal forces at top of pier from effects of

shrinkage, temperature and creep in
superstructure

Longitudinal and transverse forces from winds and
earthquakes

Vertical forces from earthquakes
Unequal honzontal earth pressure (for piers on

sloping ground, or from surcharge loading by an
adjacent embankment)

Impact from vehicle collision

As an example, loadings on the piers of a dual two-
lane viaduct approach to an over-water bridge are shown
in Fig 64 It will be noted that the unfactored imposed
load is about 20 per cent of the total load on the founda-
tions of the piers supporting the 40 m spans A large
earthquake force at the top of the pier transverse to the
bridge axis necessitates a combined 20 x 4 m strip foun-
dation for each pier supporting the dual camageway
structure The 2 m deep strip is underlain by medium—
dense silty clayey sands and sandy gravels, followed
by dense sandy gravel (Fig 64) The calculated settle-
ments at various stages of construction and during
the service life of the bridge are shown in Fig 65 The
feasibility of imuting the differential settlement of the
bndge deck is made possible in this case by obtaining
detailed information on the variations in soil density at
a number of points along the viaduct location, and by
precise levelling of the piers and bearings at intervals
during construction With the knowledge that pier B
had settled by 8 mm while only 50 per cent complete,
compared with a final settlement of 1 mm after com-
pleting pier A, the bearing on pier B is set 10 mm high
after completing the pier Then by the time that the
balanced cantilevers over both piers are finished, at stage
4, the differential settlement between the bridge bearings
is 20 mm compared with 30 mm between piers The



two adjacent cantilevers are stressed together at this
stage After this only the dead load of the deck in the
short term and the dead and imposed load in the long
term cause differential settlement of the combined deck
and girders between the bearings In the short term this
differential movement is calculated to be 15 mm (stage
5) and in the long term it is 25 mm (stage 6) compared
with a final differential settlement between the pier foun-
dations of 60 mm The final differential settlement of
the deck represents an angular distortion of 1 in 1600
which might be accommodated by creep in the super-
structure of a reinforced concrete bridge

It should be noted that the total and differential
settlements were calculated by the method of Burland
and Burbidge62 which gives a much wider difference
between the average and minimum settlements than
between the average and maximum (see Section 265
and Fig 226) In this example the average long-term
settlement is only 30 mm This illustrates the difficulty
of making precise forecasts of settlement in variable
soil conditions, but by working through the stages of
construction the bndge designer can obtain a reasonably
close estimate of the maximum differential settlement
which will be experienced in the bridge spans over the
life of the structure

The procedure for minimizing differential settlement
is greatly simplified if it is possible to jack the girders

and adjust the bearings to level before stressmg them
together

Where compressible soil conditions require the adop-
tion of piled foundations the honzontal forces in direc-
tions parallel and transverse to the bndge axis are best
resisted by a fan of raking piles (Fig 66(a)) Hambly61
stated that a group of vertical piles with rakers only in
the outside rows (Fig 66(b)) can result in dishing at the
centre of the pile cap and hence transfer of load to the
outer rakers which could cause the latter to fail Bored
piles are very difficult, and in some cases impossible,
to install on the rake Consequently, driven displace-
ment piles are used provided that considerations of noise
levels or the effects of soil displacement do not prohibit
their use

Figure 67 shows an arrangement of vertical bored
piles to support the pier loadings shown in Fig 6.4 for
a case where weak soil conditions exist at a shallow
depth The wide spacing of the two groups of three
piles is required to resist the large overturning force

6.3.3 Abutments

Conventional abutments of the type shown as Fig 6 1(a)
are designed as simple retaining walls resisting hori-
zontal pressures from the embankment fill or natural
soil on the back of the wall, the vertical load due to
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Figure 6.4 Spread foundations for viaduct piers for dual two-lane highway
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Pier A

m

]I[irmm
Densest soul

Stage1 Pier A completed, pier base settled 1 mm, bridge bearing set.
Pier B 50% complete, pier base settled 4mm

Stage 2 Balanced cantilever over pier A 50% complete, pier base settled 4mm (total)
Pier B completed, pier base settled 8 mm. bridge bearing set 10mm above bearing A

Pier B

Loosest soil I

Stage 3 Balanced cantilever over pier A completed, pier base settled 6 mm (shoit term) Balanced cantilever over pier B 50% complete
pier base settled 20mm

Stage 4 Pier base A and bridge bearing settled 8mm. Balanced cantilever B completed Pier base settled 30mm, differential settlement
between ends of cantilevers 12 mm

-

Stage 5 Deck constructed from pier A to pier B Pier base A settled 10 mm, pier base B settled 40 mm Differential settlement between
bndge bearings 20mm (1 in 2000) Differential settlement of deck between pier A and pier B is 15mm (i in 2700)

Stage 6 Long-term dead load of bridge with allowance for long-term imposed load Deck above pier base A and pier base settlement is
15 mm Deck above pier base B settlement is 40 mm (total) Differential settlement of deck from A to B is 25 mm (1 in 1600)
Final settlement of pier base B is 75 mm

Figure 6.5 Total and differential settlements of continuous gialer bridge during construction and in long term
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I ftBeanng
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Figure 6.7 Arrangement of bored piles for viaduct pier

skin friction on the back of the abutment (or the weight
of soil above the base slab), the vertical load from the
bridge span, and the horizontal load from the bndge
span transnutted through the bearings. The effect of
friction on the back of an abutment retaining wall in
reducmg the active soil pressure is sometimes ignored
when producmg a conservative design, but the dragdown
force should not be overlooked when considenng ver-
tical forces on the abutment

Where an abutment is founded on compressible
soil, settlements will occur due to the vertical forces
(Fig 68(a)) Conversely, if the bridge is m a cutting
there may be uplift movement due to soil swelling

(b)

Figure 6.8 Movementof a bridge abutment (a) Due to
embankment loading (b) Due to soil swelling in cutting

(Fig 68(b)) In both cases there is the tendency to
backward rotation of the abutment

Earth pressure is calculated in the same way as de-
scribed for basement retainmg walls in Section 57,with
the important difference that there is little or no perma-
nent restraint to honzontal movement of the top of the
wall Therefore active earth pressures apply with con-
siderable additional pressure near the top of the wall
due to heavy compaction of the wedge of fill material
between the previously placed embankment and the back
of the abutment

The amount of rotation of the top of the wall should
be calculated from a knowledge of the magmtude of

Transverse to centre line Longitudinal to
of bndge centre line

(a)

(b)

Soil consolidating

Figure 6.6 Arrangement of ralung piles for bridge pier
(a) Preferred arrangement (b) Unsatisfactory arrangement

(a)

I—

Uplift
force

Cutting

/
3n0600mmbored
piles at 20 m centres

Transverse to centre line of viaduct

--I- / CL
swelling
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Figure 6.9 Bndge abutment supported by raking piles

vertical and horizontal forces and the compressibility
of the soil beneath the base of the wall Allowance for
the rotation should be made in determining the setting
of the bearings

Piled foundations may be needed for the conditions
in Fig 6 8(a), or to restrict the forward rotation of
high retaining walls Ralung piles (Fig 69) provide the
most efficient arrangement for resisting the vertical and
horizontal forces The varying angle of rake shown
in Fig 69 avoids the risks of excessive loading on a
single outer row of rakers in combination with vertical
piles directly beneath the wall Where the rakers are
bearing on rock or other unyielding material, the base
of the abutment is virtually fixed against honzontal
movement Therefore a rigid type of wall should be
designed for at rest (K0) earth pressures, or higher to
take account of the effects of compaction Lateral pres-
sures induced by the filling behind the abutment are
exerted on the supporting piles where these pass through
weak soils Methods of calculating the honzontal forces
on the piles are given in the following section

Symons and Clayton63 have described the results of
research on the effect of compaction on earth pressures
induced on backfilled retaining walls Where walls are
backfilled with free-draining granular soils the distribu-
tion of earth pressure is appreciably higher in the upper
levels than that given by the normal distribution of

active pressure with depth below the top of the wall The
magnitude of the additional pressure can be calculated
on the assumption that the roller acts as an infinitely
long line load surcharge

Granular fill is becoming increasingly scarce in the
UK and increasing attention is being given to the use
of clay backfill If the moisture content of the clay is
appreciably wet of the optimum, the horizontal earth
pressure due to excess pore pressure induced by com-
paction will be a maximum on completion of filhng,
and will reduce as the pore pressures dissipate When
the clay is on the dry side swelling will take place after
completion with swelling pressures approaching the
passive state Symons and Clayton report total horizontal
pressures of up to 20 and 40 per cent of the undrained
shear strength of medium and high plasticity clays
respectively They state that if swelling is to be avoided
the moisture content of a high-plasticity clay will need
to be such that the material will be barely trafficable by
the compaction plant

Wing walls to conventional abutments can cause dif-
ficult problems in foundation design because bearing
pressures on shallow strip foundations vary from a maxi-
mum at the Junction with the abutment to near zero at
the extremity of the wing If a joint is provided between
the abutment and wing wall the differential settlement
can cause inward movement at the top of the wall and
consequent binding and spalhng between the two com-
ponents Wing walls can be designed to cantilever from
the abutments in a direction either parallel to or at nght
angles to the face of the abutment The latter arrange-
ment simplifies the foundation design, but can lead to
unbalanced forces on the abutment foundations which
may require temporary propping of the wing walls at
the construction stage Problems of differential settle-
ment between abutments and wing walls can be avoided
by constructing the latter from reinforced earth with
suitable facing panels, or from precast concrete crib
elements

8.3.4 Spifi-through abutments

It was noted in Section 63 1 that one of the advantages
of the spill-through abutment was in the reduction in
earth pressure to be camed by the structure compared
with the conventional abutment retaining the full
height of the soil behind it Hambly6' has described
four methods of calculating the earth pressure on piers
buried within the embankment (Fig 6 10) hsted below
in order of magnitude of the pressure

(1) No lateral pressure on piers buried in a stable
embankment with a slope of 1 in 2 or shallower

Horizontal pressure p
induced by
surcharge pressure q

Spread of load

,Stff layer -:
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(2) Piers designed for active pressure immediately
behind them plus an arbitrary additional allowance
of up to 100 per cent (the Chettoe and Adams
method6 4)

(3) No reduction from full active pressure over the gross
width if the openings are less than twice the width
of the piers, and the fill in front of the wall shall not
be considered as providing resistance greater than
active, with reduction due to the descending slope
taken into account (the Huntington method65)

(4) Full active pressure over the gross width

The problem of assessing the magnitude of earth pres-
sure is discussed in the Institution of Structural Engm-
eers' report on Soil—Structure Interaction66 The report
points out that if there is backward rotation of the pier
due to differential settlement of the base slab then the
earth pressure behind the pier could approach the passive
condition The report discussed research on the prob-
lem at Cambridge University by Ah Teck67 resulting in
the denvation of the earth pressure coefficient on the
down-slope side from the expression

K — cos'cos(45° + 'I2)'
[tan (45° + 4'12) + tan ]sin (45° ÷ 34)'/2)

The distributions of pressure on either side of a single
pier or on any row of piers are shown in Fig 6 10 The
range of values of the earth pressure coefficient K is
given as

Maximum K = Km, where 0 x d12,

= Km — K[(xId — +)'3 5]2/3

whered/2xE4d (68)
Minimum K = K, where x 4d (69)

In the above equations d is the diameter or width of the
pier and x is the distance from the centre of the pier

The honzontal stress distribution on the pile is
given by

On the embankment side, ah= Kyz, (6 10)

On the downslope side, CYb = K'( (6 11)

The expression for the net force W on the pier is
given as

W = (Km — Ks)Yh3[! — 0 164(. l)] (6 12)

where s is the spacing between centres of the piers and
h is the depth of fill at the piers Where rid is greater
than 8 the expression becomes

W=38(Km_KJi_• (613)

Equations (6 7)—(6 13) were derived from centrifuge
model studies where the maximum value of the coeffici-
ent Km was taken as the at-rest value (K0). A higher value
might result from heavy compaction of embankment
fill matenal behind the piers

It was noted in the preceding Section 633 that lateral
forces are exerted on those portions of pile shafts sup-
porting a bridge abutment where they pass through a
layer of weak defonnable soil The lateral forces are
induced by the surcharge pressure of the fill material
behind the abutment (Fig 69) Lateral pressures are
similarly exerted on the piles supporting the bank seat
of a spill-through abutment (Fig 6 11) and also on the
piles at or beyond the toe of the embankment where
these piles support a bridge pier Where the embank-
ment is placed on a soft deformable soil, such as a soft
clay, some spreading within the soft layer occurs due
to surcharge pressure from the fill material If the
embankment overstresses the soft layer the latter will
flow and the embankment will collapse This represents
the ultimate hmit state for the bridge approach At the
stage of flow of the soft layer it will pass between the

(6 6) piles, assuming the latter do not fall in bending or shear
Where the surcharge pressure is low or the thickness of
soft clay is small, the total force exerted on the piles
will be small because the pile and soil move elastically
together with little or no relative displacement between
them In the intermediate stage between the elastic and

(67) the failure condition, that is, in the elasto-plastic phase,

Downslope slide

Figure 6.10 Earth pressure distribution on piers buried in
soil slope
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Equivalent uniform surcharge
pressure q

3-
Softlayer

3-
p=1O5c3-i-

Figure 6.11 Limiting honzontal pressure on a pile in soft clay
subjected to unsymmetrical suitharge loading

there will be appreciable relative movement between
the soft clay and the piles with pressure developed on
the piles equivalent to the passive case The heads
of the piles will deflect and the movement may be suf-
ficient to displace the bridge span bearings when the
serviceabihty hnut of the system will have been reached
even though the piles have not failed m bendmg or
shear

Irrespective of the size of the piles or their centre-to-
centre spacmg the unit lateral pressure on any portion
of the pile shaft will not exceed the ultimate resistance
of the clay to relative movement with the pile This has
been shown by Poulos and Davis68 to be given by the
equation

Limit pressure = p = 10.5cc

The above equation gives an upper bound to the lateral
force on the pile, and if this pressure is assumed to
act over the whole thickness of the soft clay layer
(Fig 6 11) it will give a safe but conservative value for

determining the required resistance of the pile by the
methods described in Sections 7 16 and? 18 However,
this approach takes no account of the effect of the slop-
ing face of the embankment, the spacing of the piles, or
the relative movement between pile and soil in reduc-
mg the overall force

De Beer and Wallays69 have established a simple
empirical method of calculating the average lateral pres-
sure on the pile due to adjacent unsymmetrical sur-
charge loading and for drained (c' = 0) conditions m the
soil around the pile shaft The surcharge is represented
by a fictitious fill of height H with a sloping-front face
as shown for three arrangements of piles and embank-
ment loading in Figs 6 12(a)—(c) The height of Hf is
given by

Hr=HXjj (615)

where 'y is the density of the fill in tonnes per cubic
metre

The fictitious fill is assumed to slope at an angle a
which is drawn by one of the methods shown in Figs
6 12(a)—(c) depending on the location of the surcharge
relative to the piles The lateral pressure on the piles is
then given by

p=fq, (616)

where f is a reduction factor given by

and where q is the surcharge pressure for the height Hf
and $' is the effective angle of shearing resistance of
the soil applying pressure to the pile

Figure 6.12 Calculation of lateral pressure on vertical piles due to unsymmetrical surcharge loading (after Dc Beer and WalIays69)

Stiff layer

(614) 1= (6 17)
90— 44"

(a) (b) (c)



This edition is reproduced by permission of Pearson Educational Limited

Bridges on land 233

Figure 6.13 The effect of unsymmetrical surcharge loading on a vertical pile with a free head driven through soft deformable soil
into a stiff layer (after Spnngman and Bolton6 10) (a) Lateral pressum distribution (b) Relative soil/pile movement (c) Shear
modulus profile

if 3G d d O.7lGmdhl
Pm=/[f-+ El

(a) (b) (c)

It should be noted that when a is less than or equal to
4?/2 the lateral pressure becomes negligible De Beer
and Wallays point out that the method is very approxi-
mate It should not be used to obtain the variation m
bending moments down the pile shaft, but only to obtain
the maximum moment. Also the calculation method
cannot be used if the safety factor for conditions of
overall stability of the surcharge load is less than 1 6.

Spnngman and Bolton6 10 made an extensive study of
the problem as part of a research contract with the
UK Department of Transport They used finite element
analyses correlated with model experiments in a centri-
fuge to establish the pressure distribution down the shafts
of a row of piles subjected to the one-sided surcharge
pressure from an embankment where the piles extend
through a weak deformable soil, such as a soft clay,
into a stiffer but yielding stratum In the case of the
free-head pile, pressure at the head is low because
the head is free to yield laterally as the soft clay tends
to spread under the surcharge loading Further down the
pile there is less movement because of the lesser height
above the point of fixity within the stiff stratum Hence
there is relative movement between the soft clay and
the pile with increase in pressure on the pile surface At
deeper levels friction at the interface between the soft

clay and the stiff stratum prevents significant move-
ment of the former, and this combined with yielding of
the portion of the pile embedded in the stiff clay results
in the pile tending to push into the soft clay, thus re-
versing the direction of thrust on the pile

The pressure distribution on a free-head pile can be
idealized by the diagram in Fig 6 13 The low pressure
at the pile head is given by the equation

p = GocPmIGm, (6 18)

where

Gm, = shear modulus of the soil at the level of the
pile head (Fig 6 13(c)),

Gm = shear modulus of the soil at a depth of half
the height h over which pressure is applied by
the soft clay,

p,,, = the mean pressure

Over the height h the pressure distribution is parabohc
with a mean pressure given by the equation below
derived by Bolton et a16"

(6 19)
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where

Gm and h are defined as above,
G, = reduced shear modulus around the pile,
q = equivalent surcharge pressure,
d = pile diameter,
s = pile spacing centre to centre along the row

parallel to the abutment,
E = Young's modulus of the pile matenal,
I = moment of inertia of the pile section.

Values for Gm/Gr may be taken as 1.5—2 for driven
piles and 2.5—3 for bored piles respectively

The maximum pressure is given by

p'm = 1.5pm

Where there is a cap at the pile head which prevents
relative movement with the soil there is no lateral pres-
sure on the pile unless settlement of the soft clay layer
causes it to sink below the underside of the cap

It then remains to denve the height h, over which
there is no pressure on the lower part of the pile from
the expression

1 dl =
L2 Si 128Gm

1- + -1F + -
Ld dJLh jLd d dJ

where E is the equivalent Young's modulus of a solid
pile, and 4 is the eqwvalent length of the pile which
can be treated as being supported by the pile within the
stiff stratum and is given by

4 0 341.. (6 22)

for a soil with a constant shear modulus with the stiff
stratum, and

4 0.51 (6 23)

where the shear module increases linearly from zero at
the stiff clay surface

The length 4 is the critical length over which the
loading effects are relevant. It is dependent on the
equivalent Young's modulus E and the shear modulus
of the soil, and is denved from an expression given in
Section 7 17 2

To avoid the need for iteration in using equation
(621) to obtain h, Sprmgman and Bolton61° derived
charts for the non-dimensional groups sid, EpIGm, h,/d,
and 41d as given m Fig 6.14(a)—(c). A computer pro-
gram based on the results of the research was written
under the name SIMPLE which is licensed to the
Cambridge Umversity Engineenng Department The

program covers surcharge loading to a smgle row or
two rows of piles, a single 'long' flexible vertical pile,
or two such piles with a ngid cap The output includes
the pile head deflections and the distribution of bendmg
moments along the pile shaft The SLAP program also
written at Cambridge University covers the case of the
single or single row of vertical free-head piles

Springman and Bolton recommend that the embank-
ment—pile—soil system should be designed to ensure
that it lies within the pseudo-elastic zone of an inter-
action diagram where Pm1u is plotted against q/c
(Fig 6.15) The upper limit of the ordinate is the stage
where plastic flow takes place around the piles (equation
(6 14)) The limit on the abscissa at q = (2 + 1t)C rep-

(620) resents the failure of the embankment on the soft layer
To avoid excessive deformation from this cause it is
recommended that the embankment should have a safety
factor of 1 5 against collapse Elastic behaviour as de-
scnbed by equation (6 19) is represented by the limits
hid = 4—10. For larger values of hid the soil tends to
yield around the pile before general yield of the soil
mass as the embankment loading is increased

It is emphasized that in considenng the overall
stability problem the higher range of values of Cshould
be used to obtain the likely maximum lateral pressure
on the pile, whereas the lower range would be used to

621
obtain the limiting height of the embankment

Where the spill-through abutment is in the form of a
bank seat at the top of a cutting (Fig 62(b)) differen-
tial settlement between the abutment and the adjacent
pier results from the likely greater settlement of the
more heavily loaded pier foundation The side span is
jointed to accommodate the movement and rotation of
the span can be mimmized by delaying its construction
or by adjustment in the level of the bank seat bearings.

Where the bank seat is located on the crest of an
embankment, and the latter has been placed on a com-
pressible soil, the settlement of the bank seat can be
large relative to the pier In addition there can be back-
ward rotation of the abutment with excessive displace-
ment of the bearings Compaction of an embankment
fill at the crest or close to the slopes is never as good as
in the body of the fill due to the justifiable reluctance of
plant operators to work close to the edge of the slope
Improved compaction can be given by overfilling and
then cutting back the slope, but there is often insuffi-
cient working space between the abutment and the pier
to perform this effectively, unless the work is done
before constructing the pier There can be continuing
settlement of the bank seat due to long-term consolida-
tion of the embankment fill, even though the embank-
ment has been placed on relatively incompressible
soil and is well compacted Values for calculating the
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Figure 6.14 Charts for determination of hjh. (after Springman and Bolton6 10)

settlement of fills in the short and long term are given
in Section 3 6

Because of the problems of bank seat settlement and
excessive rotation of the link spans or bearings it may
be decided to support the ends of the side spans on
buried piers with pad or combined strip foundations
(Fig 6 10), or to support the bank seats by piling
(Fig 6 16(a)) In the latter case the piles should extend
through the fill as shown If they are used to support
buried piers (Fig 6 16(b)) the loading on the piles is
greatly increased because of the weight of fill camed

Bridges on laud 235

0 2 4 6 8 10

iJd

by the pile caps Dragdown is imposed on the pile shafts
due to long-term settlement of the embankment fill and
any compressible natural soil below the embanlunent
In this respect a driven pile is preferable to a bored pile
because of the greater dragdown force imposed on
enlarged and irregular shaft resultmg from drilling in a
soft or caving soil. The magmtude of the dragdown
force is calculated by the method given in Section 7 13

Reference was made in Section 63 1 to the obstruc-
tion and delays caused to the main highway construc-
tion programme by piling operations for the bridge
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Ultimate plastic failure

Plastic flow around pile of soil mass and soil
around pile

ZZTX::nJ—

seudo-elastic7zone / Ultimatebearing
hld= 10

hld=4/
I)acity

/ VI'
Elastic loading lines

(2+it) (2+z) (2+n)(1+2dIs)
15 qIc,

FIgure 6.15 Interaction diagram for horizontal soil pressure on
a vertical pile driven through soft clay into an underlying soft
stratum (after Springman and Bolton6 10)

foundations This can to some extent be avoided by
undertaking the work from the crest of the embanlunent
or cutting Piling for the piers can be driven by plant
operating from this level (Fig 6 17) As an alternative
to conventional bored or driven piles for supporting
a spill-through abutment the bridge bearings can be set
on the capping beam of a contiguous bored pile or
secant pile wall (Section 54.5). Barrettes (Section 464)
can also be used to support the spill-through abutment
They are arranged as abutting T-sections with the long
leg of the T parallel to the axis of the highway and the
short cross-section cast integrally forming the facing

wall The legs of the T-sections act as counterforts,
thus avoiding the need for restraint to horizontal move-
ment by ground anchors which is necessary with bored
pile walls However, abutments constructed as barrettes
would need to be in sufficient numbers in a highway
project to make it economical to mobilize the specialist
plant and equipment required for their installation.

6.3.5 Bridge approach support piling
The problem of avoiding relative settlement between
the abutment and embanked approach to a bndge is a

Figure 6.16 Piling for bndges with spill-through abutments (a) Bank seat camed by piles driven from completed embankment
(b) Bank seat camed by columns, pile cap at onginal ground level

10 5

2z

0

Hammer

Gwde
trestle

Figure 6.17 Driving piles for bridge pier

(a) (b)
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Figure 6.18 Pile-supported approach embankment, M876
Motorway, Scotland (after Reid and Buchanan6 12)

difficultone which has not been solved satisfactorily to
the present day No matter how much compaction is
given to the embankment at the time of construction
long-term trafficking by heavy freight vehicles always
produces further settlement Where the embanlunent is
placed over a compressible soil as in Fig 6 18, long-
term settlement cannot be avoided However, the
relative settlement between the abutment and embank-
ment can be minimized by giving partial support to the
latter by piling

Reid and Buchanan612 used the concept of yieldmg
piles described in Section 54 to provide a gradual trans-
ition from a piled bridge abutment to the full settlement
of an embankment placed on soft compressible clay
(Fig 6 18) The piles close to the abutment were at
close spacing and designed to carry the full load of the
PF ash fill with a safety factor of 2 After the first four
rows the spacing was increased to a 3—4 m grid and the
piles were made progressively shorter to yield under an
increasing proportion of the embankment load Loading
was transfeired from the embankment to the pile caps
by means of a flexible membrane made up from two
layers of Terram plastics fabnc reinforced with Paraweb
strapping The pile caps were 1 1—1 5 m in diameter

6.3.6 Abutments for arch and portal frame
(continous) bridges

The stability of an arch is very sensitive to movement
of the abutments if yielding of the ground causes them
to spread it can cause damaging eccentricity in the line
of thrust through the arch barrel or nb. Spreading can
be prevented by horizontal ties between the abutments,
but this is likely to be impracticable in many situations
where an arch bridge is environmentally suitable Spread
foundations of the type shown in Fig 63(a) can be
used in a rock cutting, but groups of raking piles are

Figure 6.19 West abutment foundation for Twizel Bndge,
Northumberland (courtesy of Director of Technical Services,
Northumberland County Council)

usually required to restrict horizontal and vertical move-
ments of the abutments where these are backed up soil
It was noted in Section 6 3 1 that portal frame bridges
are also sensitive to small vertical and horizontal move-
ments at foundation level

An example of design to prevent yielding of the foun-
dations of a portal frame bridge is the case of the Twizel
Bridge constructed in 1982—83 over the River Till in
Northumberland In order to avoid obscuring the view
from the river of a closely adjacent medieval masonry
arch bridge it was necessary for the 45 m span of the
new bridge to have a fiat and shallow profile The ver-
tical legs of the bridge which form the abutments were
designed to have lunged beanngs on strip foundations,
with the base of the foundations inclined normally to
the direction of the principal thrust The direction of
thrust for the most unfavourable load combination and
temperature effect is shown in Fig 6 19. These cause
maximum and minimum bearing pressures at the back
and the front of foundations of 540 and 220 kN/m2
respectively Both abutments were founded on a slightly
weathered, moderately strong to strong tlunly to medium
bedded sandstone of the Lower Carboniferous senes
Physical characteristics of the rock obtained by field
and laboratory testing were as follows

Maximum RQD
Average RQD
Minimum RQD (below

foundation level)

'rr Et Ash fill—'
II 01 pMembranefFerrameflt
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Unconfined compression strength
(from uniaxial tests)

Unconfined compression strength
(from axial point load tests)

Unconfined compression strength
(from diametral load tests)

Average Young's modulus of
intact rock

Minimum Young's modulus of
intact rock

Deformation modulus of rock
mass (vertical)

Deformation modulus of rock
mass (honzontal)

Fault debris
grouted with cement

.'
I_____ _______ - — — — -

34 MN/rn2

29 MN/rn2

12 MN/rn2

76 GN/rn2

64 GN/m2

1 3—2 MN/m2

1 3 MN/rn2

The above values of the rock mass compressibility
were determined from relationships between the
RQD, fracture frequency, and compression strength
of the intact rock (Section 27). Using these values the
yielding of the foundation for the average beanng
pressure of 430 kN/m2 was calculated to be 5 mm
which was within the acceptable limit of 10 mm For
the maximum eccentricity of thrust the yielding was
5 mm at the back and 2 mm at the front of the strip
foundation

The calculations for yielding assumed that the rock
joints were closed or filled with cementitious matenal
However, examination of rock outcrops and cores
showed subvertical joints parallel to the abutments with
many open joints, some of which having openings up
to 15 mm Air was seen to be escaping in the river
when drilhng exploratory boreholes on the banks In
view of this it was recommended that grout should be
injected into the mass of rock influenced by the beanng
pressures613 The area of each abutment was surrounded
by a row of curtain grout holes 9 m deep and at 09 rn
centres The rock mass within the curtain was then
injected with cement to a depth of 9 rn through pnmary
and secondary holes on a 1 4 m grid. The average grout
take was 17 kg/rn3 of treated ground

The grout holes were drilled through the sandy over-
burden, and alter installing the sheet pile cofferdam
and excavating down to rockhead for the west abut-
ment a fissure about 300—600 mm wide filled with loose
debris was seen to he diagonally across the area of the
foundation (Fig 620) The fissure was cleaned out and
plugged with mass concrete to a depth of 2 rn below
foundation level, followed by grouting the debns
below the plug It was then 'stitched' by inclined 36mm
Dywidag bars at 400—800 mm centres arranged in a
pattern to transfer thrust from the abutment to the rock
behind the fissure, and to tie the rock masses on each
side of the fissure together (Fig 6 21)

Figure 6.20 Fissure in rock surface at foundation level of west
abutment, Twizel Bndge (courtesy of Director of Technical
Services, Northumberland County Council)

Sheet pile
cofferdam

Excavation
for abutment

centres

2 m minimum
bond length -
into sound rock

Figure 6.21 Remedial treatment to rock foundation for west
abutment, Twizel Bndge (courtesy of the Director of Technical
Services, Northumberland County Council)
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Measurements of movements of the abutment were
made during construction and for five weeks after com-
pletion of the bridge They showed negligible settlement
and an outward horizontal movement up to 2 mm on
the east abutment

6.4 Bridges over water

6.4.1 The effect of environmental conditions
on the selection of foundation types

The design of foundations for over-water bridges, jet-
ties, and offshore marme terminals can present severe
problems to the engineer Whereas the ground condi-
tions at the bridge location may be the dominating factor
in the design of foundations for a bndge on land, m the
case of over-water bridges they can be of relatively
minor importance compared with the design problems
posed by the environment

The environmental conditions which govern the
selection of a suitable foundation type and method of
construction are given below

Exposure conditions and water depths Bridges m
the open waters of a wide estuary or bay crossing are in
a hostile environment from wmds and wave action which
can limit the period of operation of floating construction
plant and can cause damage to partly completed
structures This favours the use of large prefabncated
elements which can be towed or transported by barge to
the site of the bridge and sunk rapidly on to a prepared
bed or piled platform A box caisson is a suitable type
(Fig 622) where the water depth is sufficient for
flotation of the umt, but weather conditions are cntical at
the early stages of towing the caisson to site and sinlung
it m position The effects of delays due to the weather on
the overall construction programme should be considered

Open-well caissons (Fig 623) are used in shallow
water where the shallow draft bottom section is floated
to the construction site and sunk by grabbing out the
soil from the open wells as the walls are raised progress-
ively. The construction operations for open-well sinking
are more vulnerable to the weather than those for box
caissons which can be sunk during a very short penod
of favourable weather However, construction is feasible
at exposed sites by sinking the caissons from an artifi-
cial island or by using a jack-up barge to give a stable
working platform Delays and hazards due to weather
conditions have been greatly minimized in recent years
by the availability, in many parts of the world, of heavy-
lifting cranes capable of hftmg a bridge pier caisson as
a single unit Three examples of their employment are
given towards the end of this chapter

Figure 6.22 Box caissons (a) On rock blanket (b)Onpiled raft

Cofferdams of the type described in Chapter 10 are
suitable only for sheltered waters, but more robust types
which can be used in moderate exposure conditions are
described m Section 64.2

Currents River currents and tidal streams impose drag
forces on piers or piles and create scour holes where
the soil at bed level is susceptible to erosion Scour can
be critical around cofferdams where eddies are created
by temporary conditions such as partly driven sheet
piles Mattressing may be required on an erodible bed
to prevent erosion in the restricted flow conditions as a
caisson is lowered through the last few metres of water
Current drag forces can give problems when pitching
bearing piles or sheet piles Damaging oscillations of
piles can occur at certain velocities of flow before the
piles are secured at the head by the pile cap or tempor-
ary girts

Ship collisions Precautions against the risk of col-
lapse of bridge piers due to collision by ships can add

(a)

(b)
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Steel plates Draught for

Ballast
(a) concrete

Bearuig
stratum

Figure 6.23 Open-well caisson (a) Shoe and lower wall
section ballasted for towing to site (b) Sinking and plugging
completed

considerably to the cost of the foundations The risks
are not confined to the designated navigation channel
Collisions are Just as likely to occur from a ship straying
out of control from the designated channel In some
wide estuaries the deep-water channel can swmg across
the river from one side to the other in a very short time
Where there is a large tidal range, as in the Severn
Estuary, virtually every pier of a multi-span bridge may
be at nsk

Protection can take the form of massive construction
of the piers such as ballasted box or open-well cais-
sons, a group of large-diameter piles surrounded by a
nng of skirt piles to prevent ships jamming between
individual umts, an independent ring fender, or by

surrounding the pier by an artificial island Allowance
must be made for impact at any angle to the axis of
the pier A glancing blow can induce torsional shear in
the pier body

Fender piles connected by a massive ring beam are
suitable for moderately large vessels The ring beam
should be placed at a sufficient distance from the pier
to allow the piles to deflect as they absorb the kinetic
energy of the movmg vessel and bnng it to rest The
main piers of the Sungai Perak Bridge in Malaysia614
are protected by a reinforced concrete ring beam fender
supported by 16 1800 mm tubular steel piles. The fender
beam is set about 1 m above high-water level A hori-
zontal load test on an individual free head pile in 22 m
depth of water showed a deflection of 300 mm for a
pile head load of 685 kN Methods of calculating the
ultimate resistance to horizontal loads of piles embedded
in soils and deflections for a given load are described in
Sections 7 16 and 7 18

Artificial islands are suitable only for shallow water
because the area surroundmg the pier must be suffi-
ciently large to allow the moving vessel to nde up the
slope and come to rest before the overhanging bow can
strike the pier In deep water the quantity of fill mater-
ial, armounng stone for wave protection and mattressing
for scour protection, become prohibitively large and
the islands may obstruct the navigation channel The
artificial islands used to protect the main piers of the
Penang Bridge in Malaysia3 are shown in Fig. 624

An upper limit to the impact force of a moving
vessel on a bridge pier is the crushing strength of the
vessel's hull In this respect an angled impact from the
side of a ship may be more damaging to the ship than to
the pier because of the lower strength of the hull in a
transverse direction

Floating ice The design of a bndge pier to resist
impact from ice floes has some similarities with the
design problem given by ship collision, but there is the

Figure 6.24 Artificial islands protecting the piers of the Penang Island Bridge, Malaysia (after Chin Fung Kee and McCabe6 )
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additional hazard of build-up of pressure from accumu-
lation of individual floes or from pack ice The build-up
can occur in directions transverse to the pier and ver-
tically as pressure ndges start to form For this reason
single piers or single large piles are preferable to groups
because the single member can divert the floes or con-
centrate the resisting force in a small area against the
ice sheet causing it to rise up and fail in bending

Gerwick616 has described the characteristics of sea
ice and methods used to design artificial island and
platform structures in Arctic waters Gravity base struc-
tures with a slender pier to give mimmum resistance
to floating ice forces and a large base to provide skin
friction resistance to sliding and overtunung are the
favoured types. Where piling is necessary because of
the ground conditions the pile group should be sur-
rounded by a ring of close-spaced skirt piles

In rivers where the flow is mainly parallel to the
banks the piers can be provided with cutwaters to break
up and crush the pack ice in a manner sunilar to an
icebreaker Gerwick states a figure of 4—6 MN/m2 for
the maximum local pressure exerted by pack ice as
measured on icebreakers The higher value is stated to
be an extreme one

Earthquakes Earthquakes give severe design prob-
lems for deep-water piles because the forces exerted at
high level on the bridge superstructure combine with
the forces on the pier body to produce high overturning
moments at base level. The mass of water displaced by
the pier must be added to the mass of the pier itself
The eccentric loading on the pier base can be very large
in deep water, which again favours a slender pier and a
large base A circular form is required because the earth-
quake forces can be aligned in any direction including
vertically Ground shaking can cause liquefaction of
loose to medium-dense granular soils The hquefac-
tion depth can be calculated from a knowledge of the
particle-size distribution and in-situ density of the soil
deposit6 17.6 Piled foundations, or ground treatment
to densify a loose soil deposit (Section 11 6), may be
required to support the pier.

Horizontal forces at the base of the pier may be caused
by submarine flow slides initiated by liquefaction or by
tsunaims These are large-amplitude waves created by
vertical shaking of the sea-floor at locations which may
be hundreds of miles from the shore

6.4.2 Pier construction in cofferdams

Construction of bridge piers within cofferdams is suit-
able for shallow-water sites m sheltered or moderately
exposed conditions In very shallow water or half-tide

locations the piers can be constructed in simple earth
bank cofferdams of the type described in Section 10 11

Sheet pile cofferdams can be constructed in water
depths of 15 m, but difficulties become increasingly
severe at greater depths although an overall depth of
32 m from high water to base of excavation was feas-
ible for the Thames Bamer foundations as described in
Section 103 3 Single-skin sheet pile cofferdams are
vulnerable to damage by wave action, when repeated
wave impact can cause fatigue failure of welded con-
nections. Robust cofferdams can be designed in the
form of interconnected cells (Section 105). The ring
of cells can be left in place as protection against ship
collisions The most favourable use of sheet piling is
at sites where an impermeable stratum at or below
excavation level provides a cut-off for inflow of ground
water enabling the excavation to be pumped out and
the pier foundation constructed m dry conditions Where
no cut-off is possible the excavation and concrete base
construction are camed out under water

An example of cofferdam construction in deep water
and moderately exposed conditions is given by the con-
struction of the main tower piers for the Kessock Bridge
crossing the tidal waters of Moray Firth in Scotland619
Each pier leg had a separate foundation constructed in
21 m diameter cofferdams at 22 m centres The piers
were sited in 12 m depth of water with current veloci-
ties up to 3 m/s Construction commenced by driving
a group of 13 865 mm tubular steel piles to form a
temporary working platform within the plan area of
the cofferdam. The piles were driven from a barge and
then the crane was transferred from the barge to the
platform The waling unit was prefabncated on shore
It consisted of an upper and lower ring waling formed
from twin 914 mm UB sections connected by diagonal
bracmg (Fig 625). After assembly, the waling unit
was separated into four quadrants which were trans-
ported by barge, assembled on the work platform, and
lowered on to the sea-bed while suspended from three
guide piles threaded through collars on the inner face
of the walmgs The unit was finally secured by a rmg of
eight 750 mm tubular piles driven through collars with
a grouted connection between the collars and the piles

Larssen No 6 sheet piles 30 m long were pitched
around the waling umt and driven below the sea-bed
The excavation was taken out under water by grabbing
and airlifting followed by driving 64 H-section piles
(not shown in Fig 6.25) to support the pier base, and
then placing a 2 5 m thick tremie concrete slab The
water level within the cofferdam was regulated by
sluices to avoid differential head during the penod of
concrete placing and imtial curing The pile cap and
cut-water were constructed within the cofferdam which
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Figure 6.25 Cofferdam for main piers of Kessock Bndge,
Scotland, at stage of completing underwater excavation

was then removed and the fender protection and scour
blanket were installed

Wastage of sheet pihng due to difficulties of extrac-
tion and damage can add to the cost of pier construc-
tion in multi-span bndges and various systems for
cofferdams which can be moved from pier to pier
have been devised The system used for 15 of the piers
carrying the 3 3 km long bndges between the islands
of Sjaelland and Faister in Denmark62° is shown in
Fig 626 After dredging the sea-bed to formation level
a blanket of crushed rock was placed as protection
against scour Then a group of 49 700 mm tubular raking
piles was driven through the blanket in two concentric
rings The reinforced concrete base unit weighing 440 t
was constructed on shore, brought to the pier site by
barge, lowered over the projecting pile heads, and
secured by three pinning piles. Concrete was then placed
by tremie up to about half the height of the base umt

The temporary cofferdam consisted of 10—11 m diam-
eter steel plate nngs, 3 m deep jomted with rubber
sheeting The assembly was lifted by floating crane and
lowered on to the base umt to which it was locked by
stressed rods Then the cofferdam was pumped out
and the pier base and stem constructed. After this the
cofferdam was flooded, released from the base unit,
and lifted off the pier by the crane for transport to the
next pier position

As an alternative to constructing a pile cap within a
cofferdam, as in the two previous examples, the pile
cap can be constructed in situ at or above high-water
level either within formwork assembled on the pile heads

High water
I I

- 3Omdeepnngs
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Pier constructed
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I I .-Temporary steel
____________ plate cofferdam

I I
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Figure 6.26 Construction of deep-water piers for the Sjaelland—
Faro—Faister Bndge, Denmark

or within a precast concrete shell This is lowered by
crane over the heads of the piles and rests on collars
welded on to the pile shafts Concrete bags are used
to seal the annulus between the piles and the holes in
the bottom of the box After the box is pumped out,
reinforcement is assembled and concrete is placed The
precast concrete shell must be designed to be light
enough to be lifted by crane, and if the depth of sub-
mergence is large, as in Fig 6 27, it must be clamped to
the piles to prevent flotation until sufficient concrete is
placed to overcome the buoyancy The pile caps for the
approach spans to the Penang Bridge615 were constructed
in this way The caps varied in size from 6 1 to 100 m
wide and 18 25 to 27 20 m long The shells forming
the larger caps were constructed in two sections and
were handled by a 450 t floating crane The tops of the

Figure 6.27 Precast concrete shell for pile cap
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Figure 6.28 Box caisson for Queen Elizabeth II Bndge, Dartford (courtesy of Trafalgar House Technology)
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prestressed concrete piles were cut to level by mechan-
ical saw and metal clamps fixed to them Rubber rings
were slipped over the pile heads to seal the annulus
between the holes and the piles

6.4.3 Pier construction with box caissons

Box caissons are hollow structures with a closed bottom
designed to be buoyant for towing to the bridge site
and then sunk on to a prepared bed by admitting water
through flooding valves In sheltered conditions the top
can be left open until sinking and ballasting is com-
pleted, or a closed top can be provided for towing in
rough water Box caissons are unsuitable for founding
on weak soils, or for sites where erosion can undermine
the base They are eminently suitable for founding on
compact granular soils not susceptible to erosion by
scour, or on a rock surface which is dredged to remove
loose material, trimmed to a level surface and covered
with a blanket of crushed rock (Fig 622(a)) Skirts are
provided to allow the caisson to bed into the blanket
and a cement—sand grout is injected to fill the space
between the bottom of the box and the blanket Bed
preparation of a rock surface m deep water can be
subject to long delays due to weather conditions at
exposed sites

Where the depth of mud or loose matenal is too deep
for dredging a piled raft can be constructed to support
the caisson as shown in Fig 6 22(b)

The last few metres of lowering a large box caisson
are critical A large volume of water beneath the struc-
tare must be displaced, and if the caisson is lowered too
quickly it can skid away from the intended position In
tidal conditions slack water is desirable to minimize
the flow velocity causing erosion in the narrowing space
between the caisson bottom and the bed

Box caissons were used for the foundations of the
main tower piers of the Queen Elizabeth II Bridge cross-
ing the Lower Thames at Dartford 62i The main river
piers were designed to resist the impact of a 65 000 t
ship travelling at 10 knots This required massive con-
struction in the form of a single box caisson 590 x 28 6
x 24 1 m deep at each pier position The caissons shown
in Fig 6.28 were constructed in a dry dock at Rotterdam
and towed across the North Sea to the bndge site The
caissons were designed by Trafalgar House Technology
and sunk in place by a consortium of Cementation Con-
struction Company and Cleveland Bridge and Engineer-
ing Company

The size of the base was governed by the resistance
to honzontal shear of the chalk on an assumed plane
of weakness below the irregular interface between the
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750 mm crushed rock blanket and the chalk surface
This was dredged to a depth of about 45 m to remove
weathered chalk deemed to be too weak in shear to
resist a torsional force generated by the ship striking
the caisson at an angle of 57° to its axis A design
impact force of 215 MN was adopted TIus was assumed
to act at a height of 20 m above the base and at an
eccentricity in plan of 14 m It required an undrained
shear strength of 450 kN/m2 to provide the required
torsional resistance to sliding The impact force applied
to the caisson was taken as the time-averaged force
imparted by the crushing and buckling of the hull of
the ship. Although it was accepted that the peak force
could significantly exceed the average, the duration
of the peak would be very small such that the mass
of the caisson would not respond to it

Considerable difficulty was expenenced in achiev-
ing the design tolerance for dredging and placing the
rock blanket It was specified that dredging should not
be deeper than 05 m below formation level, but some
areas finished 0.75 m below this level The rock blanket
consisting of 40 to 10 mm crushed stone was specified
to be placed without projecting above formation level
and not more than 300 mm below this level The lower
tolerance could be achieved, but some local areas
were 300 mm above formation level These areas were
located and calculations were made to ensure that the
structure of the caisson would be capable of with-
standing the stresses which could occur when these high
spots were pushed down during the stage of ballasting
the caisson

Smiung was achieved by temporarily attaching the
caisson alongside a moored barge and then lowering
the umt onto the rock blanket during a single tide. After
ballasting grout was injected between the base of the
caisson and the blanket through pipes embedded in
the external and internal walls Spread of grout beneath
the base was facilitated by shallow channels formed
by precast concrete slabs with geotextile 'socks' on a
rectangular pattern between them Escape of grout out-
side the area of the blanket was prevented by a 300mm
deep peripheral skirt Mass concrete was used to fill
the cells up to the level of the capping slab except for
the row of cells alongside the shallow-water sides of the
piers where impact from large ships was not possible.
These cells were filled with sand

6.4.4 Pier construction with open-well caissons

Open caissons (including monoliths) are suitable for
foundations in rivers and waterways where the pre-
dominating soil consists of soft clays, silts, sands, or
gravels, smce these matenals can be readily excavated

by grabbing from the open wells, and they do not offer
high resistance in skin friction to the sinking of the
caissons. Open caissons are essential where the depth
of sinking requires air pressures exceeding about 3 5
bar (350 kN/m2), since for physiological reasons men
cannot work under compressed air at greater pressures
than this Open caissons are unsuitable for sinking
through ground contaimng large boulders, tree trunks,
and other obstructions They can only be founded with
difficulty on an irregular bedrock surface, and when
sunk on to steeply sloping bedrock, they are liable
to move bodily out of the vertical Open caissons are
advantageous for bndge foundations in rivers where
there is a large difference in the seasonal levels such as
in the major flyers in Pakistan, India, Bangladesh, and
China Caisson sinking is commenced in the low-water
season and completed to the design founding level
before the onset of the annual flood The caisson can be
allowed to be wholly or partly submerged by the flood
water without damage during the period when no work
on the bridge superstructure is possible.

On reaching founding level, open caissons are sealed
by depositing a layer of concrete under water in the
bottom of the wells The wells are then pumped dry and
further concrete is placed, after which the caissons can
be filled with clean sand or concrete or, where their
dead weight must be kept low, by clean fresh water.
Because the sealing is done under water, open caissons
have the disadvantage that the soil or rock at the founda-
tion level cannot usually be inspected before placing
the sealing concrete Only in rare cases is it possible
to pump the wells dry for inspection of the bottom
Another disadvantage is that the process of grabbing
under water in loose and soft materials causes surging
and inflow of matenal beneath the cutting edge with
consequent major subsidence of the ground around the
caisson Therefore open caissons are unsuitable on sites
where damage might be caused by subsidence beneath
adjacent structures

Caissons should, wherever possible, be constructed
as isolated units, separated by some distance from
adjacent caissons or other deep structures The effect of
sinlung and grabbing inevitably causes displacement of
the surrounding soil, with the result that it is difficult,
if not impossible, to maintain the verticality and plan
location of caissons sunk close together

Monoliths are essentially open caissons of reinforced
or mass concrete construction with heavy walls They are
unsuitable, due to their weight, for sinking in deep soft
deposits Their main use is for quay walls where their
massive construction and heavy weight is favourable
for resisting overturning from the retained backfilhng
and for withstanding impact forces from berthing ships
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The principal design features of open caissons and
monoliths are shown in Fig 629 This illustration is of
a caisson designed with a lower section to be fabricated
in a dry dock or at a riverside wharf and transported as
a floating umt through shallow water to the bridge site
This requires a light buoyant form of construction in
steel plating If there is sufficient depth of water for
towing a deep draught unit, or if the caisson is con-
structed at its sinking location on staging or on a sand
island, a heavier form of construction in reinforced
concrete can be adopted The cutting edge forms the
lowermost extremity of the shoe (or curb) The latter
has vertical steel outer skin plates, and sloping inner
steel haunch plates (or cant plates) The skin plates
are braced internally with steel trusses in vertical and
horizontal planes The trusses prevent distortion of the
shoe during fabncation, towing to site, and the early
stages of sinking As soon as possible after the initial
sinking the space between the skin plates is filled with
concrete (stewing) When the structure has attained suf-
ficient rigidity by reason of the concrete filling, the skin
plating can be terminated and the steining camed up
in reinforced concrete placed between formwork At
or below low water level in a bridge pier the caisson
proper is completed and the pier carried up in concrete
masomy, or bnckwork If the water level rises above
the top of the caisson at its finally sunk level, a cofferdam

is constructed above the caisson in which to build the
piers The space within the walls may form a single
dredging well or it may be divided by cross walls into a
number of wells Monoliths usually have only one or
two small dredging wells.

In the following comments on the design of open
caissons it must be realized that in most practical cases
there is no ideal solution to the problem, and the final
design is usually a compromise brought about by a
number of conflicting requirements For example, thick
heavy walls may be desirable to provide maximum
weight for sinking through stiff ground, but thick walls
mean small dredging wells and the grabs cannot reach
beneath the haunch plates to remove the stiff ground
Lightness of weight is desirable in the first stages of
floating out the caissons, but this can only be obtained
at the expense of rigidity, which is so essential at the
second stage of sinking through the upper layers of soil
when the caisson is semi-buoyant and may not have
umform bearing, and when stresses due to sagging of
the structure consequent on differential dredging levels
may be critical. Maximum height of skin plates is desir-
able when sinking caissons in a waterway where there
is a high tidal range, but the extra height of plates may
mean excessive draught for towing to site

The shape of a caisson will, in most cases, be
dictated by the requirements of the superstructure The
ideal shape for ease in sinlung is circular inplan since
this gives the minimum surface area in skin friction for
a given base area However, the structural function of
the caisson is, in most cases, the deciding factor

The size and layout of the dredging wells is depend-
ent mainly on the type of soil For sinking through
dense sands or firm to stiff clays the number and thick-
ness of cross walls, and the thickness of the outer walls,
should be kept to a minimum consistent with the need
for weight to aid sinking and for rigidity against distor-
tion Grabs can excavate close to the cutting edge in
caissons with fairly thin walls This is important in firm
or stiff clays since these soils do not slump towards the
centre of a dredging well, whereas in sands and soft
silts, grabbing below cutting edge level will cause the
ground readily to slump away from the haunch plates
towards the deepest part of the excavation, especially if
assisted by water jetting However, as already noted,
thin walls mean reduced sinking effort and it is incon-
venient to have to take kentledge on and off the top of
the stelning for each lift of concrete that is placed

Control of verticality in large caissons is facilitated
by the provision of a number of wells. To give control
in two directions at nght angles to one another they
should be disposed on both sides of the centre lines, but
for a narrow caisson there may only be room for one

Figure 6.29 Design features of open-well caisson
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row since sufficient width must be provided for a grab
to work Heavy monoliths sunk through soft material
on to but not into a firm or hard stratum need only have
small wells

Cross walls need not extend to cutting edge level
They may be stopped at a height of, say, 8 m above the
cutting edge in a deep caisson, thus reducing the end-
bearmg resistance of the walls and enabling the grab to
be slewed beneath the cross walls to excavate over the
whole base area Such a design has the serious limita-
tion of requiring a deep draught at the initial sinking
stage Experiences in sinking open caissons for the piers
of the Lower Zambezi Bndge622 showed that straight
walls were preferable to circular walls when sinking
through stiff clay, since with circular walls there was a
tendency for the clay to arch and wedge itself around
the cutting edge rather than to be forced towards the
centre of the well

If occasional obstructions to sinking are expected
and are such that they cannot be broken up under water,
it will be advisable to make provision for air decks in
all the cells (Fig 6 30) By such means it is possible
to put individual cells under compressed air to allow
obstructions to be cleared from beneath the cutting edge
by men working 'in the dry' The use of air decks or air
domes also facilitates control of draught and verticality
during sinlung This is known as the 'flotation caisson'
method Figure 631 shows a section through the
407 x 18 1 m caisson used for Pier 4 of the Tagus
River Bridge constructed in 196066 623 The caisson,
designed by the Tudor Engineering Company, was pro-
vided with a cutting edge 'tailored' to the profile of the
surface of the rock at founding level This resulted in a
deep draught when in the floating position However,
the use of air domes on the dredging wells enabled the
caisson to be floated with air pressure in the wells from
the launching ways to the bridge site The irregular
weight distribution and submergence also gave problems
m sinking but, by varying the air pressure in the different

wells, it was possible to control listing and to maintain
verticality in the crucial later stages of sinking

A double skin of steel plating which is subsequently
filled with concrete is used for the caisson shoe The
concrete in the lower part of the shoe should be of high
quality, since it is required to develop high early strength
to resist stresses developed in the 'tender' early stages
of sinking The concrete in the upper part of the shoe
and in the steining need not be of especial high quality
provided that it is of massive construction The cement
content, however, should be sufficiently high to give it
resistance to attack by sea or river water (see Section
135.3)

A design for a reinforced concrete caisson shoe con-
forming to the recommendations of the Indian Roads
Congress (IRC)624 is shown in Fig 6 32 Indian engin-
eers have used well-sinking methods for bridge founda-
tions for many centunes, and it is a common method
of construction at the present day The IRC recom-
mendations for proportioning wall thicknesses and other
design details are in the form of empirical rules based
on their long expenence

The design in Fig 632 provides for reinforced con-
crete with a minimum crushing strength of 20 N/mm2,
and minimum reinforcement of 72 kg/rn3 excluding
bonding rods The cutting edge plates are required to
have a weight of at least 40 kg/rn Where there are
more than two compartments the cutting edges of the
middle stems are kept about 300 mm above those of
the outer walls to prevent rocking Where blasting is
expected to be necessary the wells are faced externally
with steel plates not less than 6 mm up to half the weight
of the shoe The inner faces of the cells are protected
with 10 mm plates extending to the top of the shoe
continuing with 6 mm plates over a further height of
3 m Additional hoop reinforcement in the form of
10 mm bars at 150 mm spacing is placed in the shoe
and for a further height of 3 m in the walls.

Reinforced concrete was used for the shoes of two
caissons forming the foundations for the river piers of
the River Tomdge 625 The shoes were con-
structed in a dry dock near the site The draught of the
units was limited to 3 15 m in order to be able to float
the shoes over the gate sill at a high-tide period They
were constructed to an overall height of 3 2 m, and in
order to provide the required buoyancy the tops of the
eight cells were covered with temporary steel plating
and compressed air was introduced into the space
below the plates Further steel plates were assembled
around the caisson to provide additional freeboard for
towing from the dry dock to the bridge site These
plates were subsequently used as formwork for raising
the walls

Figure 6.30 Air domes installed in open-well caisson
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Figure 6.31 flotation caisson for Tagus River Bridge623

The depth of the shoe (or curb) is governed by the
thickness of the main walls and the angle given to
the inner haunch (or cant) plates This angle should be
determined by the type of ground through which the
caisson is sunk (Fig 6 33) Generally the angle should
be decided to suit the dominant factor in sinking, whether
soft ground at the early stages or stiff or bouldery ground
at later stages The usual thickness of skin plating is
19 mm and bracmg is provided both in honzontal and
vertical planes

The design of the cutting edge and its attachment to
the shoe is an important feature High concentrations of
stress on the cutting edge are expenenced when sinking
through boulders, and buckling at this point would
hinder sinking and might even result in the caisson

splitting Cutting edges are usually made up from 13 mm
thick steel angles backed by 19 mm steel plates The
vertical plate projecting below the angle is advantage-
ous in preventing escape of air in pneumatic caissons
Vertical stiffeners are provided on the upstanding part
of the plate above the honzontal leg of the angle Two
types of cutting shoe were used on the Lower Zambezi
Bndge For founding on sand a vertical plate was used
as shown in Fig 6 34(a), but for founding on rock the
lowermost parts were stiffened plates in angles for
the outer walls and a plated channel with the web hon-
zontal for the central walls (Fig 6 34(b)) It was found
that the last-mentioned two designs gave difficulties in
tucking poling boards behmd the cutting edge while
excavating beneath the cutting edge under compressed
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Figure 6.34 Cutting edges for Lower Zsmbezi River Bndge caissons (a) For sand (b) For rock

air to remove boulders Caisson shoes are sometimes
flared, either with the object of reducing skin friction or
preventing adjacent caissons rubbing together and jam-
ming when they are constructed close together How-
ever, experience has shown that the flaring does httle or
nothing to reduce skin friction and there is increased
difficulty in maintaining verticality while sinking

The walls of caissons should be set back for a dis-
tance of 25—75 mm from the shoe. The thickness of the
wall is dictated by the need for great rigidity to resist
severe stresses which may occur during sinking, and
the need to provide sufficient weight for overcoming
skin friction Lightness of the wall construction for
the stages of floatmg-out and lowering is achieved by
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Figure 6.32 Reinforced concrete caisson shoe (as Indian Roads
Congress recommendations)
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Table 6.1 Values of the constant K to determine wall thickness
of well and caisson foundations

Type of well or caisson

So,! type

Predominantly Predominantly
sandy clayey

Single circular or dumb-bell
shape in cement concrete

Double D caisson in cement
concrete

Single circular or dumb-bell
shape in bnck masonry

Double D caisson in bnck
masonry

0030 0 033

0039 0 043

0047 0052

0062 0068

hollow steel plate construction, using 6—7 mm thick
skin plates stiffened by vertical and honzontal trusses
as provided in the caisson shoes The plating should be
arranged in strakes about 1 2—24 m high These are
convement heights of lift for srnkmg and concreting m
a 24-hour cycle

The Indian Roads Congress recommendation for wall
thickness to ensure sufficient weight to overcome skin
fnction is given by the empincal equation

Required thickness in meters (not less than

05m)=KdsJi,
where

(624)

K =a constant (see Table 6 1),
d (in metres) = the external diameter of a circular or

dumb-bell shaped well, or in the case
of double D caissons the smaller
dimension in plan,

1 (metres) = depth of well below low-water level
or ground level whichever is higher

The IRC recommendations state that a greater thick-
ness may be needed for sinking through boulder strata
or on to rock where blasting may be needed Lesser
thickness based on local expenence may be needed when
sinking through very soft clay to prevent the well from
sinking uncontrollably under its own weight

A concrete mix of 1 3 6is recommended for mass
concrete walls where not exposed to a marine or other
adverse condition Nominal steel reinforcement at
O 12 per cent of the gross cross-sectional area should be
provided vertically on each face of the mass concrete
walls with hoop steel at not less than 004 per cent of
the volume per unit length of wall

Bnck masonry is frequently used in circular well
foundations for bndges over minor nvers and creeks in
Bangladesh where aggregates for concrete manufacture

Vertical bonding rods not less
than 0 1% of cross.sectional area
of

Figure 6.35 Indian Roads Congress recommendations for
reinforcement of bnck masonry well foundations

are scarce, but there is abundant labour for construc-
tion The IRC recommend that bnck masonry wells
should have a diameter not greater than 6 m and a depth
not greater than 20 m Vertical bonding rods at not less
than 0 1 per cent of the cross-sectional area are distrib-
uted uniformly around the circumference at the centre
of the walls and encased in concrete with hoop steel
similarly encased as shown in Fig 6 35

Vertical reinforcement in reinforced concrete or
masonry caissons must extend from the shoe up through
the full height of the walls to prevent the tendency for
the shoe to part company from the walls and continue
its downward progress while the walls are held up by
skin friction at higher levels Shear reinforcement must
also be provided to withstand the racking stresses which
occur during sinking

Great care must be taken in constructing the walls
and shoe of a caisson to ensure truly plane surfaces in
contact with the soil Bulgmg of the steel plates due to
external ground or water pressure or internal pressure
from air or concrete filling will greatly increase the
resistance to sinking

6.4.5 Pier construction with pneumatic caissons

Pneumatic caissons are used in preference to open-well
caissons in situations where dredging from open wells
would cause loss of ground around the caisson, resulting
in settlement of adjacent structures They are also used
in sinking through variable ground or through ground
containing obstructions where an open caisson would
tend to tilt or refuse further sinking Pneumatic caissons
have the advantage that excavation can be camed out
by hand in the 'dry' working chamber, and obstructions
such as tree trunks or boulders can be broken out from
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beneath the cutting edge Also the soil at foundation
level can be inspected, and if necessary bearing tests
made directly upon it The foundation concrete is placed
under ideal conditions in the dry, whereas with open-
well caissons the final excavation and sealing concrete
is almost always camed out under water

Pneumatic caissons have the disadvantage, compared
with open-well caissons, of requiring more plant and
labour for their sinking, and the rate of sinking is usu-
ally slower There is also the important limitation that
men cannot work in air pressures much higher than
3.5 bar, which limits the depth of sinking to 36 m below
the water table, unless some form of ground-water lower-
ing is used externally to the caisson If such methods
are used to reduce air pressures m the working chamber
they must be entirely reliable, and the dewatering wells
must be placed at sufficient distance from the caisson
to be unaffected by ground movement caused by caisson
sinking

The development of large-diameter cyhndncal founda-
tions mstalled by rotary drilling or grabbing as described
in Chapter 8, and the hmitation in sinking depth due to
considerations of limiting air pressure, has meant that
pneumatic caissons are only rarely used for foundations
in the present day

The depth hmitation problem was overcome by the
construction method used for the pneumatic caissons
forming the foundations of two of the piers of the
Youngjong Grand Bridge near Seoul, Korea626 The
47 x 18 m caissons were towed to the pier locations
and sunk on to the sea-bed Compressed air was then
introduced into the working chamber to expel the water
Excavation below sea-bed was performed by mechanical
shovels operated by remote control from the surface
The caissons were sunk by this method to a depth of
about 20 m below sea-bed to reach load-bearing rock

When caissons are designed to be sunk wholly under
compressed air, it is usual to provide a single large
workingchamber (Fig. 636) instead of having a number
of separate working chambers separated by cross walls
The single chamber is a convement arrangement for
minimizing resistance to sinking, since the only resist-
ance is given by the outer walls Control of sinking by
differential excavation from a number of cells is not
necessary since control of position and verticality can
be readily achieved by other means, for example by the
use of shores and wedges beneath the cutting edges, or
by differential excavation beneath the cutting edges

However, the location of the roof above the working
chamber is a matter of some contention. If placed at a
low level, as shown in Fig 6 36, the centre of gravity
of the umt is kept low, thereby assisting control of
verticality Also it is possible to place ballast weights

on top of the roof at the most favourable position to
correct any tendency to tilt On the other hand the
massive construction of the roof required to resist inter-
nal air pressure and soil pressure when sinking through
soft deposits is no longer required after the caisson has
been completed It is argued that the roof is best placed
at a high level where it can be used to support the
bridge pier and to strengthen the caisson against ship
collisions Against this argument it is pointed out that
the caisson with a high-level roof is much more buoyant
than that with a low-level roof and hence may be too
light to overcome external skm friction without heavy
walls, also the centre of gravity is high, and if the
required founding level is deeper than expected the roof
will not be in the position required to support the pier.
The roof to the working chamber of the River Tomdge
Bridge caissons was placed at a high level on top of the
walls after initial sinlung in free air as an open-well

Cutting edge

Figure 636 General arrangement of pneumatic caisson
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substructure It was necessary to underpin one of the
two caissons to avoid sinking below the design depth
after weak rock was encountered at the expected found-
ing level The paper by Pothecary and Brmdle6 pointed
out that this possibility was one of the reasons why
pneumatic caissons were adopted

Features of pneumatic and other types of caissons have
been descnbed by Mitchell627 The working chamber
is usually 23—24 m high, although where the caisson
chamber is sunk to a limited penetration the height
may be somewhat smaller As already noted the roof of
the working chamber must be strongly built In large
caissons, a convement arrangement is to arch the roof
of the working chamber This is an economical arrange-
ment since the skin plates are everywhere in tension
only, instead of bending as in the case of a horizontal
roof.

Access to the working chamber is through shafts
Since all excavated material must be lifted through the
shafts or through snorer pipes, the shafts must have
adequate capacity in size and numbers to pass the
required quantity of spoil in buckets through the air-
locks to meet the programmed rate of sinking The
air-shaft is usually oval or figure-of-eight in plan, and
is divided into two compartments by a vertical ladder
One compartment is used for hoisting and lowering
spoil buckets and the other is for the workmen The
shaft is built up in 1 5 or 3 m lengths to permit its
heightemng as the caisson sinks down The air-locks
are mounted on top of the shafts, and it is essential for
the safety of the workmen to ensure that the locks are
always above the highest tidal or river flood levels
with sufficient safety margin to allow for unexpected
rapidity in sinking of the caisson Alternatively, the
air-locks can be protected against flooding by building
up the skin plating or providing a cofferdam around
the top of the caisson to the required height Details of
air-shafts and air-locks are given later in this chapter

The number of air-locks required in a caisson depends
on the number of men employed in any one working
chamber in the caisson The size of the air-locks and air-
shafts is governed largely by the quantity of material
to be excavated, i e by the size of the 'muck bucket'
Reid and Sully628 have given much valuable factual
data on this Their main points are as follows

(a) For excavating in hard matenal, one man can be
effectively employed in 3 25 m2 of working area of
a caisson, but in loose material such as sand or
gravel one man may be allowed 65—74 m2

(b) Generally the number of men in a caisson per shaft
will range from 5 to 10 except in the smallest cais-
sons The optimum number is 10 men per shaft

(c) Sufficient air-locks should be provided to allow the
whole shift to pass out of the caisson in reasonable
time This depends on the working pressure For
moderate pressures an air-lock should be provided
for every 93—111 m2 of base area For high pres-
sures two locks would be considered for 93—111 m2
of base area because of the longer time spent in
locking each shift in and out of the caisson

(d) The size of the lock is governed by the rate of exca-
vation and the number of men to be accommodated
Thus the main chamber (or muck-lock) has to
accommodate a skip of sufficient size to pass through
the excavated material at the programmed rate For
example with a base area of 93 m2 per lock, a large
air-lock can deal with 95 m3 of spoil per hour, for
continuous shift working at say 20 bar, 188 in3 of
material would be passed through in 20 h of effec-
tive working. This gives about 113 m3 of material
'in the sohd' or 1 2 m of sinking per day With a
smaller air-lock under similar conditions the output
would be 68 m3/h or 123 m3 of material in 20 h,
corresponding to a sinking rate of 079 m per day

The 'Gownng'-type air-lock (Fig 637), originally
designed by Holloway Bros, has double man-locks
and a 112 m diameter by 1 83 m high main lock Each
man-lock can accommodate six workers, and the main
lock a 1 m3 muck-skip, the same skip carrying 08 m3
of concrete to keep the mass within the capacity of the
2 t crane. The lock is of welded construction, and is
divided into two parts for ease in transport from site
to site

In Bntain the air supply to caissons and the equip-
ment in man-locks and medical locks, and the opera-
tion of locks, is governed by the Health and Safety
Executive Service in the Factories Acts of 1961 The
Work in Compressed Air Special Regulations, 1958,
requires that the plant for the production and supply
of compressed air to the working chamber shall deliver
a supply sufficient to provide at the pressure in the
chamber 030 m3 of fresh air per minute per person for
the time being m the chamber BS 2004 recommends
that whenever work involving compressed air at pres-
sures greater than 1 bar above atmospheric pressure is
undertaken the Medical Research Council's Decompres-
sion Sickness Panel should be consulted for advice on
decompression rates

If the air supplied in accordance with the above rule
is more than the amount lost under the cutting edge and
through the air-locks, the surplus should be exhausted
from the caisson through a control valve

Compressors for air supply are usually stationary
types Ideally, they should be driven by variable-speed
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Figure 6.37 General arrangement of 'Gowring'-type air-lock with double man-locks

motors to enable the supply to be progressively increased
as the caisson smks deeper At least 50 per cent spare
compressor capacity with an alternative power supply
should be provided for emergency purposes

Improved working conditions and greater immumty
to caisson sickness is given by treatment of the air
supply The air-conditioning plant should aim to remove
moisture and oil, and to warm the air for cold weather
working, or to cool it for working in hot climates The
need to supply cool dry air is especially important for
compressed-air work in hot and humid climates The
air supply to the caissons of the Baghdad bridges des-
cnbed by Reid and Sully628 had two stages of cooling,
and a silica-gel dehumidifier which reduced the wet-
bulb temperature to less than 26 6 °C at all times, even
though the outside dry-bulb shade temperature was at
48 8 °C The relative humidity in the working chamber

of these caissons rarely exceeded 75 per cent In cool
climates it is advantageous to provide heating in man-
locks since the cooling of the air which always takes
place dunng decompression can cause discomfort to
the occupants

6.4.6 Caisson construction and sinking methods

(i) Construction of shoe The normal practice in cais-
son construction is to build the shoe on land and slide
or lower it into the water for floating out to the site,
or to construct it in a dry dock which is subsequently
flooded to float out the shoe Land caissons are of course
constructed directly m their final position Caisson shoes
constructed on the bank of a river or other waterway
are slid down launching ways into the water, or rolled
out on a honzontal track and then lowered vertically by

Plan
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a system of jacks and suspended links Gently sloping
banks on a waterway with a high tidal range favour
construction on sloping launching ways, whereas steep
banks either in tidal or non-tidal conditions usually re-
quire construction by rolling out on a honzontal track

Care must be taken to avoid distortion of the shoe
during construction On poor ground the usual practice
is to lay a thick blanket of crushed stone or bnck rubble
over the building site and to support the launching ways
on timber or steel piles

Economy in temporary works is given by construct-
ing caissons in their final position This can be done
for land caissons, and for river work it is sometimes
possible to take advantage of low-water stages by con-
structing caissons on the dry nver bed or on sand islands
This is only advisable when the low-water penods can
be predicted reasonably accurately and there is no risk
of sudden 'flash' floods

This method is used at the present day for the founda-
tions of bndges crossing tributary nvers and creeks in
Bangladesh. A shallow excavation is made on a sand-
bank (or 'char') The excavation is surrounded by a low
sand and clay bund protected against erosion by driving
bamboo stakes at close spacing A ring-shaped mould
is formed for the caisson shoe using clay faced with
loose bncks (Fig 6 38). Steel bar reinforcement is
assembled in the mould followed by concreting the shoe
up to the level of the bnck masonry steining The walls
are then carried up in brickwork until sufficient weight
is mobilized to commence sinking initially by hand
excavation in the well and then by grabbmg using a
guyed demck pole and a hand winch (Fig 639) These
simple methods do not involve any heavy construction
plant and there are fewer problems of logistical support
over country roads and narrow bndges than would be
necessary for piled foundations in sheet pile cofferdams

(ii) Towing to sinking site The operation of towing
a caisson from the construction site to its final location
must be carefully planned Soundings must be taken
along the route to ensure an adequate depth of water at
the particular state of tide or river stage at which the
towing is planned to take place An essential requisite
of the launching, towing, and smkmg programme is a
stability diagram for the caisson This shows the draught
at each stage of construction The stability diagram used
for the caissons of the Kafr-el-Zayat Bridge in Egypt629
is shown in Fig. 640 In these diagrams the draught is
plotted against the weight of the caisson for various
conditions of free floating or floating with compressed
air in the working chamber The weight of each strake
of skin plating and concrete in the walls to be added to
give a desired draught can be read from the diagram

Also the air pressures in the working chamber required
to give any desired internal water level can be read off
the appropriate lines

(iii) Bed preparation The first operation is to take
soundings over the sinking location to determine whether
any dredging or filling is required to give a level bed
for the caisson shoe A study should be made of the
regime of the waterway to determine whether any bed
movement is caused by vagaries of current Such move-
ment can cause difficulty in keeping a caisson plumb
when landing it on the bottom, especially at the last
stages when increased velocity below the cutting edge
may cause non-uniform scour Difficulties with bed
movement can be overcome by sinking flexible mat-
tresses on the sinking site These consist of geotextile
materials or steel mesh baskets weighted with crushed
stone

(iv) Supporting structures The various methods used
to hold a caisson in position during lowering include

Figure 6.38 Construction of caisson shoe, Bangladesh
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Figure 639 Sinking bnck masonry caissons, Bangladesh

(a) An enclosure formed by pthng
(b) Dolphins formed from groups of piles or circular

sheet pile cells
(c) Sinking through a sand island
(d) Wire cables to submerged anchors

The choice of method depends on the size of caisson,
the depth of water, and particularly on the stability of
the bed of the waterway

Sand islands were used for four of the caisson piers
of the Baton Rouge Bndge over the Mississippi River.630
The fast-flowing nver was known to cause deep scour,
and bed protection was given to the sites of the two
deepest piers in the form of 137 x 76 m woven board
mattresses The islands were 34 and 37 m respectively
in diameter, and were formed by steel plate shells filled
with sand The shells were surrounded by a double row
of piles (Fig 641) The sand islands narrowed the 730 m
water-way to 97 m between the islands, and this caused
deep scour which the mattresses did little to prevent
The scour at Pier 3 was 12 m deep, and a similar depth
of scour at Pier 4 caused the whole of the sand filling in
the island to disappear in 2—3 mm

The external water pressure on the shell then pushed
in the 95 mm plating which was torn apart The caisson,
which at that time had only penetrated 46 m into the
river bed, tilted by 2 1 m in lme with the bridge and
06 m in the other direction, and was only plumbed
with great difficulty These experiences emphasize the
hazards resulting from obstructions to flow caused
by substantial temporary works in a nver with an
erodible bed

Similar problems with scour around sand islands
were experienced at the early stages of constructing the
1410 m span suspension bridge across the Humber
Estuary completed in 1983 63i The main tower pier on
the south side of the estuary was constructed on twin
244 m open well caissons sunk to a depth of 38 m
below the nver bed on to stiff Kimmendge Clay The
caissons were of double wall construction divided
into six circumferential compartments by radial walls
(Fig 6.42) They were sunk from two artificial sand
islands enclosed by steel sheet piling (Fig 643) Scour
around the sheeting pilmg threatened to undermine
the enclosures and it was necessary to dump 13 000 t of
chalk and sandbags around them to check the erosion.

1' F'
0

0 0
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Figure 6.40 Stability diagram for caisson no 8 at Kafr-el-Zayat Railway Bndge (after Hyatt and Morley6 29)
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Further problems occurred dunng caisson sinlung when
water under artesian pressure was met at 20 m below
the nver bed in the west side well This caused partial
collapse of the sand fill and loss of bentonite in the
annulus around both caissons Downward movement
stopped and was restarted only after stacking 7000 t of
steel ingot kentledge on top of the radial walls supple-
mented by raising the internal walls by 14 m.

The bndge was designed by Freeman Fox and Part-
ners, and the foundations of the tower piers and the
anchorages were constructed by John Howard & Co.

The minimum of temporary construction and the
lowest risk of bed erosion is given by the method of
securing a floating caisson to submerged anchors, the
caisson being moored between floating pontoons This
method is particularly suited to a multi-span structure

Figure 6.41 (left) Sand island used for caisson construction at
Baton Rouge Bndge (after Blame635)
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Figure 6.42 Open-well caissons for the south tower pier, Humber Bndge

when the high capital cost of an elaborate pontoon-
mounted sinking plant can be spread over a number of
caissons, whereas if fixed stagings are provided for the
piers of a multi-span structure, much time will be spent
in driving and extracting piles for construction of the
stagings at each pier site, with inevitable damage due to
repeated reuse Floating plant is highly mobile, and can
be rapidly switched from one pier site to another to suit
changing conditions of nver level and accessibility at
low-water stages It is advantageous in these conditions
to design the floating plant to be adaptable to working
in the dry

The arrangement of floating plant designed by
Cleveland Bridge and Engineering Ltd for the Lower
Zambezi Bridge622 is shown in Fig 644 The two
upstream moonngs consisted of 10 t concrete or cast-
iron sinkers, and the four crossed breast moorings were
similar 5 t sinkers The downstream moorings consisted
of a single 5 t sinker A steel staging to carry the caisson
shoe was erected on the twin barges Two 8 t steam

demck cranes were mounted on the staging, together
with concreting plant, air compressors, pneumatic srnk-
ing and nveting tools, hydraulic pumps, lighting sets,
and steam boilers providing steam for all purposes Four
such floating sets were provided

(v) Sinking open well caissons Four main methods
are used for maintaimng position and verticality of cais-
Sons dunng sinking. They are

(a) Free sinking using guides between caissons and
fixed stagmgs or floating plant,

(b) Lowering by block and tackle from piled stagings
or floating plant,

(c) Lowering by suspension links and jacks from piled
stagings or floating plant,

(d) Lowering without guides but controlling verticality
by use of air domes

When a caisson reaches the stage where concrete has
to be added to mamtain downward movement, the rate

Bed
levei

• Cuieson
24 in die

Concrete plug

Steel cutting edge
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Figure 6.43 Artificial sand islands for constructing the caissons for the south pier, Humber Bridge (David Lee Photography)

lot moorings

Figure 6.44 Lowenng caisson from floating plant at Lower Zainbezi Bndge (after Howorth6)
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of sinlung should be governed by a fixed cycle of opera-
lions The usual procedure is to maintain a 24 h cycle
compnsmg excavation from the wells, erecting steel
plating for formwork in the walls, and concreting a
1 2—24 m lift of the walls Srnking should proceed con-
tinuously, but the assembly and welding of steelwork
is preferably scheduled for the daylight hours The
level of the concrete should be controlled by reference
to stability diagrams

The top of the skin plating should always be main-
tamed about 1 m above water level to guard against an
unexpected nse on level However, the freeboard should
not be so much that the centre of gravity is too high to
give proper control of verticality

Control of verticality can be achieved by one or a
combination of the following methods

(a) Adding concrete on one side or the other
(b) Differential dredging from beneath the cutting edge
(c) Pullmg by block and tackle to anchorages
(d) Jetting under the cutting edge on the 'hanging' side
(e) Placing kentledge on one side or the other

Grabbing is the most commonly used method of ex-
cavating from the open wells although ejectors operated
by compressed air or water pressure have been used
Arrangements of compressed air ejectors are shown in
Fig 645(a) and (b) Compressed air is injected into the
nser pipe through holes in a manifold, and the aerated
water, being of lighter density than the surrounding
water, flows up the riser pipe to the surface Air or water
jets are used to loosen the sand at the base of the exca-
vated area An essential factor in the success of ejector
excavation is that the matenal must be cohesionless,
i e gravels, sands, or sandy silts If ejectors are lowered
into soft clays or clayey silts they merely form a vertical-
sided hole and the material does not tend to slump
towards the ejector unless assisted by independent
water jets

The caissons forming the foundations of the
Carquinez Bndge in USA632 were sunk wholly by a
combination of jetting and airlifting Each caisson was
31 2 x 16 1 m in plan divided by cross walls into three
rows of six cells, the central row having 4 m square
cells A vertical 762 mm conductor tube was installed
at the centre of each cell extending to the underside of
timber planking which closed the bottom of the caisson
just above the sloping portion of the shoe The caisson
was sunic through 27 m of water and 13 7 m of soft clay
and silt to a penetration of about 9 5 m into a stratum of
sand and gravel The timber bottom was not removed
until the caisson was close to founding level

Excavation took place below the timber bottom by
operating an airlift pump (of a type similar to Fig 645(b))

Figure 6.45 Types of compressed-air ejector (a) Air lift pump
(b) Air—water ejector

simultaneously in four of the six cells in the central
row The airlift ejector pipe was 254 mm in diameter
with air supplied through a 63 5 mm pipe at 11 m3/min,
giving an upflow velocity of 3 rn/sec which was capable
of lifting 60 mm gravel The soil was loosened by a
150 mm jetting pipe operated independently of the airlift
m the same 762 mm conductor tube The four jetting
pipes were supplied by two 6820 I/mm pumps deliver-
ing at 34 bar pressure They had 38 mm swivelling
nozzles capable of reaching beneath the outer walls with
the jet The rate of excavation was 8 m3/hour

Manifold

Cutting head

(a)

Air pipe

damp

(b)
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if excavation becomes difficult, a caisson can be
partially pumped out This increases its effective weight,
so increasing the sinking effort In Indian practice this
is known as 'running the wells' The procedure may be
dangerous where the cutting edge has only just pen-
etrated a clay stratum overlain by water-bearing sand
The water in the sand may then force its way through a
limited thickness of clay causing a localized 'blow'
followed by tilting of the caisson

Explosives fired in the wells can be used to cause a
temporary breakdown in skin friction, but they are rarely
effective in breaking down stiff material from beneath
the cutting edge Explosive charges carefully placed
by divers can be used to break up boulders or other
obstructions to sinking.

Water jetting may not be effective in freeing hanging
caissons, since 'sticky' sinking conditions usually occur
in stiff clays or boulder clays which are not amenable
to removal by jetting

Open-well caissons are plugged with concrete placed
by tiernie pipe or by a bottom-opemng skip No attempt

should be made to pump out the cells if operating
depths permit the concrete is packed under the sloping
part of the shoe and bedded by divers If the water
depth is too great for diver operation the soil at the
bottom of the cells is levelled by swivelling jet pipes in
combination with air-lifting

(vi) Cofferdams In some caissons, the permanent
caisson structure terminates below low-water level and
the piers are constructed on the decking over the cais-
son. In such cases it is necessary to provide a tempor-
ary cofferdam on top of the caisson in which the piers
can be constructed in the dry Cofferdams may be
constructed in tongued and grooved timber, in timber
sheeted with bituminous felt or, in cases of repetition
work, by a movable steel trussed section sheeted with
steel plating or interlocking sheet piling. The latter
method was used for the River Tigris bridges at Bagh-
dad628 (Fig 646) The lower ends of the sheet piles
were made watertight by arranging them to bear against
a 178 mm high raised concrete kerb cast on the top of

Detail at A
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50x50x75m1n 2794x159mm
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m concrete
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Figure 6.46 Cofferdam erected on caisson for River Tigris bridges, Baghdad (after Reid and Sully628)
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the caisson The kerb was faced by a steel angle bent to
the shape of the cofferdam Another angle frame was
bolted to the bottom of the sheet piles to fit over the
kerb angle and to complete the seal a rubber flap ex-
tended loosely below the angle frame on the cofferdain
External water pressure forced this against the kerb
angle When the cofferdam was to be removed it was
flooded, so releasing the rubber flap seal As a precau-
tion against a sudden rise in flyer level a steel plate
extension section was kept on hand, and if necessary it
could have been bolted quickly in position on top of the
sheet piling

(vii) Sinking pneumatic caissons Control of posi-
tion and verticality of pneumatic caissons is more
readily attainable than with open-well caissons It is
possible to maintain control by careful adjustments of
the excavation beneath the cutting edge and, if this is
insufficient, raking shores can be used in the working
chamber, or the caisson can be moved bodily at early
stages of sinking by placmg sliding wedges or 'kickers'
beneath the cutting edge

Excavation in the working chamber is usually under-
taken by men hand shovelling into crane skips, com-
pressed-air tools such as clay spades or breakers being
used in stiff clays or boulder clays When excavations
are in sands or gravels, hand-held water jets can be
used to sluice the matenal into a sump from where it is
raised to the surface by a 'snorer' The latter is merely
an open-ended pipe with its lower end dipping into
water in the sump By opening a valve on the snorer
pipe, the water and soil are forced by the air pressure in
the working chamber out of the caisson The snorer
also performs a useful function in clearing water from
the floor of the excavation if the soil is too imper-
meable for the air pressure to drive the water down mto
it Powerful water jets can be designed to swivel from
monitors fixed to the roof of the working chamber

The compressed-air supply must be regulated to
provide adequate ventilation for the workmen In per-
meable ground this is readily attained by allowing it to
escape through the soil and beneath the cutting edge
However, when sinking in impermeable clays and silts,
ventilation must be maintained by opening a valve to
allow air to escape through the caisson roof Careful
regulation of air pressure is necessary when sinking in
ground affected by changes in tidal water levels

Smoking or naked lights should not be permitted in
the working chamber because of the risk of encounter-
ing explosive gases, e g methane (marsh gas), during
sinking A careful watch should be maintained in
neighbounng excavations Accidents have been known
to happen by compressed air passing through the beds

of peat and becoming depnved of oxygen due to oxida-
tion of the peat The escape of this oxygen-deficient
air into the confined spaces of excavations has caused
asphyxiation of workmen in them

In very permeable ground, such as open gravel or
fissured rock, the escape of air may be so great as to
overtax the compressor plant The quantity escaping
can be greatly reduced by pre-grouting the ground with
cement, clay or chemicals as descnbed in Section 11 3 7,
or by plastenng the exposed faces of the excavation
with clay or by packing puddled clay beneath the cut-
ting edge

If a pneumatic caisson stops sinlung due to build-up
of skin fnction, it can be induced to move by the pro-
cess known as 'blowing down' This involves reducing
the air pressure to increase the effective weight of the
caisson, so increasing the sinking effort The process
is ineffective if the ground is so permeable that air
escapes from beneath the cutting edge at a faster rate
than can be achieved by opening a valve

Careful control should be exercised when blowing
down in ground containing boulders, or when blowing
down a caisson to land it on an uneven rock bed In
some circumstances, it may be necessary to excavate
high spots in the rock and fill them with clay and then
blow the caisson down into the clay

If at all possible a caisson should not be blown down
in soft or loose ground, as this might result in soil
surging into the working chamber, so increasing the
quantity to be excavated There is also the nsk of loss
of ground into the working chamber causing settle-
ment of adjacent structures It must be remembered that
pneumatic caissons are, in many instances, used as a
safeguard against such settlement Blowing down, if
properly controlled, is a safe procedure in a stiff clay

If a caisson is sinking freely without the need for
blowing down, measures must be taken to arrest the
sinking on reaching foundation level This can be
achieved by casting concrete blocks in pits excavated
at each corner of the working chamber at such a level
that the caisson comes to rest on the blocks at the desired
founding level

Concrete in pneumatic caissons is placed 'in the dry'
The procedure for small caissons as described by Wilson
and Sully628 is first to place a 0 6 m thick layer of fairly
workable concrete over the floor of the working cham-
ber, ramming it well under the cutting edge Stiff con-
crete is then carefully packed under the haunch plates
and worked back towards the air-shaft, the upper layers
being well rammed against the roof of the working
chamber The space beneath the air-shaft is filled with a
fairly wet concrete levelled off just below the bottom
of the shaft A 1 to 1 cement—sand grout is then placed
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in the shaft and allowed to fill up the lower 1 5 m
section which is left in permanently Air pressure is
then raised to 0 3 or 0 6 bar above the normal working
pressure to force the grout into the concrete and fill any
voids underneath the roof of the chamber The shaft is
recharged with grout as necessary and it is usually found
that the total amount of grout required corresponds to
a volume equal to a 40 mm thick layer beneath the
roof of the working chamber After the grout has been
under air pressure for 2 days the remaining space to
the top of the 1 5 m length of air-shaft is filled with
concrete About 3 or 4 days after completion of grout-
ing, air pressure can be taken off the caisson and the
remaining lengths of air-shaft and air-locks dismantled
The method of concreting is illustrated in Fig 647
Concrete in large caissons is placed by pumping as
described by Mitchell 627

6.4.7 Skin friction in caissons

The skin fnction resistance which must be overcome
when sinking a caisson to the required founding level is
unrelated to the zn-situ shear strength characteristics of
the soil In the case of soft normally consolidated clays
these are extensively remoulded as the caisson is sunk
through them and the unit skin fnction is likely to be
much less than the remoulded shear strength or even
the residual shear strength of the clay if the caisson is
sunk rapidly Where caissons are sunk through or into
stiff clays the skin fnction resistance on the external
surface of the shoe is likely to be roughly equal to the
residual shear strength unless undercutting below the
shoe is necessary Very little resistance will be developed
above the projection at the top of the shoe

Where sands are excavated from the cells down to or
below the cutting edge they tend to flow and the con-
sequent slumping around the caisson causes a dragdown
force instead of resistance to sinking

Present-day practice is to avoid the problems of build-
up of excessive skin friction resistance by the intro-
duction of a thixotropic clay slurry (e g bentonite) at
the projection above the shoe The slurry is circulated
through a circumferential header pipe above the shoe
with outlets spaced around the walls in case individual
pipes become blocked or damaged as the caisson is
sunk Great care is necessary to avoid loss of continuity
in the annulus of the bentonite from shoe level up to the
ground surface, say by loss of matenal from a sand island
such as occurred in the Humber Bridge caissons 631

Observed values of skin friction resistance to sinking
are given in Table 6 2 It will be noted that there is no
marked relationship between the depth of sinking and the
unit resistance except in the case of the Jamuna River
caissons where there was a linear relationship with the
overburden pressure over the depth of the shoe below
the bentonite annulus The unit skin friction over this
limited depth was found to be equal approximately to
0 33 times the effective overburden pressure This rela-
tionship was expressed in a different way by Wiley642
who stated

The skin friction on the lower section of the caisson
increases directly as the depth sunk but unless the
matenal is very unstable or practically in the liquid
state the friction at any given depth on successive
sections of a caisson is not as great as that exerted on
the cutting edge and lower section of the caisson while
at that point or in other words the passage of the
lower part of the caisson smooths, lubricates, or in
some other manner tends to decrease materially the
friction on the following sections A wall thickness
of 1 52 to 1 83 m gives weight enough to overcome
any friction that may develop ordinarily unless the
material penetrated be exceptionally difficult

Values of the skin friction resistance obtained from
sinlung observations should not be used to calculate the
support given to foundation loads after completion of a
caisson This should be calculated by the methods given
for bored piling in Sections 7 7, 7 9, and 7 11 How-
ever, there are many situations when such support can-
not be allowed, for example where bentomte has been
used to assist sinlung, where the cutting edge has been
undercut, or where the surrounding soil has slumped
down and is undergoing reconsohdation and settlement

6.4.8 Examples of the design and construction
of open-well caissons

(i) Jamuna River power connector, Bangladesh
Transmission line towers for the 250 kV east—west
connection in Bangladesh are camed across the Jamuna

Dry concrete benched
to form hollow under
air-shaft

Figure 6.47 Concreting working chamber of pneumatic caisson
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Table 6.2 Observed values of skin friction in caissons

Site Type of caisson Approx size (m) Soil conditions Observed skin
friction (kNIm2)

Refrrencet

Lower Zambezi Open well and
pneumatic 11 x 6 x 38 m deep Mainly sand 23 6 22

Howrah

Uskmouth

Open well and
pneumatic
Pneumatic

55 x 25 x 32 m deep
50x35x l83mdeep

Soft clays and sands
l22msoftclay6 1 msand

29
55

633
634

Grangemouth Open well 13 x 13 x 7 3 m deep Very soft clay 475 6 35
Grangemouth Open well 195 x lOx 5 5 m deep Very soft clay 575—1000 635
Kafr-el-Zayat Pneumatic 15 5 x 5 5 x 25 m deep Sand and silt 19—26 629
Grand Tower

(Mississippi River) Open well 19 x 8 5 x 38 1 m deep Med fine sand 30 636
Verrazana narrows Open well 69 5 x 39 x 40 m deep Med dense to dense

sand and fine gravel
85—95 6 37

Iskander Open well 146 x 7 9 x 15 1 m deep Sand 29 638
Sara Open well 192 x II 3 x 56 m deep Silty sand 32—50 6 39
Gowtami Open well 9 x 6 x 304 m deep 9 I m sand

137 m stiff clay
7 6 m sand

126 640

Jamuna River Open well (with
bentonite) 12 2 m dia x 90 m Silty med fine sand 260t 641

t On 29 m depth of shoe at final stage of sinking

River on piers formed from open-well caissons Eleven
single-well caissons were spaced at intervals of 1220 m
across the meander belt of the river where boreholes
showed alluvial silty sands and gravels extending to
depths of more than 100 m It was estimated that the
river bed would scour to a depth of 38 m at a bankfull
discharge of 70700 m3/s To provide for this and for
local scour around the caissons it was necessary to adopt
a founding level of as much as 105 m below the nver
bed, which was the greatest founding depth anywhere
in the world 641,643

All caissons had an outside diameter of 12 2 m with
wall thicknesses increasing from 1 83 m at the top to
244 m above the structural steel shoe (Fig 648) The
soil at founding level was dense silty fine sand and
gravel with an uncorrected SPT value between 50 and
125 blows/0 3 m

The two principal problems which influenced the
construction method were, first, the deep scour which
could occur in any annual flood season, and, second,
overcoming skin friction developed in the very great
depth of sinking The deep scour (up to 10 m was
recorded in the 1977—80 construction period) and the
associated changes in the river channel and the formation
of shallows prevented towing the caissons to the site
and sinlung them through water Also it would not have
been possible to recover and recirculate the bentonite
slurry used for lubrication Accordingly the six caissons
located in the nver channels were sunk through sand
islands These consisted of 24 m diameter sheet pile

cells, using 30—37 m long piles, with sand filling The
piles were driven through a 92 m diameter scour pro-
tection blanket consisting of two layers of plastic bags
filled with sand After the sheet piles had been driven
additional sandbags and gabions filled with sandbags
were stacked around the cells

Reliance was placed on using bentonite slurry to
lubricate the outer skin surface of the caissons as a
means of overcoming skin friction over the great depth
of sinlung The slurry was injected through 25 mm pipes
spaced at 0 85 m centres around the circumference and
at staggered intervals of depth varying from 1 22 to
487 m (Fig 648) The deepest caisson had 1188 nozzles
at 27 intervals of depth A mud density of 1 2 t/m3
was used The slurry discharging at surface level was
collected in a trough, cleaned, and recirculated

Excavation was performed by tower crane-operated
grabs to a depth of about 30 m and thereafter by air-
lifting The walls were concreted in 2 44 m lifts as
sinking proceeded On reaching founding level the
bentonite slurry around the penphery of the caisson
was replaced by a cement grout, and the interior was
plugged by 30 m of medium gravel placed on a fine
gravel filter

The resistance to sinlung was analysed for several of
the caissons641 The unit skin friction resistance K tan

on the outer surface of the shoe was taken to be
0 33 o' Thebearing resistance on the base of the shoe
was calculated using the bearing capacity coefficient
N of Caquot and Kensel From observations of sinking



effort the angle of sheanng resistance was shown to
vary from 31 to 42°

The joint consulting engineers for the project were
Merz and McLellan and Rendel Palmer and Tntton
Professor P W Rowe advised on soil mechanics and
caisson sinking The contractors were a consortium of
seven Korean companies advised by Raymond Tech-
nical Facilities

(ii) Yokohama Bay Bridge Foundation construction
in 1983 for the two main tower piers for the central
460 m span of the Yokohama Bay Bridge provided an
interesting example of the use in foundation work of
large-scale precasting in conjunction with heavy con-
struction equipment The cable-stayed spans have an

overall length of 860 m and carry six lanes of traffic on
each of two decks The two main towers are each sup-
ported on a group of nine 10 m diameter open-well
caissons sunk through about 50 m of silt into mud-
stone rock The overall depth to founding level of the
caissons was about 80—90 m below high-water level
in Yokohama Bay

The caisson groups beneath the towers are each sur-
mounted by a 56 x 54 x 925 m deep cap of precast
concrete box construction The construction of the first
pier foundation is shown in Fig 649 The work com-
menced by constructing the caisson cap in a dry dock
It contained three rectangular opemngs in each of three
rows separated by U-shaped cells At the same time as
the construction work in the dry dock was proceeding,
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Riverbed

12

Design
level —53 5

each header

100 mm diameter
nozzle header

11 no discharge nozzles at
851 mm centres to each

I quathant

Plan showine bentonite
lubncation inpection system

Poorly graded
medium gravel

Poorly graded
cobbles and

—91m 29mf Fine gravel filter

Figure 6.48 General arrangement of open-well caissons for Jamuna River Crossing, Bangladesh
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(b)

Figure6.49 Multi-well caisson foundations for the Yokohama Bay Bndge, Japan (a) floating in the caisson cap (b)Pitching caisson

Temporary
piles (a)

Pitching
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Figure 6.49 (cont'd) (c) Sinking caissons and dnlhng rock socket (d) Constructing tower base (Courtesy of the Metropolitan
Expressway Public Authonty of Yokohama)

(c)

(d)
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a temporary trestle supported by tubular steel piles was
constructed at the pier site to act as a guide when floating
in the caisson cap and as a working platform for the
subsequent operations Supports at this stage for the
caisson cap consisted of a double row of tubular piles
beneath the two central cells and a single row around
the outside walls. These piles were driven from floating
equipment and the two central rows were capped by
heavy precast concrete slabs placed by floating crane at
a height of about 6 m above the sea-bed.

On completion of the caisson cap in the dry dock it
was towed by five tugs to the pier location, floated
between the gwde trestles and sunk on to the low level
pile caps (Fig 6.49(a)). The bulltheads temporarily
closing the bottoms of the nine caisson opemngs were
then removed and the 10 m diameter caissons which
had been precast on shore to a height of 27 m were
brought to site and pitched on to the sea-bed through
the openings by a 3000 t floating crane (Fig 649(b))

The caissons were sunk to rockhead by grabbing
using cranes operating from the top of the caisson cap
Further sinlung to the required depth below rockhead
was performed by a rotary drill mounted on a travelling
carnage (Fig. 6.49(c)) An under-reaming tool enlarged
the rock socket to the external diameter of the caisson
The sockets were plugged with concrete and the upper
parts were capped followed by placing concrete in the
box structure to form the base for the tower pier
(Fig. 649(d)).

(ffl) Severn Estuary Crossing The piers supporting
the multi-span bndge crossing the Severn Estuary are
an outstanding example of the use of heavy hfting equip-
ment to overcome what would otherwise have been a
very difficult construction problem. The estuary at the
crossmg site is over 42 m wide. The spring-tide range
of 145 m is the second highest in the world, with
currents exceeding 5 mIs At low-water, rock is exposed
over the majority of the nver leaving a 350 m wide
main channel and a 500 m area as the only parts per-
manently under water. These conditions made it poss-
ible to use floating craft for construction for a few
hours only on either side of high-water

The exposure of sock on the river-bed would norm-
ally have favoured the use of box caissons for the bndge
piers. However, because of the draught required to float
such structures and the effect of tidal currents causing
erosion of bed preparation measures, the adoption of
box caissons was ruled out in favour of open-bottom
precast concrete pier shells These have been described
as open-well caissons,6 but they do not conform to
the generally accepted concept of such structures Three
main types were fabricated, twenty-one 34 x 10 m, six

53 x 13 m, and eight 27 x 6 m in plan dimensions
depending on the bridge spans and the exposure to risks
of collision from a 6500 t ship The largest shells had
an overall height of 11 m They rehed on dead-weight
after filling with concrete for restraint against sliding
from current and collision forces augmented by shear
keys in the form of 20 m diameter steel tubes set in
2 m deep holes drilled into the rock on the river-bed

The shells, the heaviest of which weighed 2030 t,
were fabricated on the east bank of the estuary They
were hfted from their casting bed by a jacking frame
to allow a crawler-tracked transporter to be driven
beneath them Each shell unit was stiffened internally
with cross walls and steel bracing and carned by the
transporter to a ro-ro shpway and then onto a shallow-
draft self-propelled barge

The rock surfaces at each pier location had been
trimmed by excavators working at low-tide Concrete
pads were constructed to receive the base of the walls
A jack-up barge carrymg two 1250 t Lampson Translift
cranes was floated-rn at high water and positioned along-
side the pier location The barge was then manoeuvred
by its four thrusters directly over the prepared base, and
the shell unit was hfted-off the barge by a four-point
lifting frame and lowered into place (Fig. 650) Grout
bags beneath the walls were inflated to provide even
bearing. The gap between the base of the walls and the
rock surface was filled with concrete placed in situ,
followed by casting a base plug over the whole area
This was followed by assembling steel reinforcement
and concreting the interior of the shells at the upper
part of the piers

The float-out, hfting, and lowering of the shells
required a three-hour period for completion. It was
restricted to a three- or four-hour period on each side
of spring tides A photograph of the assembly before
hft-off forms the front cover of this book

The contractors for the project were a consortium of
John Laing Construction and GTM They employed
Halcrow-SEEE as consulting engineers for the design
of the bridge.

6.4.9 Examples of the design of pneumatic
caisson foundations

(1) Pneumatic caisson for Redheugh Bridge, New-
castle upon Tyne Pneumatic caissons were used to
support the two main piers of the 160 m span prestressed
concrete girder bridge constructed in 1980—82 across
the River Tyne. The caissons had an outside diameter
of 11 0 m and they were provided to transmit the pier
loads on to the mudstones, siltstones, and sandstones of
the Coal Measures at a depth of 23 m below HSWT
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Figure 630 Schematic anangement for placing 11 m deep pier shells for the second Severn estuary Bndge Crossing

Pneumatic caissons were selected because of the likely
difficulties in sinking through boulders in the glacial
deposits overlying the Coal Measures, and because of
the need to Inspect the rock surface at founding level
and to make probe dnlhng to locate possible abandoned
coal mine workings at depth.645

The lower part of each caisson consisting of the 4.7 m
deep shoe of steel plate construction, the roof of the
working chamber, and an outer cofferdam 5 m high in
temporary steel tubbing plates was constructed m a dry
dock 12 km downstream of the bridge The calculated
draught of 665 m on floating out from the dry dock
gave sufficient clearance for towing at the higher tide
levels to the sinking site The required draught was
achieved by air pressure in the working chamber, by
the buoyancy of the section within the cofferdam above
the working chamber, and by six 5t flotation bags
secured around the outside.

At the pier location the caisson was winched into
position and located by three guide piles. Air was
released from the working chamber to sink the umt
into the alluvium below the dredged river bed. Divers
using high-pressure water Jets assisted by grabbing were

needed to remove a large boulder from beneath the
cutting edge of one caisson To increase the sinking
effort the walls were concreted in 2 m hits using the
steel rubbing plates as external formwork These plates
were later raised above the walls to maintain the top
of the cofferdam above high-water level (Figs 651 and
652). Compressed air was supplied to the working
chamber by two 28 m3/min electrically powered com-
pressors with a third diesel-powered unit as a standby
The maximum air pressure required was 1.93 bar. The
rate of sinking was controlled by varying the level of
water ballast in the void above the roof of the working
chamber The outer skin was lubricated by a bentonite
slurry injected above the shoe. When downward move-
ment ceased it was restarted by the 'blowing-down'
operation. Air was released rapidly from the working
chamber of amounts between 0.4 and 1.0 bar to give
a drop of about 0.3 m. At founding level sinking was
stopped by packing concrete around the cutting edge
Probe drillings were made to a depth of 20 m followed
by grouting the drill holes and the annular space around
the outer skin. The working chamber was then filled
with concrete placed by pump

ZOmOD Shearkey
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Figure 6.51 Sinking the pneumatic caisson for the foundations of Redheugh Bndge, Newcastle upon Tyne

The consulting engineers for the bndge project
were Mott Hay and Anderson The contractors were
a consortium of Edmund Nuttall Ltd and HBM Civil
Engmeenng Ltd

(ii) Pneumatic caissons for the Little Belt Bridge,
Denmark Pneumatic caissons were used as combined
pile caps and piers to support the towers of the 600 m
main span of the suspension bndge crossmg the Little
Belt between Jutland and Funen6'647 The piers and
the foundations of the approach spans were constructed
in 1965—76 by a consortium of Chnstiani and Nielsen,
Jespersen and Son, and Saabye and Lerche, to the
designs of Ostenfeld and Jonson The two main piers

were located m 19—20 m of water and each of them
was founded on a group of 206 vertical and raking
precast concrete piles of 480 x 380 mm cross-section
The piles were dnven as a first operation from staging
to a depth of 31 5 m below the sea-bed The dnving
was terminated when the pile heads were about 1 m
above the sea-bed and a layer of gravel was placed
around them

The two caissons were constructed to a height of
1075 m in an open excavation on the Jutland shore
and were then floated to a construction berth where the
walls were raised to heights between 20 and 21 m
Dunng this time four 7 x 3 2 m beanng pads were each
laid over the heads of a group of eight of the precast
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concrete piles in the outer two rows of vertical piles at
each pier location The gravel layer in the area of the
beanng pads was grouted with cement

The first caisson was raised from its fitting-out berth
by pumping-out ballast water and it was then warped to
the pier site and sunk on to concrete plinths which had
been placed on the four bearing pads (Fig 6 53) The
sinking operation was performed in current veloci-
ties of 0 6—0 8 m/s After installing the air-locks and
access shafts air was pumped into the working chamber
to expel the water and expose the pile heads These
were stnpped down to expose the reinforcement which
was bonded with a layer of honzontal steel to make a
structural connection between the pier body and the
pile group Loading tests to 1 5 times the working load
of 2 MN were made on selected piles by jacking against
the roof of the working chamber, after which a 0 8 m
thick sealing layer of concrete was placed over all the
pile heads The concreted area was then divided into
18 compartments by steel formwork and these were
concreted individually through 200 mm pipes placed at
24 positions over the area of the caisson Concrete dis-
charge chutes in the form of air-locks of 6501 capacity
were moved from one pipe position to another as con-
creting progressively covered the area of the working
chamber up to the roof

The final operation was to consolidate the concrete by
injecting cement grout beneath the roof of the chamber
at a pressure equal to that in the chamber which was
kept at about 2 bar during the work described

6.4.10 Bridge piers supported by piling
The above example and that of the Faro Bridge
(Fig 6 26) are rather unusual methods of using piles
for supporting bridge piers The usual method is to locate
the pile heads at or above high-water level and to use con-

ventional pile caps to support the piers Alternatively
the pile caps can be constructed within a cofferdani
as descnbed for the Kessock Bridge (Fig 623) Pro-
tection against ship collision is achieved either by the
combined mass and bending resistance of the pile group
and cap, or by an independent fender structure614

The commissioning of the power-connector across
the Jamuna River in Bangladesh, described in Sec-
tion 64 8, was followed about ten years later by the
construction of a multi-purpose bndge about 60 km
upstream648 The bridge provides a dual two-lane road-
way, a metre gauge railway, pylons for a power con-
nector, and a high pressure gas pipeline The site and
geological conditions are very similar to those described
in Sections 648 and 742 At the bridge location, the

Figure 6.52 Cross-section through pneumatic caisson for foundations of Redheugh Bridge, Newcastle upon Tyne
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Personnel and matenals

braided nver was 15 km wide It was decided to reduce
the channel width to 48 km by confining it within mas-
sive rockfihl training bunds This increased the predicted
river-bed scour to 40—45 m at the design maximum
flood of 65 000 m3/s compared with 38 m at the unre-
stncted power connection crossing downstream.

The economical span length for the precast concrete
segmental box girder was about 100 m, requmng 50
intermediate piers between the abutments. The limited
construction penod of 31/2 years overall ruled-out the

feasibility of using caissons because of the time re-
quired to srnk them to depths of more than 70 m. Piled
foundations were the only practical expedient, and their
installation within the limited available penod was made

possible by using a very large piling hammer and heavy
hft crane barges developed for the offshore oil industry
for installing large diameter tubular steel piles and top-
side assemblies

The precast concrete shell piers are supported by bents
of two 3 15 m O.D piles (Fig 6.54) or three 25 m

1flflflHMMM
480 x 380 mm precast concrete piles

Figure 6.53 Pneumatic caisson foundation for the Little Belt Bndge, Denmark (after MeIdner)
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Figure 6.54 Two-pile bent supporting intermediate piers of
Jamuna River Bndge

0 D piles driven at a rake of 1 in 8 The piles were
required to carry a design maximum axial load of nearly
60 MN and a lateral load from wind, current, ship col-
hsions, and earthquake-induced forces of 1 5MN The
axial load was designed to be camed by combined shaft
friction and base resistance Fortunately, a layer of dense
sandy gravel was present within the alluvium at a depth
of about 85 m below bank level and the piles were
terminated on this layer They were pitched through a
temporary steel pile jacket and driven in two lengths at
a rake of 1 in 8 by a Menck 1700 T hydraulic hammer
having a 102 tram delivenng 1700 kN/m of energy per
blow After completion of driving, the mtenor soil was
removed by air-lifting followed by placing a concrete
plug at the toe Base grouting was performed below
the plug to re-consohdate any soil loosened by the air-
lifting process. Finally, the remainder of the pile above
the base plug was filled with concrete The technique
used for the base grouting is descnbed in Section 8 14 1

The bridge, training works, and approach roads
were designed by Rendel Palmer and Tritton/Nedeco/
Bangladesh Consultants The contractor for the bridge
construction, including detail design, was Hyundai
Engineering and Construction JV

Bridges over water

The design of piles to resist axial and transverse load-
ing is dealt with in the following chapter.

6.4.11 Anchorage abutments for
suspension bridges

Loadings applied to the anchorages of a suspension
bndge are predominantly sub-horizontal and are resisted,
in the case of anchorages founded on soil, by the shding
resistance of the base and the passive resistance of the
soil on the leading face A large mass is reqwred to
provide a counterweight against overturning about a
point on the bottom of the leading face. The principal
features of an anchorage are:

(1) The splay saddle where the individual strands from
the suspension cables are splayed apart to the indi-
vidual locking-off points.

(2) The splay pillars which are inclined columns which
direct the thrust from the saddle to the base of the
block.

(3) The inspection chamber where the operations of
adjustment of cable tension are made.

(4) The rear gravity block which provides the resistance
to overturning

These features are shown in the arrangement of the
first Severn Bndge anchorages649 (Fig 655). A pair
of cables exerted a total pull of 206 MN which was
resisted by an anchorage block of about 370 MN net
weight on the Aust side of the nver and somewhat
lighter on the Beachley side. The Aust anchorage was
designed to impose a pressure of 1.3 MN/m2 on the
rock at the toe of the block and zero pressure at the
heel. The gravity blocks were in two separate sections
connected by a deck forming the approach roadway

Problems of overturning may be severe where the
anchorage is located in water with the splayed cables
and inspection chamber set above high-water level This
was the case for the south anchorage of the 1100 m
main span of the South Bisan—Seto Suspension Bndge.
This bridge forms part of the Honshu—Shikoku Bridge
Project and is a two-level highway—railway crossing
the straits. The anchorage for a pair of cables with a
combined pull of 785 MN is located in 15—20 m of
water and the rock from the sea-bed downwards was
removed by blasting and grab dredging with 20 m3
buckets to a depth of—50 m to receive a75 x 59 x 55 m
steel caisson The final trimming of the rock surface
was performed by grinding with a 2.5 m diameter
rotary excavator mounted on a jack-up barge. A total of
600 000 in3 of rock was removed by these methods
After floating-in the 20000 t caisson it was sunk on to
the prepared bed and filled with coarse aggregate which

271
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Figure 6.55 Anchorages for the first Severn Bndge (after Gownng and Hardie649)

4 4

Anchorage
frame

Steel caisson filled with
grouted aggregate

Figure 6.56 Anchorage for South Bisan—Seto Suspension Bndge (courtesy of Honshu—Shikoku Bndge Authonty)
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Figure 6.57 South anchorage of the Humber Suspension Bridge
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was then injected by pumped-in mortar Escape of grout
from the bottom edges of the caisson was prevented
by a crushable rubber cushion The upper 76 m high
section compnsing the splay saddles for the cables and
the inspection chamber were constructed wholly above
sea-level (Fig 6 56)

The main problem with the south anchorage of
the Humber Bndge6 ° was the extreme susceptibility to
softening of the Kimmendge Clay at the founding level
of —33 m 0 D This clay is of stiff to hard consistency
and is fissured such that it undergoes rapid swelling
and softening on relief of overburden pressure in a deep
excavation The anchorage was designed to resist a
cable pull of 372 MN partly by the shear resistance of

the clay at the base, partly by skin fnction on the sides,
and partly by passive resistance on the leading face
of the substructure In order to minimize exposure of
the clay the cellular substructure was constructed by
diaphragm wall methods in the form of box structure
with four parallel intenor walls The extenor walls
formed a trapezoidal shape in plan (Fig 6 57) An open
excavation was taken out to —45m, and the 800 mm
diaphragm walls were constructed from this level The
excavation within the walls was taken out in alternate
8 m wide strips with precast concrete struts installed
progressively as the excavation was taken down

The anchorage was constructed by John Howard &
Co to the designs of Freeman Fox and Partners

Main cable

11 7m
River
Humber

H

35 m 44 m

Strutsat5mcentres
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7 Piled foundaflen .:
the cairiryhag capadty of
pikes and pile grnnp

7.1 Classification of piles

Piles are relatively long and slender members used to
transmit foundation loads through soil strata of low bear-
ing capacity to deeper soil or rock strata having a high
bearing capacity They are also used in normal ground
conditions to resist heavy uplift forces or in poor soil
conditions to resist honzontal loads Piles are a con-
vement method of foundation construction for works
over water, such as jetties or bndge piers Sheet piles
perform an entirely different function, they are used
as supporting members to earth or water in cofferdams
for foundation excavations or as retaining walls The
design and construction of foundation works in sheet
piling will be descnbed in Chapters 9 and 10

If the bearing stratum for foundation piles is a hard
and relatively impenetrable matenal such as rock or a
very dense sand and gravel, the piles denve most of
their carrying capacity from the resistance of the stra-
tum at the toe of the piles In these conditions they are
called end-beanng or point-bearing piles (Fig 7 1(a))
On the other hand, if the piles do not reach an impen-
etrable stratum, but are driven for some distance into a
penetrable soil, their carrying capacity is derived partly
from the end-bearing and partly from the skin friction
between the embedded surface of the pile and the sur-
rounding soil Piles which obtain the greater part of
their carrying capacity by skin friction or adhesion are
called friction piles (Fig 7 1(b)).

The main types of pile in general use are as follows

(a) Driven piles Preformed units, usually in timber,
concrete, or steel, driven into the soil by the blows
of a hammer

(b) Dnven and cast-in-place piles Formed by driving
a tube with a closed end into the soil, and filling the
tube with concrete The tube may or may not be
withdrawn

(c) Jacked piles Steel or concrete units jacked into
the soil

(d) Bored and cast-in-place piles Piles formed by bor-
ing a hole into the soil and filling it with concrete

Pile

SOftZ F2
compressible _..Zsoil.\ _--

Hard )
incompressible layer

(a)

Pile
xcr.ejirw tirtw,e'

— — —— Softsoil
__z—=—= becoming= — = =—= increasingly
—__=— stiff witb

depth

(b)

Figure 7.1 (a) End-bearing pile (b) Fnction pile
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(e) Composite piles Combinations of two or more of
the preceding types, or combinations of different
materials in the same type of pile

The first three of the above types are sometimes
called displacement piles smce the soil is displaced as
the pile is driven or jacked into the ground In all forms
of bored piles, and in some forms of composite piles,
the soil is first removed by boring a hole into which
concrete is placed or various types of precast concrete
or other proprietary units are inserted. The basic differ-
ence between displacement and non-displacement piles
requires a different approach to the problems of calcu-
latmg carrying capacity, and the two types will there-
fore be discussed separately

7.2 The behaviour of piles and pile groups
under load

The load—settlement relationship typical for a single
pile driven into a sand when subjected to vertical load-
ing to the pomt of failure is shown inFig 7 2(a). At the
early stages of loading, the settlement is very small and
is due almost wholly to elastic movement in the pile
and the surrounding soil. When the load is removed at
a point such as A in Fig 7 2(a) the head of the pile will
rebound almost to its original level If strain gauges are
embedded along the length of the pile shaft they will
show that nearly the whole of the load is camed by
skin friction on the upper part of the shaft (Fig 7.2(b))
As the load is increased, the load—settlement curve steep-
ens, and release of load from a point 13 will again show
some elastic rebound, but the head of the pile will not
return to its onginal level, indicating that some 'per-
manent set' has taken place. The strain gauge readings
will show that the shaft has taken up an increased amount
of skin fnction but the load camed by the shaft will not
equal the total load on the pile, indicating that some
proportion of the load is now being camed in the end-
bearing When the load approaches failure point C, the
settlement increases rapidly with httle further increase
of load A large proportion of the ultimate load is now
camed by end-bearing

The relative proportions of load camed in shaft fnc-
tion and end-bearing depend on the shear strength and
elasticity of the soil Generally, the vertical movement
of the pile which is required to mobilize full end resist-
ance is much greater than that required to mobilize full
skin friction If the total load on the shaft and the load
on the base of a pile are measured separately, the load—
settlement relationships for each of these components
typical for a stiff clay are as shown in Fig 7 15 It will
be seen that the skin friction on the shaft increases to
a peak value, then falls with increasing strain On the

(b)

Figure 7.2 Effects of loading a pile (a) Load—settlement curve
(b) Distribution of load over depth of pile shaft for various
stages of loading

other hand, the base load increases progressively until
complete failure occurs

Because of elastic movement m the pile shaft the
upper part of the pile moves relatively to the soil. Thus
in the case of a pile driven on to a hard and almost
incompressible rock, the strain-gauge readings along
the pile shaft will show some load transferred to the
soil towards the top of the pile due to mobilization of
skm friction as the shaft compresses elastically

Permanent set Load on pile head

T
E

load

C
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At the limit state corresponding to point C in
Fig 7 2(a) the ultimate beanng capacity of a pile is
given by the equation

= Q. + Q,, — Wp,

where

= ultimate shaft resistance in skin friction,
Qb = ultimate resistance of base,
W,, = weight of pile

Usually W is small in relation to Q and it is often
neglected because it is not much greater than the weight
of the displaced soil However, it must be taken into
account for marme piling where a considerable propor-
tion of the pile length extends above the sea-bed

EC 7 refers to the 'design bearing resistance', R,
which is denved from

— R,k RbkRCd — — + —'
Y5 Tb

where ç and Yb are the partial safety factors for shaft
fnction and base resistance respectively These take
account of the method of pile installation In the present
draft code 'y. is given as 1 3 for both dnven and bored
piles, but Yb is given as 1 3, 1 6, and 1 45 for dnven,
bored, and continuous flight auger piles respectively
The shaft resistance is given by

R,,, = q,, kA,I

and the base resistance is given by

Rbk = qbk''b,

where

A,, = nominal surface area of the pile in soil layer i,
Ab = nominal plan area of the pile base,

= charactenstic value of the resistance per umt
of the shaft m layer i,

bk = charactenstic value per unit area of base

EC 7 requires that the charactenstic values q,,, and
bk do not exceed the measured bearing capacities used
to establish the correlation divided by 1 5 on average
For example if q is shown by correlation with loading
tests to be equal to mne times the average undrained
shear strength of the soil below the pile base the char-
actenstic value should be obtained from 9 x c (aver-
age) divided by 1 5 'Fhis additional factor is used
essentially to allow for uncertainties in the calculation
method or scatter in the values from which the calcula-
tion was based

Where the ultimate limit state pile load is determined
from loading tests, equation (7 2) can be used to obtain
RCd provided that the components of base resistance and

7 1
shaft friction are obtained either by instrumentation
or by a graphical interpretation (Section 8 7) To allow
for the variability of the ground and variability in pile
installation techniques, the measured or estimated Rcm
should be reduced by a factor which depends on the
number of loading tests performed The factors for the
mean Rcm are 1 5, 1 35, and 1 3, and for the lowest R,
are 1 5, 1 25, and 1 1 for one, two, or more than two
loading tests respectively for each case If it is not
possible to evaluate the base and shaft resistances
separately, the value of RCk obtained by factonng Rcm
should be further reduced by factors depending on
the type of pile These are 13,15, and 14 for driven,
bored, and CFA piles respectively

The Institution of Civil Engineers' specification for
piling7' defines the allowable pile CapaCity as

a capacity which takes into account the pile's bear-
ing capacity, the materials from which the pile is
made, the required load factor, settlement, pile spac-
ing, down-drag, the overall bearing capacity of the
ground beneath the piles and other relevant factors
The allowable pile capacity indicates the ability of
the pile to meet the specified loading requirements
and is therefore required to be not less than the speci-
fied working load

(7 3) Hence this definition is broader than the EC term 'de-
sign bearing resistance', which refers only to the bear-
ing capacity of an individual pile and takes no account
of the serviceability limit state of the structure sup-

(74) ported by the piles The Institution of Civil Engineers'
definition corresponds to that of 'allowable load' in BS
8004 Foundations

When piles are arranged in close-spaced groups
(Fig 7 3) the mechanism of failure is different from
that of a single pile The piles and the soil contained
within the group act together as a single unit A slip
plane occurs along the penmeter of the group and 'block
failure' takes place when the group sinks and tilts as a

(72)

Original level of pile cap

Piles and soil

'Wasa'un1t
Figure 73 Fa,Iure of piles by group action
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unit The failure load of a group is not necessarily that
of a single pile multiplied by the number of piles in the
group In sand it may be more than this, m clays it is
likely to be less The 'efficiency' of a pile group is taken
as the ratio of the average load per pile when failure of
the group occurs to the load at failure of a comparable
single pile

It is evident that there must be some particular span-
mg at which the mode of failure changes from that of a
single pile to block failure The change is not depend-
ent only on the spacing but also on the size and shape
of the group and the length of the piles (Section 7 14)

Group effect is also important from the aspect of
consohdation settlement, because in all types of soil the
settlement of the pile group is greater than that of the
single pile carrying the same working load as each pile
in the group The ratio of the settlement of the group to
that of the single pile is proportional to the number of
piles in the group, i e to the overall width of the group
The group action of piles in relation to carrying ca-
pacity and settlement will be discussed in greater detail
later in this chapter

7.3 Definitions of failure load on piles

In the foregoing discussion we have taken the failure
load as the load causing ultimate failure of a pile, or the
load at which the bearing resistance of the soil is fully
mobilized. However, in the engineering sense failure
may have occurred long before reaching the ultimate
load since the settlement of the structure will have
exceeded tolerable limits

Terzaghi's suggestion that, for practical purposes, the
ultimate load can be defined as that which causes a
settlement of one-tenth of the pile diameter or width, is
widely accepted by engineers However, if this cntenon
is applied to piles of large diameter and a nominal safety
factor of 2 is used to obtain the working load, then the
settlement at the working load may be excessive

In almost all cases where piles are acting as struc-
tural foundations, the allowable load is governed solely
from considerations of tolerable settlement at the work-
ing load An ideal method of calculating allowable loads
on piles would be one which would enable the engineer
to predict the load—settlement relationship up to the
point of failure, for any given type and size of pile in
any soil or rock conditions In most cases a simple
procedure is to calculate the ultimate bearing capacity
of the isolated pile and to divide this value by a safety
factor which expenence has shown will limit the settle-
ment at the working load to a value which is tolerable to
the structural designer But where settlements are cnti-
cal it is necessary to evaluate separately the proportions

of the applied load camed in shalt friction and end-
bearing and then to calculate the settlement of the pile
head from the interaction of the elastic compression of
the pile shaft with the elasto-plastic deformation of the
soil around the shaft and the compression of the soil
beneath the pile base

In all cases where piles are supported wholly by soil
and are arranged in groups, the steps in calculating
allowable pile loads are as follows

(a) Determine the base level of the piles which is
required to avoid excessive settlement of the
pile group This level is obtained by the methods
described in Section 7 14 The practicability of
attaining this level with the available methods of
installing the piles must be kept in mind

(b) Calculate the required diameter or width of the
piles such that settlement of the individual pile at
the predetermined working load will not result in
excessive settlement of the pile group

(c) Examine the economics of varying the numbers
and diameters of the piles in the group to support
the total load on the group

The general aim should be to keep the numbers of
piles in each group as small as possible, i e. to adopt the
highest possible working load on the individual pile
This will reduce the size and cost of pile caps, and will
keep the settlement of the group to a minimum How-
ever, if the safety factor on the individual pile is too
low excessive settlement, leading to intolerable differ-
ential settlements between adjacent piles or pile groups,
may result

In the case of isolated piles, or piles arranged in very
small groups, the diameter and length of the piles will
be governed solely from consideration of the settle-
ment of the isolated pile at the working load

Techniques of installation have a very important
effect on the carrying capacity of piles Factors such as
whether a pile is driven or cast in situ in a bored hole,
whether it is straight-sided or tapered, whether it is
of steel, concrete, or timber, all have an effect on the
interrelationship between the pile and the soil The
advantage of the soil mechanics method of calculating
carrying capacity is that it enables allowable loads to
be assessed from considerations of the characteristics
of the soil and the type of pile These predictions do not
have to wait until the actual piling or test piling work
is put in hand, although confirmation of the design
assumption must be made at some stage by test loading
of piles Engineers should not expect too much from
formulae for calculating carrying capacity of piles and
should not be disappointed if the calculations methods
indicate failure loads which are in error by plus or minus
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60 per cent of the failure load given by test loading.
It should be remembered that when a pile is subjected
to test loading a full-scale foundation is being tested.
Because of normal variations in ground conditions and
the influence of installation techniques on ultimate re-
sistance it is not surpnsing that there should be quite
wide variations in failure loads on any one site Engin-
eers would not be surprised if such wide variations
were experienced if full-scale pad or strip foundations
were loaded to failure

The alternative is to calculate allowable loads or de-
sign bearing capacities by dynamic formulae. These
will give even wider variations than soil mechanics'
methods and, in any case, these dynamic formulae are
largely discredited by experienced foundation engineers,
unless they are used in conjunction with dynamic test-
ing and analysis using the eqwpment descnbed m Sec-
tion 7 20.2.

7.4 Calculating ultimate loads on isolated
driven piles in coarse-grained soils

When a pile is driven by hammering or jacking mto a
coarse soil it displaces the soil A loose soil is com-
pacted to a higher density by the pile and very little, if
any, heave of the ground surface takes place In very
loose soils a depression will form in the ground surface
around the pile due to the compaction of the soil by the
pile driving In dense coarse soils very little further
compaction is possible, with the result that the pile will
displace the soil, and heaving of the ground surface
will result Such displacement involves shearing of the
mass of soil around the pile shaft. Resistance to this is
very high in a dense coarse soil, so that very heavy
dnvmg is required to achieve penetration of piles in
dense sands or gravels Heavy driving may lower the
shearing resistance of the soil beneath the pile toe
owing to degradation of angular soil particles. Thus
no advantage is gained by over-driving piles in dense
coarse soils In any case this is undesirable because of
the possible damage to the pile itself

The compaction of loose or medium-dense coarse
soils by pile driving gives this type of pile a notable
advantage over bored pile types Boring operations for
the latter are likely to loosen coarse soils and thus lower
their end-bearing resistance

The shaft frictional resistance of piles in coarse soils
is small compared with the end resistance. This is
thought to be due to the formation of a ring or 'shell' of
compacted soil around the pile shaft, with an mner ring
of soil particles in a relatively loose or 'live' state The
skin friction is governed by this inner shell. In the case
of straight-sided piles the soil particles may stay in

a loose condition on cessation of driving In tapered
piles the nng is recompacted with each blow of the pile
hammer

Because of difficulties in obtaining undisturbed
samples of coarse soils from boreholes, it is the usual
practice to calculate the ultimate bearing capacities of
piles in these soils from the results of in-situ tests
(Section 1 45) Two basic approaches will be described.
the first is based on the CPT and the second on the
SPT In both methods the ultimate bearing capacity is
calculated and this must be divided by a safety factor to
obtain the allowable load The safety factor is not con-
stant It depends on the permissible settlement at the
working load, which is m turn dependent on the pile
diameter and the compressibility of the soil Experience
shows that a safety factor of 2.5 will ensure that an
isolated pile with a shaft diameter of not more than
600 mm dnven into a coarse soil will not settle by more
than 15 mm Alternatively, partial safety factors can be
applied in conjunction with equations (7 l)—(7 4) and
the serviceability limit state checked by experience or
calculation and confirmed, if necessary, by loading tests
These tests are also necessary if the 'global' safety factor
of 25 is used unless experience provides a reliable guide
to settlement behaviour

The calculation methods discussed in this section are
concerned with piles driven into silica sands consisting
of relatively strong particles which do not degrade sig-
nificantly during the pile dnving and subsequent load-
ing The shaft friction in piles with weak particles is
discussed in Section 7 10

The unit shaft resistance in equation (7 3) is given by
the basic equation

= K,a',, tan 8,

where

(75)

K, = a coefficient of horizontal earth pressure,
= average effective overburden pressure over

the depth of the soil layer,
6 = angle of friction at the pile/soil interface

The value of 6 is independent of soil density and can be
obtained from laboratory shear box tests. Jardine eta!72
showed that the constant volume friction angle at a
steel/sand interface decreases with increase in mean
particle size, as shown in Fig 74

K, is not constant over the depth of the pile shaft It
is cntically dependent on the relative density of the soil
and the volume displacement (LIB) of the soil by the
pile Figure 7 2 showed the load distribution over the
depth of a pile driven into a loose becoming medium-
dense sand The corresponding unit shaft friction q,
is shown in Fig 7 5, indicating that the friction or
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Figure 7.4 Relationship between interface friction angle and
mean particle size of a silica sand (based on Jardine et a17 2)

Interface shear stress

be achieved, making it necessary to advance the test
alternately by pushing down the cone and drilling out
the soil in short intervals of depth with the likelihood of
soil disturbance affecting the CPT results. In these con-
ditions the SPT is often preferred to the CPT for which
the effects of drilling disturbance can be allowed for
when interpreting the test results

The base resistance component qb in equation (73)
is obtained either by an empirical correlation with cone
resistance (see below) or from the equation

(76)
where Nq is a bearing capacity factor related to the
peak angle of shearing resistance 'of the soil and the
slenderness ratio (L/R) of the pile. The friction angle

is denved either from the SF1' or the CPT (Figs 2 13
and 2 14)

Methods of calculating the shaft and base resistance
of piles driven mto sand are discussed in the following
sections of this chapter

7.4.1 Methods based on the cone penetration test

(i) Calculating the shaft resistance An advanced
method, referred to m this chapter as the IC method,
was developed at Imperial College, London, for calculat-
ing the shaft resistance of tubular steel piles driven into
sands for supporting offshore structures for the petro-
leum industry Hence it was concerned with piles driven
deeply mto sands to develop their resistance to large
uplift forces The method is soundly based both theor-
etically and practically to take account of the effects of
soil displacement and dilation The cone resistance is
relied on to provide a measure of the relative density of
the soil

The umt shaft friction, or shear stress at the pile/soil
interface is expressed in terms of the ratio of the height
of the particular soil layer above the pile toe to the pile
radius (hIR).

The various equations involved in the IC method are
given below in the terms used by Jardine and Chow73

Total shaft resistance = Q, = icDjtd (77)
Umt shaft resistance = r,.= a tan ö. (7.8)

Radial effective stress at point of shaft failure
= cy= cr + Aa (7.9)

Equalized radial effective stress
= = 0.029q(aJP)°'3 (h/R)-°35 (7 10)

Dilatant increase in local radial effective stress
= = 2Göh/R, (7 11)

where

Figure 7.5 Interface shear stress distribution on shaft of pile
dnven into sand

interface shear stress increases approximately exponen-
tially with depth below the ground surface

The relative density of the soil is usually determined
by some form of zn-situ test (Section 1 45) The static
cone penetration test (CPT) is the most reliable because
the results are not affected by drilling disturbance Also
it simulates to some extent the soil displacement caused
by the entry of the pile, although the volume displace-
ments are different The CPT can give erratic results
when performed in soils containing gravel or cobbles
Frequently only a small penetration of these soils can
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= = interface angle of friction at failure,
R = pile radius,
G = operational shear modulus

In equation (7 8), 8 can be obtained either by labor-
atory shear box tests or by reference to Fig 74 The
equalized radial stress in equation (7 10) implies that
the pore pressure around the shaft generated by pile
driving has been dissipated The term Pa is the atmos-
phenc pressure, which is taken as 100 kN/m2 Because
of the difficulty in calculating or measuring the high
radial stresses close to the pile toe, hIR is limited to 8

The shear modulus G in equation (7 11) can be meas-
ured in the field by the pressuremeter (Section 1 45) or
obtained by correlation with CPT resistance using the
relationship of Chow,74 where

C2'—'G=qA+B— ,
and

= qC/%[O

In equation (7 12)
A = 0.0203,
B = 0.001 25,
C= 1 216x 10_6

The term 8h in equation (7 11) is equal to twice the
average roughness, Rcia, of the pile surface, i e the
average height of the peaks and the troughs above and
below the centre line as determined by equal volumes
of peaks and troughs over a gauge length of 8 mm
R for steel piles used in marine structures is typically
1 x iO mm is inversely proportional to the pile
radius and tends to zero for large diameter piles.

Equation (79) refers specifically to closed-end piles
under compression loading, Radial stresses are lower
under tension because of the diametral contraction of
the pile and other effects Equation (79) is modified for
tension loading to becomeS

= (0 8a,, + Aa,,) tan of
Piles driven with open ends develop a lower shaft re-
sistance than closed-end piles because the volume dis-
placement is much lower This assumes that a solid soil
plug is not formed at the toe and camed down to give
the equivalent of a closed end, as discussed later in this
section The effect of the open end is allowed for by
adopting an equivalent pile radius R*, and equation
(7 10) becomes

where

R*_1R2 —R2 '°— ' oulr inner'

In equation (7 15), hIR is greater than 8

The external shaft resistance for tension loading
on open-end piles is approximately 10 per cent lower
than for compression loading when equation (7 14)
becomes

= 09(0 8a ÷ a) tan O (7.17)

To use the IC method the embedded length of the
pile shaft is divided into a number of short sections
depending on the layering of the soil and the variation
with depth of the CPT readings It is usual to draw a
mean line through the CPT plot over the depths of the
identifiable soil layers When considering pile drive-
ability, shaft friction must not be underestimated and a
design line should tend towards the higher values of q
(Section 7 202) If SPT results only are available, they

A simpler method is to represent the interface shear
distribution in Fig 7 5 by the equation

= K(()qc (7 18)

where Kis an empincal factor representing the type of
loading, i e in compression or tension, and whether the
pile has an open or a closed end A study by the author,
of the results of loading tests on 20 piles where the
shaft resistance was measured by instrumentation or
directly by tension tests gave the following values of K

The interface shear stress values calculated from equa-
tion (7 18) are compared with those calculated by the
IC method in Fig 76forthe case ofa762mmOD
steel tube pile driven with an open end to a depth of
44 m into loose to medium-dense silty micaceous sand
at the site of the Jamuna River Bndge m Bangladesh75
It will be seen that there is reasonably close agreement
between the shear stress distribution given by the two

(7 16'
methods and with the measured values However, in
view of the limited available data, the K values may be
over-conservative for open-end piles

can be converted to CPTs by a relationship such as that
(7 12) shown in Fig 1 8

The application of the IC method mvoves a large

(7 13)
number of repetitive calculations depending on the ex-
tent of soil layering and variations in CPT resistance
Hence the method is best suited for use in conjunction
with a computer program The IC method is somewhat
over-elaborate for piles driven to a relatively short pen-
etration into coarse soils or for situations where the
shaft resistance is only a small proportion of the total

Closed-end compression loading 0020
(7 14) Closed-end tension loading 0015

Open-end compression loading: 0 009
Open-end tension loading 0008

= 0 029q(a,,JP)° 'i(h/R*)°uB, (7 15)
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Figure 7.6 Comparison of measured and calculated interface
shear stress on the shalt of a steel tube pile dnven into sand

A very simple and more empirical method of deter-
mining shaft resistance, which takes no account of the
important effect of volume displacement, is to use the
relationship

q = Kq
Values of K used in France by the Laboratoire des Ponts
et Chaussees are

Soil type q, (kN/m2)

Concrete Steel

Limiting q, (kN/m2)

Silt and loose sand
Medium-dense

sand and gravel
Dense to veiy dense

sand and gravel

q,/6()

q,/100

q/150

q,/120

q,/200

q,/200

35

80

120

The large differences between the values for concrete
and steel piles suggests that the former may be under-
conservative Equation (7 19) is suitable for calculat-
ing the shaft friction on steel H-section piles In the
author's experience, a solid plug does not form between
the flanges and the web of an H-section driven into
sand Hence the shaft fnction can be calculated on all
embedded steel surfaces

A safety factor of 2 can be used to obtain the allow-
able shaft resistance where the ultimate resistance
is obtained from equations (7 8)—(7 18) It may be
advisable to increase this value to 2 5 for open-end piles

driven to a deep penetration to obtain a high resistance
to tension loading

When EC 7 is used, the calculated total shaft resist-
ance RSk is based on a charactenstic value of q,., which
is obtained by dividing the calculated 'r or q, in equa-
tions (7 8)—(7 19) by a factor of at least 1 5 The factor
Ym is not applied to the measured cone resistance q
The partial factor of 1 3 is then apphed to RSk to obtain
the design shaft resistance, equation (7 2)

(ii) Calculating the base resistance As in the case
of shaft fnction, the Imperial College design method74
for offshore piles driven into sands relies on the static
cone penetration test to provide the most rehable data

= t7,[l — log (D/D)], (720)

where 4, is the cone resistance averaged over 1 5 pile
diameters above and below the toe, D is the pile diam-
eter, and D is the cone diameter, which is taken as
0036m

For large diameter, solid end piles with diameters
exceeding 2 m a lower-bound q, is taken as

qb=013q (721)

Where a rigid basal plug has developed, the reduced
base resistance compared with that of the solid end pile
is allowed for by using the equation

= [0 5 — 0 25 log (D/Dcp'r)] (7 22)

II equation (722) is to be used, it must be shown that the
pile diameter is less than 0 02(D. — 30), where Dr is the
relative density of the sand expressed as a percentage
If the diameter is larger, a ngid plug will not develop

0

Test pile was 762mm 0 D x 38mm wall
thickness steel tube driven with open end
into medium—fine silty micaceous sand

20

30

40
Measured
on test pile

f (h/25)05 c
IC method

—==--
Pile toe 44 2 m

50

interface shear stress (kN/m2)

25 50 75 100 125 130 for calculating base resistance It distinguishes between
the base resistance of closed- and open-end piles In the
latter case the magnitude of the base resistance depends
on whether or not a rigid plug of sand is formed at the
pile toe dunng the course of driving Research73 has
shown that the larger the diameter of the pile the less
is the resistance to penetration of the plug Also, the
research shows that a ngid basal plug cannot mobilize
a base resistance equal to that of a solid end pile This
is because the plug must compress to develop its ultimate
resistance such that the base settlement is likely to
exceed one-tenth of the pile diameter, which is the gen-
erally adopted cntenon to define failure The problems
of calculating the base resistance of open-end piles are
common to methods based either on the cone resistance
or on the standard penetration test For this reason they
are discussed further in Section 74 3

_______ Using the IC method the base resistance of a solid
end pile is calculated from the quation

(7 19)
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For unplugged piles and large diameter piles where
a rigid plug has not developed, q is calculated on the
cross-sectional area of the steel only when

qb=q0 (723)
The shaft friction on the internal surface of the pile is
disregarded

A design or charactenstic value of 4, canbe obtained
by plotting on a single sheet the q/depth diagrams of
all tests made m a given area and drawing an average
curve through the readings in the vicinity of the pile
toe as shown in Fig. 7 7(a) Alternatively, a statistical
method can be used to obtain a mean value The allow-
able base resistance is then obtained by dividing t71,Ab
by a safety factor which depends on the scatter of results
Usually the factor is 25, but it is a good practice to draw
a lower bound lme and check that the lower 4bAbhas a
small safety factor Sharp peak depressions in the dia-
gram should be ignored provided that they do not rep-
resent soft clay bands in a predominantly sandy deposit.

A method used m The Netherlands, usually for precast
concrete piles with widths up to about 500 mm, is to
take the average cone resistance 4c1 overa depth of up
to four diameters below the pile toe, and the average
q-2 eight pile diameters above the toe as descnbed by
Meigh76 The ultimate base resistance is then given by

qb=
qC-l+qC-2

(724)

The shape of the cone resistance diagram is studied
before selecting the range of depth below the pile to
obtain q1 Where q increases continuously to a depth
4D below the toe the average value of q1 is obtained
only over a depth of 0.7D If there is a sudden decrease
in resistance between 0 7D and 4D the lowest value
in this range should be selected for q,1 as shown in
Fig 7 7(b) To obtain q2 the diagram is followed in an
upward direction and an envelope is drawn only over
those values which are decreasing or remain constant at
the value at the pile toe Minor peak depressions are
again ignored provided that they do not represent clay
bands Values of q higher than 30 MN/rn2 are dis-
regarded Safety factors generally used in The Nether-
lands for use with the 4D—8D method are given by te
Kamp77 as

Timber 1 7
Precast concrete, straight shaft 20
Precast concrete, enlarged shaft 2 5

An upper limit of end-bearing resistances is adopted
on values obtained from either of the methods shown
in Fig 7 7 This depends on the grain size and stress
history (overconsolidation ratio) of the soil as shown

0
Cone resistance, q, (MN/rn2)

5 10

S
a

a
10

2

I

S

'a

10

I

(b)

Figure 7.7 Use of static CPTs to obtain design values of
charactenstic cone resistance in coarse soils (a) From average
and lower bound q depth curves (b) Method used in The
Netherlands for obtaimng the base resistance
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20

Limit of 15 MN/rn2 for all coarse soils

Fine to coarse

of
sand with OCR in range

in range of 6f0sand
with OCR

0 5 10 15 20 25 30 35
Calculated value of ultimate end-bearing resistance, q, (MN/rn2)

Figure 7.8 Limiting values of pile end-bearing resistance for solid end piles in coarse soils (after te Kemp77)

in Fig 7 8 Because of the conservative assumptions
applied to the measured cone resistance in both design
methods, the material factor Tm applied to the measured
cone resistance values is taken as unity

When using EC 7 the value of q obtained from
either of the methods in Fig 77 should be divided by
the factor of 1 5 to obtain bkand the resulting Qbk should
be divided by the partial factor 'Yb (which is 1 3 for
driven piles) to obtain the design base resistance A
further check should be made on the serviceabihty hmit
state by calculating the pile head settlement usmg the
methods described in Section 7 11

When considering piling into sand deposits below
the base of a deep excavation or below nver bed in
situations where deep scour can occur, the effect of
rehef of overburden pressure on cone resistance must
be taken into account

In normally consolidated deposits there is a trend to
a linear increase in cone resistance with increasing depth.
Then if the overburden pressure at pile commencing
level were to be reduced to zero by excavation or scour,
it might be expected that the cone resistance would also
be reduced proportionally However, the effect of par-
ticle interlock modifies the resulting shape of the q/
depth curve This effect was shown by measurements
of cone resistance in the very deep sandy alluvium of
the Jamuna River in Bangladesh The CPT measure-
ments made on the river bank are compared with those
made in a nearby 19 m deep scour hole in Fig 79 It
will be seen that the q-value regained the onginal non-
scoured condition at a depth of about 20 m below scour
level Broug78 has developed a method of predicting the
reduction in cone resistance due to reduction in over-
burden pressure. The method was used to obtain skin

(a) (b)

FIgure 7.9 Comparison of qjdepth curves for CPTs on
river bank and in scour hole, Jamuna River, Bangladesh
(after Broug7 8)

11
'U

40

Cone resistance (MN/rn2)

Cone resistance (MN/rn2)

I

I.
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fnction and base resistance values from the results of
CP testing at the site of the highway and rail bridge
over the Jainuna River, where scour depths up to 45 m
have been predicted75

7.4.2 Methods based on standard
penetration test

(1) Calculating the shaft resistance The use of
equation (7.5) implies that m a soil of uniform density
the umt shaft resistance will increase linearly with depth
However, theoretical analysis and field measurements
have shown that the distribution takes the form shown
in Fig 75 In order to avoid over-estimating shaft
friction in long piles or dense soils a hmitmg value is
placed on the results calculated from equation (7 5)

The most widely used method of applying equation
(7 5) is that adopted by the Ainencan Petroleum Insti-
tate (API) 79This is an empirical method, based on the
results of a number of field tests Values of shaft resist-
ance and end-bearing as recommended by the API are
shown m Table 7 1 in terms of SI umts only The K,
value is assumed to be constant and the magmtude of q,
is governed only by tan 6, which is assumed to be
related to 4)', not to the mean particle size as shown in
Fig 74. However, by introducing muting values of
unit shaft resistance for each class of soil density as
shown in Table 7 1, errors, in pnnciple, of the method
are to a great extent cancelled out

Chow74 showed that the API method was over-
conservative for short piles with length to diameter ratios

up to 30 and for dense sands with relative densities of
60 per cent or more

The API method provides for the lower shaft friction
developed on open-end piles by taking K, to be 1 0 for
closed ends and 08 for open ends. The lower shaft
fnction in tension compared with compression is not
provided for. H-section piles are not considered by the
method The author suggests a K, of 05

When using the API method in conjunction with the
standard penetration test, the value of 4)' and the den-
sity class of the cohensionless soil are obtained from
Fig 2 13 As a check on the calculated values the simple
methods of equations (7 18) or (7 19) can be used in
conjunction with q obtained by converting the SPT
N-value using Fig 1 8 or a qIN relationship denved
for the particular site A factor of safety of 2 is appro-
priate to obtain the allowable shaft resistance

Usually, a plot of N-values against depth shows
quite a wide scatter, requiring judgement to obtain char-
actenstic values The influence of high values on pile
driveability (Section 720.2) should be considered

When applying the EC 7 recommendations, the tan-
gent of the selected 4)' is modified by the material factor
Yrn of 1 0 to 1 25 to obtain q, from Table 7 1, which is
then divided by a factor of 1 5 to obtain q,, and hence
R, which is in turn divided by the partial factor of 1 3
to obtain the design shaft resistance from equation (72).
In view of the inherent conservative results given by
the API method for short piles or piles in dense soils the
EC recommendations may lead to an over-conservative
design

Table 7.1 American Petroleum Institute 1993 design recommendauonst for piies in cohensionless siliceous soil

Density Soil description Soil/pile friction angle () Limited skin friction
values (kN/m2)

Nq Limiting unit end-bering
values (MN/rn2)

Very loose
Loose
Medium

Sand
Sand-silt
Silt

15 478 8 1 9

Loose
Medium
Dense

Sand
Sand/siltl
Silt

20 670 13 29

Medium
Dense

Sand
Sand-silt

25 81 3 20 48

Dense
Very dense

Sand
Sand-silts

30 957 40 96

Dense
Very dense

Gravel
Sand

35 1148 50 120

t The parameters listed in this table are intended as guidelines only Where detailed mformation such as in-situ cone tests, strength
tests on high quality samples, model tests, or pile driving performance is available, other values may be justified
1 Sand-silt includes those soils with significant fractions of both sand and silt Strength values generally increase with increasmg
sand fractions and decrease with decreasing silt fractions
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Qb = qA = NqOAb
The value of Nq depends on the angle of shearing
resistance of the soil and the ratio of the depth of
embedment to the least pile width Vesic71° has shown
that Berezantsev' s values of Nq1" give results which
most nearly conform to practical cntena of pile failure
However, it has been pomted out to the author that
Berezantsev's analysis has never been independently
proved The alternative is to use the Bnnch Hansen
factors (Fig. 2.7) They are compared with those of
Berezantsev in Fig 7 10 as modified by the depth fac-
tor (equation (2.17) and Fig 2 11) It is evident that if
the depth factor is disregarded, the Bnnch Hansen Nq
values would be very conservative for 4)' values greater
than about 35° When using Fig 7 10 values of 4) are
obtained form uncorrected SPTs using Fig 2 13, or
from CPTs using the relationships in Fig 2 14

The values of Nq for five classes of soil density as
recommended by the American Petroleum Institute are
shown in Table 7 1. A safety factor of 25 on Qb is
reasonable to obtain the allowable base resistance

The end-bearing resistance of a solid end pile driven
mto a coarse soil is usually the major component of the
total resistance Hence in order to obtain the design
value of q, from equation (7 25) or the characteristic
value bk in equation (74) a low value of N should be
selected from the scatter of results to obtain 4)'. How-
ever, when considenng pile drivabihty, N-values should
be selected from those representative of any denser soil

layers through which piles are to be driven EC 7 does
not refer specifically to values of peak skin friction and
base resistance, but it does state that design rules should
be based on experience When applying EC 7 recom-
mendations tan should be reduced by the materials
factor 'Ym of 1 2—1 25 to obtain q, from equation (7 5).
Although not stated in the code it will be advisable
to apply the same materials factor to the characteristic
4)'-value to obtain Nq and hence bk

Static CPTs should not be used to obtain 4)'-values
for use with Fig 7 10 The cone resistance should be
used directly to obtain q, as described in Section 74 1

It may be argued that because dnvmg compacts the
soil beneath the pile, the value of 4) should in all cases
represent the densest conditions This is not always the
case For example, when piles are dnven into loose
sand the resistance is low and little compaction is given
to the soil However, when they are driven into a dense
soil the resistance builds up quickly and the soil is
compacted to a denser state, but because of possible
weakemng effects due to the crushing of particles of
soil beneath the pile toe it would be unwise to assume
4)-values higher than those represented by the in-situ

(7 25' state of the soil before pile driving or to its state after
degradation of the particles

It will be seen from Fig 7 10 that there is a rapid
increase in Nq for high values of 4), giving high values
of base resistance However, research shows that at
a penetration depth of 10—20 pile diameters a maxi-
mum value of base resistance is reached which is not
exceeded or the rate of increase in base resistance
decreases to a small value no matter how much deeper
the pile is driven Published pile test results indicate
that the maximum value is 15 MN/rn2 (see Fig 7 8) As
a general rule the allowable working load on an isolated
pile driven to virtual refusal (by normal driving equip-
ment) in a dense sand or gravel, consisting predomin-
antly of quartz particles, is given by the allowable
load on the pile considered as a structural member
rather than by a consideration offailure of the support-
ing soil, or, if the permissible working stress on the
material of the pile is not exceeded then the pile will
not fail

Equation (7 25) can be used for jacked piles in con-
junction with Berezantsev's values of Nq provided it is
possible to drive the piles to a penetration into the bear-
ing stratum greater than five times the shaft diameter
For lesser penetration values of Nq as recommended
for use in conjunction with Bnnch Hansen's equation
(Fig 2.7) should be used If soft clay or silt overlies
the bearing stratum of sand or gravel then the DIB ratio
should be calculated on the penetration into the bearing
stratum only

200

150

o. 100

I
50

0

Figure 7.10 Comparison of Berezantsev and Brinch Hansen
end-bearing capacity factors

(ii) Calculating the base resistance The component
of base resistance in equation (7 1) is obtained from

Angle of shearing resistance (1
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7.4.3 The base resistance of open-end piles

It is frequently necessary to drive piles to a deep pen-
etration into coarse soils, for example to obtain resist-
ance to uplift or horizontal loads. In order to avoid
premature refusal of the piles to further penetration
before reaching the required toe level the piles are
driven with open ends Because of radial expansion
and contraction and fiexure of the piles under blows
from the hammer, the pile tends to slip down through
the soil without the formation of a sohd plug which
is camed down by the pile Measurements of the soil
level inside the pile relative to the extenor usually
shows a drop in level due to the densifying of the
interior soil and the intermittent penetration of the plug
at the pile toe When an axial load is applied to the pile
head the sand plug at the toe is pushed up, archmg
takes place in the soil mass and skin friction resistance
corresponding to the passive coefficient of honzontal
stress is developed at the intenor pile/soil interface
However, it must not be assumed that the soil plug
will develop a base resistance equivalent to that of
a sohd end pile This is because quite appreciable
movement of the pile toe is required to induce an arch
to form in the soil plug and the larger the pile the
greater the movement, such that pile head settlements
may exceed tolerable hmits for large-diameter piles.
Estimated sand plug resistance values obtained from
published and unpublished test results have been
plotted by Hight er a1712 in relation to the diameter of
the open-end pile giving the approximate envelope
shown in Fig 7.11 The results are very erratic with
no clear trend to a reduction in resistance with increas-
ing diameter In most cases the piles were driven into
dense or very dense soils and it was evident that fail-
ure occurred by yielding of the plug, not by failure
of the soil beneath the pile toe If the API values shown
in Table 7 1 had been used for design in the cases
shown the base resistance would have been grossly
overestimated.

The base resistance of open-end tubular steel piles
can be increased by welding a diaphragm at a predeter-
mined height above the pile toe as described in Sec-
tion 8 123 The base and skin resistance of tubular
and H-section piles can also be increased by welding
'wings' on to the exterior of the shaft. Precast concrete
piles can be provided with enlargements at the toe
However, the permissible working stresses on the least
cross-section of pile shaft must not be exceeded and it
must also be noted that dnving a pile with an enlarge-
ment at the tip will reduce the skin friction on the shaft
above the enlargement to that corresponding to loose
soil conditions

Pile diameter (mm)

Figure 7.11 Effect of pile diameter on end-bearing capacity of
open-end piles driven into Sand (based on Hight et a! 712)

7.4.4 Time effects

(1) Shaft resistance Recent research has shown that
the shaft resistance of piles driven into sand can increase
significantly after a penod of months or years after
driving This is not simply a matter of dissipation of
excess pore-pressure induced by the pile penetration
Dissipation in sands or silty sands usually occurs m a
few hours Chow74 reported an increase in shaft capacity
of 85 per cent over a period between six months and
five years after driving steel tube piles into sand at
Dunkirk

The author observed a 75 per cent increase in tension
resistance of a 762 mm steel tube pile over a period
between four and 280 days after driving The pile was
driven to a depth of 78 m into loose becoming medium-
dense to dense silty micaceous sand at the site of the
Janiuna River Bndge in Bangladesh

There is a lack of published information on such
occurrences and most of the published case histories
do not indicate the time interval between driving and
load testing Chow believes it to be unlikely that the
increase m shaft friction is due either to corrosion of
steel piles or ageing of the sand, and suggests that it is
most likely to be caused by slow relaxation of soil
arched around the shaft, thereby increasing the radial
stress at the interface
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The observed increases were of the order of 50±25
per cent per log cycle of time in the medium to long
term However, there is insufficient evidence to enable
pile designers to take advantage of the possible increase
unless it is supported by field trials over a period of
months

(ii) Base resistance There are a few recorded
instances of reduced total carrying capacity of piles.
This is probably due to a short-term reduction m base
resistance

Terzaghi and Peck713 have noted that occasionally
the carrying capacity decreases conspicuously during
the first two or three days after driving They state that
it is probable, but not certain, that the high imtial bear-
ing capacity is due to a temporary state of stress that
develops in the sand surrounding the point of the pile
during driving Fe1d714 has described the case of 457 mm
diameter steel pipe piles driven to depths of 15—18 m
into varved silty sand overlain by about 3 m of medium
sand. The piles withstood static load tests of 1200 and
1600 kN However, load tests made on the same piles
about a month after driving, and after further piles had
been driven adjacent to them showed excessive settle-
ment under loads of only 800 kN.

The same effect was observed when driving 20 m
diameter closed-end steel tube piles to a penetration
of about 4—5 m into dense sandy clayey silt for the
foundations of the new Galata Bridge in Istanbul715 The
dnvmg resistance as expressed in blows per 250 mm
penetration of the Delmag D100 hammer fell from about
700 blows to an average of 250 blows per 250 mm after
waiting periods between 12 and 45 hours.

Errors made in overestimating the carrying capacity
of piles in sands due to time effect can only occur if the
capacity is based on calculations by dynamic formulae
based on observed driving resistances They are not
likely to occur when the design has been based on static
methods taking due account of the effects of pile driv-
ing on the characteristics of the soil However, because
of possible time effects, load tests or redrive tests with
the dynamic analyser on piles in sands should not be
made until at least 24 hours have elapsed after driving,
or a longer period if advantage is to be taken of a
possible increase in shaft resistance

7.4.5 Effects of cyclic loading
Chow74 described cyclic load tests on a 100 mm diam-
eter by 7.5 m long closed-end pile driven into dense
sand at Dunkirk Compression loading was apphed in
61 cycles with magnitudes of 19—8 1 per cent of the
ultimate for static loading Instrumentation showed a

slight reduction of the interface shear stress near the
ground surface, but on completing the cychc loading
the pile was re-tested by static loading to failure giving
an increase of 8 per cent over the first time static load
The pile head settlement at failure was reduced com-
pared with that measured at the initial static loading
Conversely, Lehane716 reported a 3 per cent reduction
in static tensile capacity after 41 cycles of tension load-
ing from zero to 40 to 70 per cent of the ultimate
These tests were made on a 100 mm diameter steel pile
driven with a closed-end into loose to medium-dense
sand at Labenne, near Bordeaux

Generally, cyclic loading in compression should not
be detnmental to carrying capacity, and any reduction
in shaft capacity with cyclic tension loading should not
be significant provided that the working load has a safety
factor of at least 2 5 on the ultimate This assumes that
the piles are driven into silica sands (i e sands with
strong particles) The weakening effects of cyclic load-
ing can be severe in friable calcareous sands

7.5 Calculating ultimate loads on driven and
cast-in-place piles in coarse soils

Driven and cast-in-place piles (Section 8 13) are formed
by dnvmg a tube into the ground On reaching found-
ing level the tube is filled with concrete. In some types
of pile the tube is withdrawn while concreting the shaft
Also it may be possible to form a bulb at the base of the
pile For pile types where a steel tube or precast con-
crete cylinder is left in position the shaft resistance can
be calculated quite simply by the methods given in the
preceding sections of this chapter Where the drive tube
has a closed end, the base resistance is calculated on
the base area at the pile tip Calculation of the base
resistance is more difficult for pile types in which a
bulb is formed since only the piling contractor knows
the size of bulb which can be formed in any given soil
conditions Thus only the piling contractor is in a posi-
tion to give reliable estimates of carrying capacity All
that the engineer can do is to obtain a preliminary idea
of the range in capacity by assuming that in a dense soil
the bulb will be little, if at all, larger than the shaft, and
in a loose soil it may be possible to form a bulb of
twice the shaft diameter It should be kept in mind that
settlement at the working load may be excessive if the
pile is terminated in loose soil conditions

In calculating the shaft friction on pile types in which
the drive tube is withdrawn, it is difficult to assess
whether the soil in contact with the shaft will be in a
loose or dense state This depends on the degree of
compaction given to the concrete, or on the efficacy of
other devices for compacting the soil while withdrawing
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Table 7.2 Effect of construction time and slurry viscosity of boned piles concreted under a bentonite slurry (after Littlechild and
Plumbndge7")

Pile reference Bentonue viscosity
(see)

Construction time
(h)

Total shaft resistance (kN)

Calculated Measured Meas Icaic

C5
C8
ClO
SRT1
SRT3

50
38

33
32

37

42

30

29
16

21

20450
20800
19500
18540
20480

6350
12000
13900
23000
19800

031
058
071
134
097

the tube It is also possible that the process of with-
drawing the tube and compacting the concrete will
enlarge the shaft, thus increasing its skin friction value.
As these are essentially points of constructional tech-
nique, the engineer must be guided by the piling con-
tractor on the proportion of the load which will be camed
in skin friction As a rough check on the contractor's
estimates, the engineer can assume that for techmques
in which no compaction is given to the concrete the soil
will be loosened by the withdrawal of the tube Where
the concrete is compacted the soil can be assumed to be
in a medium-dense state

7.6 Calculating ultimate loads on bored and
cast-in-place piles in coarse soils

Bored piles are installed by dnllmg with a mechanical
auger in an unlined borehole using the equipment de-
scnbed in Section 8 14 1 or by cable percussion or grab-

bing ngs with support by temporary casing described
in Section 8 14 2 Concrete is placed or injected in the
drill holes as the casing, where used, is withdrawn
When using rotary mechanical augers support by ben-
tonite slurry of the borehole below ground-water level
is required, except in the case of drilling by continuous
flight auger for which no temporary support is needed
In some ground conditions the casing is left in posi-
tion, or precast concrete sections may be inserted in the
drilled hole

In all cases of bored piles formed in coarse soils by
cable percussion drilling and grabbing, it must be as-
sumed that the soil will be loosened as a result of the
bonng operations, even though it may initially be in a
dense or medium-dense state Equation (7 5) may be
used for calculating shaft friction on the assumption
that the 4-value will be representative of loose condi-
tions and K, may be taken as 07 to 1 0 times K0. Smi-
ilarly the k-value used to obtain the bearing capacity
factor Nq for calculating the base resistance from equa-
tion (725) must correspond to loose conditions

Research by Fleming and Shwinski717 in 1977 ap-
peared to show that the shaft friction on bored piles
concreted under a bentomte slurry could be calculated
on the assumption that the 4 value would correspond to
undisturbed soil conditions It was assumed that the
nsing column of slurry displaced by the concrete would
scour away any bentonite filter-cake adhering to the
sand However, Littlechild and Plumbndge7t8 showed
that the slurry type and its properties, as well as the
construction time of the pile, had a sigmficant effect on
shaft resistance The results of loading tests on five
1 5 m diameter trial piles 53—55 7 m long installed in
about 25—30 m of clay overlying dense sand at a site in
Bangkok are shown inTable 72. It will be seen that the
shaft resistance decreased substantially with increase in
construction time and with increase m slurry viscosity

The site experiments were inconclusive as to whether
the failure to scour off the slurry occurred in the sand
as well as in the clay strata, but the authors quoted
Cernak (reference unknown) who reported a 56—43 per
cent reduction in shaft capacity over a long construc-
tion penod

The Bangkok experiments also showed that the
reduction in shaft resistance did not occur with piles
concreted under a polymer slurry with construction
penods between 14 and 41 hours

The assumption of loose conditions for calculating
skin friction and end resistance means that the ultimate
carrying capacity of a bored pile in a cohesionless soil
will be considerably lower than that of a pile driven
into the same soil type This is illustrated by a compar-
ison of bored and driven piles on a factory site in the
south of England On this site 24—27 m of peat and
fine sand of negligible bearing value were overlying
2 7 m of dense sand and gravel (SN' N-value = 35—50

blows per 03 m), followed by very dense silty fine
sand (N-value greater than 50 blows per 03 m). Bored
and cast-in-place piles of 482 mm shaft diameter were
installed at 46 and 9.1 m depth and these failed at loads
of 219 and 349 kN, respectively A pile formed from
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Time after driving (days)

Figure 7.12 Gain of carrying capacity with time of piles dnven into soft to stiff clays (after Vesic' )

508 mm diameter hollow precast concrete units was
driven to 40 m below ground level, where the driving
resistance was four blows of a 4 t hammer for the last
16 mm of penetration The total settlement under a
747 kN test load was 75 mm and the residual settle-
ment after removing the load was only 25 mm. At
747 kN the end-bearing pressure was estimated to be
3220 kN/m2 Based on an N-value of 40 blows per 03 m,
the base resistance was calculated by equation (7 25) to
be 4830 kN/m2 The total skin friction on the shaft of
the 46 m bored pile and driven pile is unlikely to have
been more than 50 kN in either case Thus the loosen-
mg effect of boring operations on the base resistance of
the bored pile was clearly demonstrated.

Whereas both driven and driven and cast-in-place
piles can be provided with an enlarged base, fornung
an enlargement at the base of a bored pile with ground
support by a bentonite slurry is a difficult and uncertain
operation Jet grouting as described as Section 11 67 can
be considered as a means of providing an enlargement.

The partial factors 'yr, and 'Yb in equation (7 2) recom-
mended by EC 7 are 1 3 and 1 6 respectively for bored
and cast-in-place piles, except when the piles are in-
stalled by CFA drilling when 'Yb reduces to 1 45

7.7 Ultimate loads on piles driven into
fine-grained soils

7.7.1 Skin friction on pile shaft

The carrying capacity of piles driven into fine soils, e g
silts and clays, is given by the sum of the skin fnction
between the pile surface and the soil, and the end resist-
ance The skin friction is not necessarily equal to the
shear strength of the soil, since driving a pile into a fine
soil can alter the physical characteristics of the soil to a
marked extent The skin friction also depends on the

material and shape of the pile and the elapse of tune
after installation

Piles driven or jacked into a normally consolidated
clay cause displacement of the soil As a result, con-
solidation takes place and pore-water is squeezed out
under the lateral pressures set up when the piles are
forced into the ground The effect of an increase in
pore-water pressure is to decrease the effective over-
burden pressure on the shaft of the pile, with a corres-
ponding decrease in skin friction This excess pressure
takes some time to dissipate Consolidation of the soil
is relatively slow and a heave of the ground surface is
inevitable at the early stages after dnvmg As consolida-
tion proceeds the excess pressure is dissipated mto the
surrounding soil or mto the material of the pile and
the heaved-up ground surface subsides Dissipation of
the excess pore-water pressure results in an increase in
effective overburden pressure and an mcrease in skin
fnction Figure 7 12 shows the increase in bearing ca-
pacity with time of piles driven into soft clays. It will be
seen that in most cases 75 per cent of the ultimate carry-
ing capacity was achieved within 30 days of drivmg
This points to the need for delaying test loading of piles
for at least 30 days as cases where a relatively high
proportion of their carrying capacity is gained from skin
friction in normally consolidated silts and clays

When piles are driven into stiff over-consolidated
clays such as glacial till or London Clay, little or no
consolidation takes place and near the ground surface
the soil cracks and is heaved up around the pile At
greater depths the radial expansion of the clay can in-
duce negative pore pressures which provide a tempor-
aiy increase m shaft friction and base resistance It is
known that a skin of clay from the softer zones near
the ground surface adheres to the pile shaft following
the downward movement and rebound of the pile with
each blow of the hammer72° It is also known that an

1 month 1 year
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enlarged hole is formed in the upper part of the shaft
due to lateral vibration of the pile under the hammer
blows An enlarged hole can also be caused by devia-
tions in the cross-sectional dimensions or straightness
of a pile. Ground water or exuded pore-water can col-
lect in such an annular hole and lubricate the shaft The
possibthty of 'strain softening' of the clay due to the
large strain to which the soil on the contact face is sub-
jected by the downward movement of the pile should also
be considered Tests have shown that the residual shear
strength of an over-consohdated clay after high strain
can be as little as 50 per cent of the peak shear strength
at low strain This is believed to be due to the effects
of reorientation of the clay particles Normally consoli-
dated clays also show these 'strain softening' effects

Therefore, because of the combined effects in vary-
ing degree of ground heave, the formation of an en-
larged hole and strain softening, it is not surprising that
the unit skin friction is often only a fraction of the
undisturbed shear strength of the clay and that wide
variations in the 'adhesion factor' (i e. the ratio of the
shear strength of the clay mobilized m skin friction on
the pile shaft to the undisturbed shear strength of the
clay) can occur on any one site

In spite of the above uncertainties, the widely used
'total stress' method for calculating the shaft capacity
of piles driven into clay from relationships with its
undrained shear strength is, in the author's opinion, the
most reliable method for practical design

It is claimed that effective stress methods based on
the remoulded drained shear strength of the soil are
more logical.72' This may well be true, but pubhshed
results of pile loading tests do not usually include in-
formation on drained shear strength parameters and,
more importantly, information on ground-water levels
or the pore-water pressures adjacent to the pile shaft at
the time of the load tests is usually lacking Pore-water
pressures are critical to the calculation of skin friction
by effective stress methods and where correlations have
been made between measured skin friction and drained
shear strengths some very broad assumptions on the
pore pressure at the time of test have had to be made
The fluctuations of pore-water pressures in imperme-
able clays are difficult to estabhsh Field observations
in commercial site investigations are rarely taken over
a sufficient length of time or use sufficiently reliable
instrumentation for the establishment of reliable data

Jardine and Chow73 have described the MTD method
for calculating the shaft capacity of piles driven into
clay This is an effective stress method, and in addition
to the need for reliable data on pore-water pressure the
over-consolidation ratio of the clay must be determined
by laboratory testing

Changes in pore-water pressure with time have an
important effect on the carrying capacity of piles driven
into normally consolidated clays The increase in carry-
ing capacity in soft to firm clays is shown in Fig 7 12

In the case of stiff-fissured clays there is likely to be
a reduction m shear strength due to 'strain softening',
but there is no clear evidence of regain in strength with
time. Pile tests in London Clay made by Meyerhof and
Murdock722 showed that, nine months after dnvmg, the
ultimate loads on precast concrete piles were only 80—
90 per cent of the ultimate loads 1 month after driving.
There was a similar decrease in the carrying capacity
of piles driven into stiff-fissured clays in Denmark7
after 103 days Clayey glacial tills which have been
subjected to intensive 'reworking' do not always show
appreciable 'strain softening' effects The remoulded
shear strengths of clays of this type are not less than
their undisturbed shear strengths, and there is httle dif-
ference between peak and residual shear strengths

Research, mainly in the field of pile design for off-
shore structures, has shown that the mobilization of
skin friction is influenced principally by two factors
These are the overconsolidation ratio of the clay and
the slenderness (or aspect) ratio of the pile The overcon-
solidation ratio is defined as the ratio of the maximum
previous vertical effective overburden pressure a to
the existing vertical effective overburden pressure a,,.
For the purposes of pile design, Randolph and Wroth724
have shown that it is convenient to represent the over-
consolidation ratio by the simpler ratio of the undrained
shear strength to the existing effective overburden
pressure, c./y Randolph and Wroth showed that the
c/a ratiocould be correlated with the adhesion factor
a A relationship between these two has been estab-
lished by Semple and Rigden7 from a review of a
very large number of pile loading tests This is shown
in Fig 7 13(a) for the case of a rigid pile, and where the
skin friction is calculated from the peak value of c
To allow for the flexibility and slenderness ratio of the
pile it is necessary to reduce the values of; by a length
factor, F, as shown in Fig 7 13(b) Thus total skin
friction is

= (726)

The slenderness ratio, JiB, influences the mobiliza-
tion of skin friction in two ways First, a slender pile
can 'whip' or flutter dunng driving causing a gap around
the pile at a shallow depth and reducing the horizontal
stress at the pile/soil interface at lower levels The sec-
ond influence is the slip at the interface when the shear
stress at transfer from the pile to the soil exceeds the
peak value of shear strength and passes into the lower
residual strength. This is illustrated by the shear stress—
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resistance should be calculated by multiplying the aver-
age cone resistance at the base by a factor of 0 8 for
undrained loading and 1 3 for drained loading The cone
resistance is averaged over a depth of 1.5 pile dram-

320 eters above and below the toe
The skin friction on the pile shaft is given by the

equation

where

q8 = design ultimate umt shaft friction,
Fa =adhesion factor which is obtained from

Figs 7 13(a) and (b),
= average undrained shear strength over the

depth of the pile shaft or withm an indi-
vidual soil layer,

A =surface area of shaft over the embedded
depth within clay, giving support to the pile
or within an mdividual soil layer

Results of shear strength determinations from field or
laboratory tests are plotted in relation to depth and an
average hne is drawn through them When using the
results for calculations following the Eurocode recom-
mendations, they are divided by the matenals factor im
of 15—1 8

In the case of uniform clays or clays increasing pro-
gressively m shear strength with depth, the average value
of shear strength over the whole shaft length is taken
for Where the clay exists in layers of appreciably
differing consistency, e g soft clay over stiff clay, the
skin friction is separately calculated for each layer us-
ing the adhesion factor appropriate to the shear strength
and overburden conditions The effects of the gap
created by clay displacement at the ground surface and

(1 0, 0 35)\ Qb = qA = N x c11, x A,,

(0 5.08)(

(727)16
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______ The bearing capacity factor N can be taken as being

______ ______ ______ ______ equal to 9 provided that the pile is driven at least five
diameters into the bearing stratum The undrained shear
strength Cub at the base of the pile is taken as the undis-
turbed shear strength provided that time is given for a
regain from remoulded to undisturbed shear strength
conditions In the case of stiff-fissured clays Cub must be
taken as representative of the fissured strength, i e the

_______ _______ _______ _______ lower range of values if there is appreciable scatter in
04 08 16 32 shear strength results. Reduction due to 'strain soften-

ing' should not be taken into account, since this effect
is restricted to the contact face between the pile and
soil When applying the EC 7 recommendations the
selected Cub value is divided by the materials factor Ym
of 1 5—1 8.

The MTD publication73 recommends that the base

Undrained shear strength/effective
overburden pressure (c/c4)

(a)

—tZ° I
(0 7, 120)

40 80 160

Embedded length/width ratio of pile
LIB

(b) Q = qA = FaëA. (7.28)

04 —
20

Figure 7.13 Adhesion factors for piles driven to deep
penetration (a) Peak adhesion factor versus c0/a,,
(b) Length factor

strain curve of the simple shear box test on a clay The
peak shear strength is reached at a relatively small strain
followed by the much lower residual strength at long
strain.

The Amencan Petroleum Institute recommendations79
have been based on the work of Semple and Rigden7
and Randolph and Murphy7 A study by the author
of the results of loading tests on 40 piles driven into
stiff clay showed no significant difference in calculated
from the API values and from Fig 7 13 shaft capacities
up to 17 5 MN and slenderness ratios up to 150

7.7.2 Calculating ultimate carrying capacity
The carrying capacity of piles driven into clays and
clayey silts is equal to the sum of the end bearing re-
sistance and the skin friction of that part of the shaft
in contact with the soil which is giving support to the
pile, i e not mcluding any superficial soil layers which
are undergoing consohdation and causing a dragdown
force on the shaft. The end resistance is given by the
equation
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Q,=1x08x75x7cx06x15=1696kN

From equation (727),

Qb=9X lOOx,t/4x062=254kN

Hence allowable load is

254 + 1696 — _____780kN (design value),25
— _____

or allowable load is

254 1696— +— = 12l5kN (rejected)
3 15

of adhesion factors A safety factor of 2 5 is reasonable
on this sum, namely

Allowable load, Qa = Qb+Q,
(7 29)

where Q is the skin factor calculated from the adhe-
sion factors shown in Fig. 7 13 using the average shear

strength.
Also, Qa should not be more than

Qa=±2 (730)

It is permissible to take a safety factor equal to 1 5,
or even umty if conservative assumptions of shear
strength have been adopted, for the skin friction be-
cause the peak value of skin friction on a pile in clay is
obtained at a settlement of only 3—8 mm, whereas the
base resistance requires a greater settlement for full
mobilization

A comparison can be made of allowable loads ob-
tained from the global or partial factors in equations
(729) and (730) respectively, and the design bearing
capacities obtained by the EC recommendations Taking
the case of a 600 mm solid end pile driven to a depth
of 15 m into a firm, becommg stiff, clay with an aver-
age c of 75 kN/m2 along the shaft and a lower bound
(fissured) c, of 100 kN/m2 at the base

From Fig 7 13(a) for

c,,Io,, = 751(20 x 7 5) = 05, a = 0 8,

andfromFig 713(b)forLIB=15106=25,F=1
Therefore from equation (7 28),

dragdown of a soft clay overburden do not normally
extend deeper than about six pile diameters Hence they
are of significance only to piles driven to a short em-
bedment into the stiff clay For piles in shrinkable clays
(see Chapter 3) allowance must be made for the clay
shrinking away from the pile shaft within the zone sub-
jected to seasonal swelling and shrinkage In the case
of H-section piles, flexing and drag-down effects from
a soft clay overburden into the stiff clay may cause a
greater reduction in skin fnction than would be suf-
fered by a solid pile Because of these uncertain effects
adequate loading testing is necessary to check the
validity of design calculations for H-piles As a rough
guide the skin friction is calculated conservatively on a
perimeter equal to twice the flange width For the above
reasons an H-section pile is not a suitable type for use
in stiff clays and tubular steel piles are preferred

Where tubular steel piles are driven with open ends a
plug of clay is camed down within the tube after the
internal skin friction has built up to an amount which
exceeds the base resistance However, it must not be
assumed that the bearing capacity of a clay-plugged
pile will be the same as that of one with a solid end
Comparative tests on open- and closed-end piles were
made by Rigden et a1727 at a site in Yorkshire where
the two types of pile with a shaft diameter of 457 mm
were driven to a depth of 9 m into stiff glacial till A
clay plug formed in the open-end pile which occupied
40 per cent of the final penetration depth The clay-
plugged and solid end piles failed at 1160 and 1400 kN
respectively Instrumentation showed that the external
skin friction on the clay-plugged pile was 20 per cent
less than the other. As a result of these tests it is recom-
mended that if measurements show that a clay plug has
been camed down, the ultimate unit skin fnction q, in
equation (728) should be reduced by a factor of 08
However, where the adhesion factors of long piles are
obtained from Fig 7 13 it is likely that the reduction is
already taken into account because many of the tests
used to obtain these empirical factors were made on
open-end piles The unit base resistance of q, should be
multiplied by a factor of 0 5 to allow for likely yielding
and compression of the plug under applied static load-
ing The same reduction factor is recommended in
the MTD method where q has been calculated from
CPT readings Because of the conservative assumption
of shaft friction on an H-section pile by assuming that
skin friction is mobilized on the outer flange surfaces
only, the base resistance may be taken on the gross
cross-sectional area

The working load for all pile types is equal to the
sum of the base resistance and the shaft friction divided
by a suitable safety factor taking into account the range

Following the EC recommendations, a material fac-
tor say of 1 6 would be selected giving a factored c,,
of 75/1.6 = 47 kN/m2 and a factored Cub of 100/1 6 =
62kNIm2 From Fig 7 13(a) ; for Cja' of 47/

(20 x 15) is 1 0 and F = 1. Hence

= 1 x 1 x 47/1 5 = 31 kN/m2
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and

Q=3l xx xO6x 15=876kN

For Cub = 62 kN/m2,

bk = x 62/1 5

= 372 kN/m2,

and Q=372x xO62
= lO5kN

Design bearing capacity from equation (7 2) is

+ = 755 kN
13 13

Because the design methods are entirely empirical the
comparison suggests that the EC material and partial
factors were selected to give results approximately equal
to those obtained by permissible strength methods Fur-
ther comparisons are given m worked examples 7 1,
7 2, 7.4, and 7 8 at the end of this chapter

7.8 Driven and cast-in-place piles in
fine-grained soils

For piles in which a steel tube or precast concrete shell
remains in the ground the skin friction on the shaft is
calculated from equation (728) usmg the adhesion fac-
tor appropriate to the undrained shear strength For piles
in which the drive tube is withdrawn, allowing the con-
crete to slump against the walls of the hole, the skin
friction conditions are intermediate between those for
a driven pile and for a bored and cast-in-place pile
Because the driving of the tube compacts the soil, and
further compaction is given by tamping the concrete,
there is no reason to suppose that the skin friction val-
ues will be less than those for precast concrete piles
Therefore equation (7 28) with a length factor F of unity
can be used to obtain a rough check on calculations
submitted by the contractor for the proprietary piles
concerned

When it is known with certainty that compaction of
the concrete during withdrawal of the drive tube can
result m appreciable enlargement of the pile shaft in a
soft or firm clay, the skin friction can be calculated on
the enlarged shaft diameter

Because of the frequently low skin friction values
associated with piles driven into stiff clays, propnetary
piles which incorporate an enlargement at the base
formed by hammering out the concrete (see Section
8 13) have a notable advantage over straight-sided piles

In all cases the end resistance is calculated from equa-
tion (7.27) and the bearing capacity factor N may be
taken as being equal to 9, provided that the base of the
pile is driven at least five diameters mto the bearing
stratum.

7.9 Bored and cast-in-place piles in
fine-grained soils

7.9.1 Base resistance and skin friction

The base resistance and skin friction of bored piles
have been extensively studied for London Clay and the
adhesion and end-bearing capacity factors for this de-
posit have been reliably estabhshed The researches have
shown that a bearing capacity factor N of 9 can be
used in equation (7 27) provided that Cb is represent-
ative of the fissured shear strength (i e the lower range
of values) The same value of N can be taken for all
types of clay, provided that the base of the pile pen-
etrates at least five diameters into the bearing stratum

Research on bored piles in London Clay by
Skempton728 has shown that a peak adhesion factor of
045 may be taken on the average shear strength for use
in equation (7 28) It is thought that the reasons for
only about half the shear strength being mobilized in
skin friction are due to the combined effects of swell-
ing (and hence softening) of the clay in the walls of the
borehole, the seepage of water from fissures in the clay
and from the unset concrete, and 'work softenmg' from
the boring operations Skempton728 recommended that
the maximum adhesion value should be not more than
96 kN/m2 and that in the case of short bored piles in
London Clay, where the clay may be heavily fissured at
a shallow depth, the adhesion factor should be taken
as 0 3 The length factor F in equation (7 28) does not
apply to bored piles

Weltman and Hea1y729 reviewed information on the
ultimate skin friction of bored piles in boulder clay and
other glacial tills and produced the design curve shown
in Fig 7 14 This curve could be used for any type of
clay other than London Clay, in cases where no pub-
lished information or load test results are available

A safety factor of 2 5 on the ultimate load as given
by the sum of the base resistance and skin friction should
ensure that the settlement at the working load will not
exceed a tolerable value for piles with diameters not
exceeding about 600 mm

The partial factors y, and Yb for bored piles recom-
mended by EC 7 are 1 3 and 1 6 respectively, except
when the piles are installed by CFA drilling when 'Yb
reduces to 1 45
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7.9.2 Large-diameter bored piles

A considerable volume of soil is subjected to stress
beneath the base of a large-diameter pile, and elastic
and consolidation settlements are thus of considerable
sigmficance in assessing the allowable load The design
methods must take into account these settlements, and
it is not sufficient merely to divide the ultimate load by
a nominal safety factor

The first step is to select a base level for the piles
from the aspect of overall settlement of the pile group
(Section 7 14) Having thus established the required
length, the engineer can carry the superstructure load
on to the piles in a variety of ways A column may
be camed on a single straight-sided pile of large
diameter, or a shaft of smaller diameter may be used
but with an enlarged base, or a group of piles of smaller
dimensions with or without enlarged bases would be
suitable

The governing consideration in the selection of a
shaft and base diameter is, of course, the settlement at
the working load, and this is determined by a rather
complex interaction between the shaft and base The
load—settlement relationship of these two components
for a typical pile is shown in Fig 7.15 It will be seen
from this figure that the full shaft resistance is mobil-
ized at a settlement of only 15 mm, whereas the full
base resistance, and the ultimate resistance of the entire
pile, is mobilized at a settlement of 120 mm Therefore,
if the structure can tolerate a settlement of 15 mm at a
working load of 2000 kN, the full shaft resistance, but
only 57 per cent of the base resistance, will have been
mobihzed at the working load. The safety factor of the
whole pile shown in Fig 7 15 is 2 1 In most cases, the
full shaft resistance is mobilized at a settlement less
than that acceptable to the structural designer at the

The separate effects of shaft and base resistance have
been considered by Burland et a173° They present a
simple stability cnterion which they say can be used to
obtain the maximum safe load on any bored pile

In general terms they state that 'in addition to an
overall load factor, a factor of safety in end-bearing
must be satisfied' If an overall load factor of 2 is stipu-
lated, together with a minimum factor of safety in end-
bearing of 3, then the maximum safe load is the lesser
of the two expressions,

•-forthepi1e (731a)
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FIgure 7.14 Adhesion factors for piles in boulder clay (after Weltinan and Healy7)
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Figure 7.15 Load—settlement relationships for large-diameter
working load, bored and cast-in-place piles
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and

Q, for the shaft + —— for the base (7 31b)

They state that the first expression is nearly always
dominant for straight-sided piles and long piles with
comparatively small under-reams, whereas the second
expression often controls under-reamed piles In cases
where the soil data are meagre or variable, or when
loads are indeternunate, it is thought that an overall
load factor of 25 with a minimum factor of safety of
3 5 on the base is more swtable The shaft and base
loads are calculated using the adhesion and bearing
capacity factors given in Section 7 9 1

In the case of piles with under-reamed bases, the
shaft skin friction should be ignored for a distance of
two shaft diameters above the top of the under-ream
This allows for the possibility of drag-down on the pile
shaft from the soil immediately above the under-ream
This drag-down might occur as a result of the normal
elastic and consohdation settlement of the pile causing
a small gap to open between the upper surface of the
under-reamed section of the pile and the overlying soil
The latter would tend to move downward with time,
resulting in drag-down on the shaft

Because of the time required to form an under-ream
by machine or hand excavation, the time spent cleaning
soil debns and the delays before the under-ream is in-
spected and passed for concreting, it is possible that
appreciable softening due to soil swelling and seepage
of water from fissures will have occurred in the clay
which will be in contact with the pile shaft For this
reason, the author prefers to use an adhesion factor of
03 for the shafts of under-reamed piles

Using the above cntenon for overall stability, the
relative dimensions of the shaft and base are governed
by considerations of settlement at the working load as
calculated by the method descnbed in Section 7 11

It will be found that straight-sided piles show less
elastic settlement than under-reamed piles canying the
same working load However, the final decision as to
whether or not straight-sided or under-reamed piles
should be adopted and the selection of the relative shaft
and base diameter of under-reamed piles is not always
made from considerations of settlement alone Economic
factors often have a dominating influence For ex-
ample, considerations must be given to the relative vol-
umes of soil and concrete involved, the practicability of
forming under-reams in very silty or fissured clays, and
the feasibility of forming very large under-reamed bases
with the available drilling equipment These factors will
be discussed in Section 8 14.3

The use of finite difference and finite element
methods for predicting the settlement behaviour of piles
under axial loadings are descnbed m Section 7 19 1

7.10 Calculation of the carrying capacity of
piles in soils intermediate between sand
and clay, layered soils, and uncemented
calcareous sands

The base resistance of sandy silts can be calculated
from Bnnch Hansen's general equation (28) using the
undisturbed values of c'and $' from tests on soil sam-
ples. There are no available data on the skin friction or
adhesion of the pile shaft in c—soils However, it may
be taken as the sum of the adhesion and skin friction
based on experience and using as a guide the values
given in Fig 7 13, the skin fnction being calculated by
the methods given in Sections 76—77 In the case of
bored piles, due allowances should be made for likely
softening or loosening effect caused by the bonng
operations Clayey silts can be assumed to behave in a
similar way to clays

Where the pile toe is terminated m a layer of stiff
clay or dense sand underlain by soft clay or loose sand
there is a nsk of the pile punching through to the weak
layer The base resistance of the pile in the strong layer
where the thickness H between the pile toe, and the top
of the weak layer is less than the critical thickness of
about lOB (Fig 7 16) can be calculated from Meyerhof's
equation73'

(q, — q0)H
lOB

(7 32)

Figure 7.16 End-bearing resistance of piles in layered soils
(after Meyerhof7 31)
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where q0 and q1 are the ultimate base resistance in the
lower weak and upper strong layers respectively

The characteristics of calcareous soils are described
in Section 114 1 When piles are driven into these de-
posits the weak soil particles and any weakly cemented
layers are degraded causing a low shaft resistance. Ro-
tary boring for pile installation causes less degradation
and the resulting irregular borehole gives a relatively
higher resistance. Poulos732 recommends that the ulti-
mate shaft resistance should take the form

= (7 33)

where J3 is between 005 and 0 1 for driven piles, and
between 05 and 08 for bored piles There is an upper
hmit between 60 and 100 kN/m2 for q, in bored piles

7.11 The settlement of a single pile at
the working load

As already noted, a safety factor is applied to the calcu-
lated ultimate bearing capacity of a pile in order to
cover natural variations in the soil properties, to pro-
vide for uncertainties in the range of applied loading
and the calculation method, and to limit total and dif-
ferential settlements under applied loading to amounts
which can be tolerated by the superstructure Safety
factors in the range of 2—3 are normally capable of
restricting settlements to acceptable amounts for piles
having diameters or widths up to about 600 mm, but
for larger diameters it is often necessary to calculate
the working load settlements from a knowledge of
the deformation modulus of the soil or rock beneath the
pile toe

British Standard Code of Practice 8004 Foundations,
states

In general an appropriate factor of safety for a
single pile would be between two and three Low
values within this range may be applied where the
ultimate bearing capacity has been determined by a
sufficient number of loading tests, or where they
may be justified by local expenence, higher values
should be used when there is less certainty of the
value of the ultimate bearing capacity

BS 8004 goes on to recommend the use of partial
safety factors for large bored piles as described in Sec-
tion 7.92 in this chapter

A method of calculating pile head settlements is
based on a separate evaluation of the proportion of load
camed in skin friction and base resistance The head
settlement is then given by the sum of the elastic com-
pression of the shaft and the elastic—plastic deformation
of the soil or rock beneath the base using the equation

where

W, and Wb = loads on the pile shaft and
base respectively,

L = shaft length,
A, and Ab = cross-sectional area of the shaft and

base respectively,
E = elastic modulus of the pile material,
B = pile width,
v = Poisson's ratio of the soil,
I, = influence factor related to the ratio of

LIB,
Eb = deformation modulus of the soil or

rock beneath the pile base

For a Poisson's ratio of 0—025 and LIB> 5, J, is
taken as 05 when the last term approximates to 0 5Wb/
BE1,. Values of Eb are obtained from plate loading tests
at pile base level or from empirical relationships with
the results of laboratory or in-situ soil tests given in
Sections 265,266, and 2.7 The pile shaft settlements
represented by the first term in the above equation
assume a uniform transfer of load down the pile shaft
However, the distribution is not uniform where a high
proportion of the load is camed in skin friction on the
shaft of a deeply embedded pile Methods of simulating
load transfer along the shaft of a pile are described in
Section 7 19 The value of Eb for bored piles in coarse
soils should correspond to the loose state unless the
original density can be partly restored by drilling under
bentomte or wholly restored by base-grouting (see
Section 8 14 1)

7.12 The carrying capacity of piles founded
on rock

7.12.1 Driven piles

When founding piles on rock it is usual to drive the
piles to refusal in order to obtain the maximum carry-
ing capacity from the piles If the rock is strong at its
surface, the piles will refuse further driving at a negli-
gible penetration In such cases the carrying capacity
of the piles is governed by the strength of the pile shaft
regarded as a column. When piles are driven on to
strong rock through fairly stiff clays or sands, the piles
can be regarded as being supported on all sides from
buckling as a strut, therefore the carrying capacity is
calculated from the safe load on the material of the pile
at the point of minimum cross-section. In practice, it is
necessary to hunt the safe load on piles regarded as

_______ Wb

2A,E 4Ab

B(1 — v2)l
Eb

(734)
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short columns because of the likely deviations from the
vertical and the possibility of damage to the pile dunng
driving and subsequent detenoration of the matenal
over a long period of years The limitations m working
stresses are usually laid down in codes of practice or
local by-laws Values in general use are given in the
description of various types of pile in Chapter 8

Working loads as determined by the allowable stress
on the matenal of the pile shaft may not be possible
where piles are dnven into weak rocks It is necessary
to calculate the skin friction developed over the pen-
etration depth into the rock and the end-beanng resist-
ance of the rock beneath the pile toe. Moderately weak
to moderately strong rocks are likely to be shattered by
the penetration of the pile Hence the skin fnction may
be no more than that provided by a loose to medium
dense gravel

The effects of pile dnving on the base resistance
must also be considered The ultunate bearing capacity
of a rock mass with open or clay-filled joints may be no
more than the unconfined compression strength of the
intact rock Where the Joints are widely spaced (more
than 600 mm) or where the Joints are tightly closed
and remain closed after pile dnving the ultimate end-
bearing resistance may be calculated from the equation

qUb= (7 35)

where N0 =tan2(45 + 4>12) and q,, is the uniaxial com-
pression strength of the rock

For sandstone which typically has 4>-values between
40 and 450 the end-bearing resistance is stated by Pells
and Turner733 to be between mne and twelve times the
umaxial compression strength of a massive or tightly
jointed rock Wyllie7 gives friction angles for intact
rock as shown in Table 7.3 These should be used only
as a guide because of the wide variations which can
occur in the in-situ rock

Where it is possible to measure the parameters c and
4> of a jointed rock mass by laboratory tests on large-

Table 73 Friction angle values for intact rock (after Wylhe1 34)

Classification Type Friction angle (°)

Low friction Schists (high
mica content)

Shale
Marl

20—27

Medium friction Sandstone
Siltstone
Chalk
Gneiss

27—34

High friction Basalt
Granite

34—40

Figure 7.17 Wedge bearing capacity factors for foundations
on rock

diameter core samples, Kulhawy and Goodman735 state
that the ultimate bearing capacity of the mass beneath a
pile toe can be obtained from the equation

BN
qIIb=cNc+y——+TDNq,

where

(7 36)

c = cohesion,
B = base width,
D = depth of pile base below the rock

surface,
= effective density of rock mass,

N, N7, and Nq = bearing capacity factors related to
4> and shown in Fig 7 17

The above equation represents wedge failure beneath a
strip foundation Hence cN should be multiplied by a
factor of 1 25 for a square pile or 1 2 for a circular pile
base Also the second term in the equation should be
multiphed by 08 or 07 for square or circular bases
respectively This term is small compared with cN and
is often neglected

It can be difficult and expensive to obtain values of c
and 4> from laboratory tests on large-diameter cores
Kulhawy and Goodman735'736 have shown that these
can be related to the RQD value (see Section 11) of the
mass and the unconfined compression strength of the
intact rock as shown in Table 74 It is important to
note that in order to develop the maximum end-bearing
resistance the settlement at the pile toe is likely to be of

0 10 20 30 40 50 60 70
Friction angl
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Dnven pre-formed piles 300 N kN/m2,
Driven and cast in-place piles 250 N kN/m2,
A lower bound is likely to be 200 N kN/m2.

P=2i+_ (pL2.a 10 35 ' 15 35
if settlement to be less than 10 mm)

p = Qa ÷ Qb
a 2

Table 7.5 CIIUA recommendations for shaft resistance of displacement piles driven into chalk

Chalk classification Type of pile Ultimate unit shaft resistance (kN/m2)

Low to medium density, open joints Small displacement
Small displacement (H-sections)
Large displacement, pre-formed

20
10
30

High density, closed joints Small displacement (open-end tubular)
Large displacement, pre-fonned in pre-drilled holes

120
(100) verify by load testing

Table 7.4 Properties of a rock mass related to the unconfined
compression strength (q,,) and the RQD value

RQD(%) q, c 4)(°)

0—70 033q 01q. 30
70—100 033—0 8q,, 0 1q,, 30—60

The CIRIA project report 1 i1 38, describes the beha-
viour of chalk when penetrated by a large displacement
pile In low to medium density open-jointed chalk (Sec-
tion 115 1), the chalk blocks are pushed aside, crushed,
and remoulded chalk flows from beneath the pile toe to
form a weak thin skin around the shaft Very httle pen-
etration can be achieved when attempting to drive large
displacement piles into high density chalk with closed
jomts, but penetration is possible with open-end tubular
or H-sections.

Examination of many loading tests have not enabled
a meanmgfiil relationship to be developed between shaft
resistance and the standard penetration test N-value
The recommendations of the CIRIA report shown in
Table 7.5 are the best possible estimates denved from
loading tests The report recommends that whenever
possible a preliminary trial pile should be tested to verify
the design It should be noted that dissipation of excess
pore pressure caused by displacement of the chalk
during driving can substantially increase the shaft
resistance Hence there should be a long delay between
dnvmg and load testing The author recommends a
period of 28 days.

The CIRIA report concluded that the standard pen-
etration test, m spite of its known drawbacks, provided
the only practicable method of determining the base
resistance of piles driven into chalk The following
values are recommended

the order of 20 per cent of the pile diameter. Therefore
an ample safety factor, at least 2.5, should be adopted
to ensure that settlements at the working load are within
allowable lmuts Loading tests should be made when-
ever settlements are a cntical factor in design

Piles driven into certain types of rock such as chalk,
mudstone, or shale or into weathered rocks, may pen-
etrate to a considerable depth before a satisfactory driv-
ing resistance is obtained Chalk is a particularly difficult
matenal m which to estimate pile driving resistance,
smce the pile breaks down the cell structure of the chalk,
freeing the contained water This water forms a slurry
around the pile, giving a very low fnctional resist-
ance while dnving It is probable that the slumed chalk
(water and silt-size particles) drains into the surrounding
material, givmg increasing frictional resistance with time
after cessation of driving

Mudstones and shales frequently consist of bands
of moderately strong partly weathered rock mterbedded
with weak partly to completely weathered rock of firm
to stiff clay consistency. Unless rock bands can be
proved to be of appreciable thickness over the piled
area, it is advisable to base the end resistance of the pile
on the shear strength of the clay bands.

If it is possible to obtain undisturbed samples of the
cohesive completely weathered rock either by the open
drive sampler or by coring, then the carrying capacity
of piles can be obtained by treating them as driven into
soils, using laboratory tests to determine values of the
undrained or drained shear strength parameters

Some useful information on the base resistance and
skin friction values of piles driven into weak rocks can
be obtained from the Proceedings of the Symposium on
Piles in Weak Rock737

To deternune the allowable load on piles driven into
chalk the CIRIA report gives a lesser value 1aofeither

or

(7 37)

(7 38)
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where Q and Qb are the ultimate shaft and base
resistances respectively

The above partial factors are based on the assumption
that the shaft resistance is fully mobilized at a pile head
settlement of 10 mm. The base resistance factor of 3 5
should ensure that the resistance is unlikely to be ex-
ceeded at a settlement of 001—002 of the pile diameter

Beake and Sutchffe739 observed ultimate umt shaft
resistance values of 170 and 300 kN/m2 from tension
tests on 1067 and 914 mm tubular steel piles driven
with open ends into weak carbonate siltstones and
sandstones in the Arabian Gulf The mean strengths of
the rocks were 3 2 and 47 MN/m2 The test piles were
driven to penetrations of 62 and 455 m into the rock
The shaft resistance was shown to be 0 04—0 10 times
the mean unconfined compression strength of the rock

7.12.2 Bored piles

The action of boring a hole m rock to form a socket for
a pile may weaken the bearing capacity of some types
of rock For example, the action of bonng tools m chalk

or mudstone causes considerable breakdown and slurry-
mg of these rock types. Therefore, low values of skm
friction should be used for bored piles in contact with
the softened material. The actual value chosen will
depend on the hardness and susceptibility to breakdown
of these matenals In weak friable chalk or mudstone,
complete softening may result and the ultimate skin
friction may not be more than, say, 20 kN/m2 In stronger
chalk or mudstone where casing is not required to sup-
port the borehole, the walls of the hole (if drilled by
percussion rather than rotary methods) will be rough
Thus, the concrete will key into the walls of the hole
and the full shear strength of the rock will be developed
in skm friction on the rock socket, giving values much
higher than are obtainable with driven piles

The length to diameter ratio of the rock socket is an
important factor in the consideration of the bearing
capacity of the pile in shaft friction and there is no
point in adopting a length greater than that required to
develop the full available resistance. The distribution
of side wall shear stress (rock socket skm friction) for
various length to shaft ratios is shown in Fig 7 18 It

0
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ii

!'60

40
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Figure 7.18 Distribution of side wall shear stress in relation to socket length and modulus ratio (after Osterberg and Gill740)
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will be seen that the ratio should be less than four if it is
desired to mobilize base resistance in addition to socket
resistance The high interface stress over the upper part
of the socket will be noted

The ultimate skin fnction value is given by the
equation

q =

where a is a reduction factor related to q, as shown
in Fig 7 19, and f3 a correlation factor related to the
discontinuity spacing in the rock mass as shown in
Fig 7 20

Curves relating the rock socket skin friction factor
a to the uniaxial compression strength of rock estab-
hshed by Rosenberg and Journeaux,74' Horvath742 and
Williams and Pel1s743 are shown in Fig 7.19 The
Williams and Pells curve gives values considerably
higher than the other two However, their skin friction
factor should be corrected by factor f which depends
on the mass factor of the rock formation as shown in
Fig 7 19 The mass factor is related to the RQD value
or fracture spacmg of the rock mass Values are given
in Table 2 12 Williams and Pells advise that their a
factors should not be used if the combined thickness of
interbedded clay layers exceeds 15 per cent of the socket

length
In the case of moderately weak to strong rocks

where it is possible to obtain core samples for uniaxial
compression or point load tests, the end-bearing resist-
ance can be calculated by the methods given above for
driven piles However, the dnllmg process does not
normally break up the rock to any appreciable depth
below the pile toe Hence the joint spacing can be taken
as for the undisturbed rock mass High values of end-
bearing resistance should be adopted only with great
caution, preferably only when it is possible to inspect
the pile base to ensure that all debris and loosened
rock have been removed Again it should be noted
that allowable end-bearing pressures depend on the
permissible settlement at the working load It may be
necessary to make plate bearing tests (Section 1 45)
to obtain a deformation modulus for the rock corres-
ponding to the end-bearing pressure, or to obtain the
modulus from the empincal relationship with the
uniaxiat compression strength (equation (2 56)) The
settlement of the pile base can then be calculated from
equation (7 43)

Where it is possible to drive sample tubes into a
weak completely or highly weathered rock or to obtain

j cores from holes drilled by rotary methods, the angle of
shearing resistance and cohesion of the material can
be obtained by tnaxial compression tests at high lateral
pressure in the laboratory These values may be substi-

g. tuted in equation (27) to determine the end resistance
of the pile

The CIRIA report"8 recommends a simple relation-
ship between the ultimate umt shaft resistance and the
effective overburden pressure for bored piles in low to
medium density chalk, namely.

Bucket auger piles, J = 08a (7 40)

Continuous flight auger pilesf, =0 (7.41)

In determining ok,, the loading from any made ground
or fill overlying the onginal ground surface should be

10
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a

1

I
04

Ua

02

tJnconflned compression strength, q,,, (MN/rn2)

Figure 7.19 Rock socket skin friction related to the uniaxial
compression strength of intact rock
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FIgure 7.20 Correction factor for rock socket skin fnction
allowing for discontinuities
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Figure 7.21 Elastic seulement influence factors for rock socket skin friction on piles (after Pells and Turner.'43) (Courtesy of NRC
Research Papers, National Research Council of Canada)

7.12.3 Worldng load settlements

Where piles are driven or drilled to a small penetration
into a competent rock and the load is camed predomin-
antly in end-bearing, the pile head settlements can be
calculated from equation (7 34). In the case of bored
piles designed to carry the applied load only m rock
socket friction, the influence factors of Pells and
Turner7 can be used with the equation

QISettlement = p =
(742) BEd

(743)

where

Q =pile head load,
= influence factor from Fig 7 21,

B =diameter of socket,
Ed =deformation modulus of the rock mass

surrounding the pile shaft

Where the rock socket is recessed below the ground
surface or where a layer of soil or very weak rock
overhes competent rock a reduction factor is applied
to equation (743) Values of this factor are shown in
Fig. 7 22

Deformation modulus values for use with equations
(7 34) or (7.43) are obtained from plate bearing tests at

ignored unless pile loading tests show otherwise. If the
ground surface is to be lowered, a, should be calcu-
lated from the reduced surface level The report points
out that the data for CFA piles was rather limited and
did not include f, values higher than 110 kN/m2 or
values higher than 200 kN/m2 requiring caution when
applying equation (741)

The report recommends that for high density chalk
the shaft resistance should be calculated from the
equation

f,=0.lq,,,
where q is the unconfined compression strength of the
chalk.

The base resistance ofbored piles can be calculated
from the standard penetration test N-values The report
gives: = 200N for bored (including CFA) piles, but
points out that debris may accumulate at the base of
piles installed by bucket auger or tripod rig In such
cases it may be prudent to ignore base resistance or
down-rate it

Equations (7 37) and (7 38) can be used to determine
allowable loads on bored piles m chalk, except that
where the piles are bored underwater the shaft and base
resistance factors should be increased to 25 and 5 0
respectively
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1 2 3 4 5 6 7 8 1 2 3 4 5 6 7 8
LIB LIB

Figure 7.22 Reduction factors for calculation of settlement of recessed sockets (after Pells and TumerY) (Courtesy of NRC
Research Papers, National Research Council of Canada)

the base of trial boreholes or from the relationships
between unconfined compression strength and discon-
tinuity spacings of the rock mass described in Section
27 These empincal relationships are not applicable to
high-porosity rocks such as detrital limestones, Chalk
and Keuper Marl Some limited information on modu-
lus values of Keuper Marl is given in reference 7 37

Based on the standard penetration test N-value CIRIA

Project Report 11 recommends the following values for
the base deformation modulus of chalk

Grades B, C, and D, for N < 25
Eb = 25—100 MN/rn2

Grade A, N> 25 100-300 MN/rn2

7.13 Piles in ff1—negative skin friction

If driven or bored piles are installed in compressible fill
or any soil showing appreciable consolidation under its
own weight, a load additional to the working load on
the head of the pile is transmitted in skin friction, i e
'negative skin friction', to the pile surface. Additional
consolidation of the fill or soil is given by superim-
posed loading Negative skin friction must be allowed
for when considermg the safety factor on the ultimate
carrying capacity of the pile

The calculation of the total negative skin friction or
drag-down force on a pile is a matter of great complex-

ity, and the time factor is of importance The maximum
unit negative skin friction on a pile is the maximum
skin friction which is mobilized on the contact face,
and this peak value can be calculated in exactly the
same manner as that used for calculating the support in
skin friction given to bearing piles. However, as stated
in Section 79, the maximum skin friction will not be
mobilized until the soil has moved relatively to the pile
by an appreciable amount, and this may be of the order
of 1 per cent of the shaft diameter. Thus if we take
the simple case of a fill settling under its own weight
and placed on an incompressible stratum as shown in
Fig 7 23(a), the fill immediately above the incompress-
ible stratum will not move at all and consequently it
will not cause any drag-down on the pile In fact, the
elastic compression of the pile due to the superimposed
and drag-down loads may cause the pile to move down-
wards relatively to the fill and so cause the fill to act in
support of the pile The maximum settlement of the fill
will be at the ground surface, but here the movement
may be so large that the skin friction will have passed
its peak value and the final drag-down will then be
that corresponding to the residual or long strain value
Nevertheless, at some earlier stage in the settlement of
the fill the movement at the ground surface will have
been such as to mobilize the peak skin friction, whereas
the movement at lower levels would not have been
such as to mobilize the peak value If a load is then

r.
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Compression of pile due to load Soil acts in suport
Wcauses pile to move downwards /' of pile
relative to soil thus reducing "

Original Wnegative skin frictNo load on pile

Residual
— \{ GL —

value
-
Unit \
negatlve\skinJ
frictionj

\/Residual
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No movement of soil, .0
which acts in support . '
ofpile b a . o . :.0054.0 0

(a) (b) (c)

Figure 7.23 Negative skin friction on piles driven into relatively incompressible stratum (a) Early stages of settlement of
compressible layer (b) Late stages of settlement of compressible layer (c) Average curve for design purposes

superimposed on the pile above ground level the pile
will compress elastically, the movement being a maxi-
mum at the ground surface. This will reduce the rel-
ative movement between pile and soil, which may result
in mobilization of peak skin fnction in support of the
pile (Fig 723(b))or the relative movement may be so
low that the peak value is not reached

Now take the case of a pile bearing on a compress-
ible stratum, say a stiff clay In this case the whole pile
will settle and is likely to mobilize the peak value of
skin friction and a proportion of the base resistance in
the beanng stratum The pile will move downwards

relatively to the fill immediately above the bearing
stratum and thus the fill will act in support of the pile
over this length Figure 724(a) and (b)show the distri-
bution of drag-down forces and stresses in the pile shaft
for early and late stages in consolidation of the fill

It will be seen from the foregoing that because of the
uncertainties in the magnitude of the drag-down forces
mobilized m the time-dependent relative movement
between pile and soil, it is impossible to obtain a close
estimate of the total drag-down force All that can be said
with certainty is that peak value of skin fnction will not
at any time act on the whole length of shaft embedded

Figure 7.24 Negative skin friction on piles driven through fills into compressible stratum (a) Early stages of settlement of fill
(b) Late stages of settlement of fill (c) Average curve for design purposes
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m the fill Figures 7 23(c) and 7 24(c) will enable the
engineer to make an mtelligent guess at a reasonable
drag-down load to be allowed for design purposes

The unit negative skin fnction force at any depth can
be calculated from the equation

fneg =

wherep0 is the effective overburden pressure and f is a
reduction factor shown by Meyerhof73' to be equal to
03 for piles up to 15 m long, decreasing to 02 and 0 1
for 40 and 60 m long piles respectively

In cases where negative skin friction is so high that
it causes difficult problems in pile design, it may be
possible to eliminate the drag-down in its entirety or to
control it within predetermined limits This can be done
by sleeving the pile through the compressible stratum,
or by surrounding the pile by a soft asphalt membrane
which has a comparatively low frictional value. How-
ever, coatings of this type can be expensive and it is
usually found to be more economical to provide for the
negative skin friction by increasing the penetration depth
to gain additional shaft friction in support of the piles
Alternatively, the working load on the piles from the
superstructure can be reduced by providing additional
piles

If the fill has been in place for a very long period of
years or has otherwise been well consohdated, the nega-
tive skin friction can be ignored in estimating the total
working load on the pile, but the skin friction of the fill
should not be allowed to act in support of the pile For
cases intermediate between recently placed and old fill
the safety factor, given by

Ultimate carrying capacity
Working load + negative skin friction

may be reduced below the value normally adopted for
working loads alone

Negative skin friction can also occur when fill is
placed over peat or soft clay strata The superimposed
loading on such compressible strata causes heavy settle-
ment of the fill with consequent drag-down on piles
The skin friction to be added to the working load in-
cludes that from the peat or soft clay as well as the fill

In some circumstances, negative skin friction can be
caused by driving piles into normally consolidated clays
which causes extensive remoulding and upheaval of
the ground surface but, as remarked in Section 77 1,
the soil reconsolidates quite quickly and regains its
original strength before the pile is normally required
to carry its full working load. Certainly the value of
dnving piles wholly into soft clays without reaching
any firm bearing stratum is questionable In the case of
piles driven into stiff overconsolidated clays, although

7.14 The carrying capacity of pile groups

7.14.1 The behaviour of pile groups

As stated at the beginning of this chapter, it is import-
ant to consider the effect of driving and loading piles in
groups. Only if piles are taken down to a hard incom-
pressible stratum is the settlement of a group of piles
equal to that of a single pile under the same working
load as each pile in the group (the settlement of piles
driven to a hard incompressible stratum is due to elastic
shortening of the pile shaft and some elastic yielding of
the material under the toe of the pile)

If piles are driven into a compressible bearing
stratum, such as a layer of stiff clay, or if the bearing
stratum is itself relatively incompressible (a dense sand,
for example) but is underlain by a compressible stra-
tum, then the carrying capacity of a group of piles may
be very much less than that of the sum of the individual
piles Also, the settlement of the group of piles is likely
to be many times greater than that of the individual
pile under the same working load This is illustrated
by Fig 7 25(a) and (b) In the case of the single pile
(Fig 7.25(a)) only a small zone of compressible soil
around or below the pile is subjected to vertical stress;
whereas with the large pile group (Fig 725(b)), a con-
siderable depth of soil around and below the group is
stressed and settlement of the whole group may be large

An example of the effects of heavy settlement due to
consohdation of deep layers of soft clay beneath large
pile groups is given by the case of the Campus Build-

remoulding takes place there is little or no loss of
shear strength However, the broken-up masses of clay
reconsolidate very slowly (possibly never within the
life of the structure). Thus, the stiff clays will continue
to give support to the piles throughout the long period

(7 44\ of consolidation This consolidation will inevitably be
/

accompanied by some settlement

(b)

Figure 7.25 Comparison of stressed zones beneath (a) single
pile and (b) pile group
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Figure 7.26 Settlement of pile groups beneath campus buildings of the Massachusetts Institute of Technology (after Home and
Lambe745)

307

ings of the Massachusetts Institute of Technology745
These buildings were constructed in 1915 and were
founded on piles, which in most cases were terminated
in a layer of sand and gravel found beneath organic silt
and peat at a depth generally of 3—6 m below ground
level The sand and gravel layer was very variable in
thickness up to a maximum of about 76 m (Fig 7 26)
In places the layer was only about 1 m and the piles
were driven through it to enter the underlying deep
stratum of soft and compressible Boston Blue Clay,
which was 21 m or more in thickness and was under-
lam by glacial till and rock Thus the large piled areas
transmitted their loads through the sand and gravel to
the underlying compressible clay and this resulted in
heavy settlement and extensive cracking of the build-
ings The settlements varied widely over the loaded
area Between 1915 and 1943 the settlements increased
progressively, the minimum being about 40 mm and
the maximum 230 mm (Fig 7 26) The variations were

due mainly to the variation in thickness of the sand and
gravel stratum and the lengths of the piles The heaviest
settlements occurred where the piles were dnven into
the Boston Blue Clay stratum

It will be appreciated from the foregoing that the
problems of the stability of pile groups are, first, the
ability of the soil around as well as below the block of
soil containing the pile group to support the whole load
of the structure and, second, the effects of consolida-
tion of the soil for a considerable depth below the pile
group Therefore, the manner in which the individual
pile is installed, whether by dnving, boring, or jacking,
has little effect on these two problems This is because
the zone of soil affected by the method of installing the
pile is very small compared to the very large mass of
soil affected by the vertical pressures transmitted to it
by piles in the group

In order to determine the ultimate bearing capac-
ity of a pile group and to estimate the immediate and
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Spread of load at 1 m4
A

Figure 7.27 Load transfer to soil from pile groups (a) Group supported mainly by skin friction (b) Group driven through weak
clay to combined skin friction and end-bearing in stratum of dense granular soil (c) Group supported in end-bearing on hard
mcompressible stratum

consolidation settlements of the group, it is assumed
that the piled area acts as a buried raft foundation with
a degree of flexibility which depends on the rigidity of
the capping system and of the superimposed structure
Transfer of load from the piles to the soil in skin fric-
tion is allowed for by assuming that the load is spread
from the shafts of friction piles at an angle of 1 in 4
from the vertical as shown in Fig 7.27(a)—(c).

The factor of safety of the equivalent raft foundation
against general shear failure in the underlying soil is
determined from a knowledge of the shearing resist-
ance of the soil usmg the methods described in Sec-
tion 23

Immediate and consolidation settlements of the
equivalent raft are calculated using the procedure in
Section 2.6 Alternatively, elastic continuum methods
can be used as described in Section 7 19.2

7.14.2 Pile groups in coarse-grained soils

The action of driving piles or pile tubes into coarse
soils is to compact the soil around the pile to a radius of
at least three times the pile diameter Thus, when piles
are driven in a group at close spacmg the soil around
and between them becomes highly compacted

The spacing of piles driven in large groups in coarse
soils requires careful consideration. If the piles are at
close centres, the first few piles drive easily, but as the
density of the soil increases so dnvmg of additional
piles becomes mcreasmgly difficult When driving piles
m sands or gravels, the best procedure to avoid diffi-
culty with 'tightening-up' of the ground is to start driv-
ing at the centre of the group and then work outwards
in all directions

The BS Code of Practice, BS 8004 Foundations re-
quires a minimum spacing centre-to-centre for friction
piles of not less than the perimeter of the pile or, for
circular piles, three times their diameter Piles obtain-
ing support mainly in end-bearing may have a reduced
spacing, but the distance between the surfaces of adja-
cent piles should not be less than their least width
Special consideration should be given to bored piles
with enlarged bases where construction tolerances may
cause interference between them

For most engineenng structures the load to be
applied to a pile group will be calculated from con-
siderations of settlement rather than by calculating the
ultimate carrying capacity of the group and dividing
it by an arbitrary safety factor of 2 or 3 Generally
the settlement of the group can be calculated on the
assumption that the piled area acts as a buried raft
foundation (Fig 727(a) or (b))

7.14.3 Pile groups in fine-grained soils

The effect of driving piles into fine soils (clays and
silts) is very different from that in coarse soils Piles
driven or bored in groups into soft sensitive clays cause
extensive remoulding of the soil and, in the case of
driven piles, a heave of the ground surface occurs around
the group With the passage of time the soil recon-
solidates and regains its original shear strength Thus,
reconsolidation causes a drag-down on the pile shaft
When piles are driven into stiff clays the same ground
heave occurs, but the soil is pushed up in lumps or
cracked masses and the piles may be lifted Reconsohda-
tion is extremely slow and the original shear strength of
the whole mass of ground around and within the pile

(a) (b) (c)
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group may never be restored within the life of the struc-
ture The drag-down effects are small and in the case of
bored piles they do not occur

When loadmg is applied to a group at close spacing
the soil contained within the piles moves downwards
with the piles and, at failure, piles and soil move together
to give the typical 'block failure' The same mechan-
ism of failure occurs with driven or bored piles Piles in
fine soils generally act as friction piles, therefore the
minimum centre-to-centre spacing of not less than the
perimeter of the pile, as required by BS 8004, should be
adopted It may be necessary to give special considera-
tion to the spacing of heavily loaded piles with enlarged
bases The rnteraction of stresses beneath the pile bases
should be analysed as described in Section 7 192

Block failure is unlikely to occur at a spacing of
three times the perimeter, but if it is necessary to in-
vestigate this mode of failure for close-spacing the stab-
ility of a group of bored or driven piles is given by the
sum of the perimeter shearing resistance and the end-
bearing resistance of the block of soil contained by the
piles (Fig 7 28), as expressed in the following equa-
tion Ultimate carrying capacity of group is

Q=2D(B+L)e÷ 1 3cNBL,
where

D = length of piles,
B = width of group,
L = length of group,

= average cohesion of clay around the group,
c = cohesion of clay beneath group,
N = bearing capacity factor (see Section 2 3)

be taken into account allowrng the fully remoulded shear
strength for if the piles are required to carry their fill
working load a short time after driving, or the original
shear strength if full loading can be delayed for 6 months
or more

Settlements of pile groups in fine soils are calculated
on the assumption that the group acts as a buried raft
foundation (Fig 727(a) or (b)) using the methods de-
scribed in Section 2 6

The effect of driving piles in groups in clays to cause
ground heave has already been noted In some circum-
stances this can cause lifting of piles already driven
Cases have occurred where both precast and driven and
cast-in-place piles have been lifted 100 mm or more
In the case of driven and cast-in-place piles, it is not
always possible to drive them down again to their ori-
gmal position if they are of the type in which the tube
is withdrawn However, piles which rncorporate a steel
shell which remains in the ground can be redriven by
reinserting the mandrel, before they are finally filled
with concrete Lifting of piles is most likely to occur
when the pile shafts are wholly in firm to stiff clays
When the major portion of the shaft is in a very soft
clay which is remoulded during driving, the adhesion is
insufficient for the heaving ground to lift the piles
Therefore, when considering driving piles in groups rn
firm to stiff clays, the engineer should use precast con-
crete, steel, or shell piles which can be redriven if neces-
sary, or alternatively, he should adopt bored piles, or
partly bored and partly driven and cast-rn-place piles
The ground displaced by the piles driven in groups can
cause high lateral pressures to develop on nearby buried
culverts, sewers, or tunnels, with consequent nsk of
senous damage

The possible detrimental effect of driving piles wholly
into soft compressible clays has been mentioned briefly
in Section 7 13 It will be as well, therefore, to discuss

(7 45\ in more detail the advantages and disadvantages of pile
- / groups in this type of ground It should be pointed out

at this stage that short piles in such conditions are worse
than useless A comparison of the stress distribution in
Fig 7 29(a) and (b) between a shallow raft foundation
and a short pile foundation shows that, virtually, the
same volume of compressible soil is stressed in each
case In fact, the short pile group may show greater
settlement than the shallow raft, due to reconsolidation
of the heaved and remoulded soil However, most norm-
ally consolidated clays show a progressive increase
m shear strength and decrease in compressibility with
increasing depth Therefore, in the case of the long pile
group (Fig 729(c)) the stresses are transferred to deeper
and less compressible soil and the settlement of the
structure is correspondingly less

Figure 7.28 Calculation of block failure of pile group in clay

The remoulding caused by the pile driving or boring
only takes place to a relatively small distance around
and beneath the pile group, thus the undisturbed shear
strength beneath the group may be taken for the second
term m equation (745) However, when considering
the penmeter shearing resistance, the time effect should
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Figure 7.29 Comparison of vertical stress distribution between
(a) surface raft, (b) raft with short piles, (c) raft with long piles

An example of the settlement of a basement founda-
tion in conjunction with piles in stiff clays is the founda-
tion of the Hyde Park Cavalry Barracks (see Section 5.5)

7.14.4 Ground heave and reconsolidation

In a closely-spaced pile group where soft clays or silts
are overlying stiff clays, the upper part of the mass of
soil enclosed by the group is heaved up dunng pile driv-
ing (Fig 7 30) Therefore, when reconsolidation takes
place the weight of the heaved-up soil is transferred to
the piles, thus increasing the load on them It is thus
evident that the upper soft clays and silts do not contnb-
ute to the carrying capacity of the piles The problem
is to assess how much of this load should be taken as
increasing the working load on the pile from the point
of view of the carrying capacity of the individual pile

The weight of the mass of soil causing drag-down
should be divided up between the piles in the group and

added to the working load on each pile The total load
should not exceed the ultimate carrying capacity of the
individual pile as determined by calculation or loading
test, but the safety factor need not necessarily be high
A safety factor less than 2 would be accepted if the
settlement of the individual pile is not excessive under
the total load It should be noted that the drag-down on
any individual pile in a group caused by consolidation
of the soil around the pile will not be greater than can
be camed in skin fnction on the pile shaft, i e the
surface area of the pile embedded in the soft clay mul-
tiplied by the adhesion corresponding to the shear
strength of the soft clay Also, in considering the drag-
down on an individual pile it should be remembered
that heave and reconsolidation sufficient to cause neg-
ative skin friction is only likely to occur in the upper
part of the pile shaft (see Fig 7 23) The safety factor
of the whole group of piles under the working load plus
the weight of the consolidating mass of soft clay should
also be calculated The carrying capacity of the group
is given by

Q = 2D'(B + L) + cNBL, (746)

where D' is the penetration into stiff clay stratum

Safety factor = — (Total working load on pile
group + Load transferred by
consolidation of soft clay)

Here again the safety factor need only be low since
the drag-down due to the consolidating soil will not
increase the consolidation of the soil beneath the whole
group because the only additional load at the base of
the pile group is the working load imposed on the group
from the structure plus the net weight of the piles them-
selves, i e. the weight of the overburden soil on the stiff
clay beneath the pile group has not been increased by
the pile driving

The procedure should therefore be as follows

(a) For calculating the carrying capacity of individual
piles in the group or the whole group, neglect any
support given by the soft clay

(b) There should be a safety factor on the expression

Ultimate carrying capacity of individual pile
Working load on individual pile + Load

transferred to individual pile from
consolidating overburden

Loading (100 kN/m2)

(a) (b) (c)

Original G L

but the safety factor can be lower than that used for

Ultimate carrying capacity of individual pile

Figure 7.30 Effects of ground heave on driven piles in clay Working load on an individual pile
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(c) There should also be a safety factor on the
expression

Ultimate carrying capacity of pile group
Working load on group + Load transferred to

pile group from consolidating overburden

Agam the safety factor can be lower than that
used for

Ultimate carrying capacity of pile group
Working load on pile group

7.14.5 Pile groups in filled ground

In the case of pile groups driven or bored in fill which
is consolidating under its own weight, or under the
weight of surface load, the weight of the whole mass of
fill enclosed by the penphery of the group is transferred
to the piles, as shown in Fig 7 3 1(a) Where the fill
is underlain by a compressible stratum as shown in
Fig 7 31(b), the weight of that part of the soft stratum
enclosed by the pile group from which the downward
movement is sufficient to cause drag-down must be
added to the weight of the supenmposed fill, since the
latter causes the soft clay to consolidate, resulting in
additional drag-down

Thus, in Fig 7 31(a), the total load on pile group at
level of bearing stratum is given by

Q1 = Working load + L x B x y'D', (7 47)

where y' is the density of fill and D' the depth of fill
over which the movement is sufficient to cause drag-
down

In Fig 7 31(b), the total load on pile group at level of
bearing stratum is given by

Q2 =Working load + L x B x
÷L xB xy"D", (7 48a)

where 7" is the density of soft stratum and D" the depth
of soft stratum over which movement is sufficient to

ftcompre
yer

L x B
Bearing stratum
forpiles

(a)

Figure 7.31 Pile groups in filled ground

(b)

cause drag-down However, total load on pile group
will not exceed ultimate skin friction on piles from fill
and soft clay, i e

= 1> Working load + S1f'+ SJ",
where

(7 48b)

S = sum of surface area of piles embedded in fill,
S2 = sum of surface area of piles embedded in soft

clay,
1' = skin friction between fill and piles,
f" = skin fnction between soft clay and piles

The consolidation settlement of the bearing stratum
due to loads imposed by the pile group should be cal-
culated on the basis of the working load on the group
plus the maximum load transferred on to the piles from
the fill only Thus, in Fig. 7 31(b) there is no increase
in weight of the soft stratum causing additional loading
on the bearing stratum The only additional loads caus-
ing settlement of the bearing stratum are the working
loads on the group plus the weight of the fill This
assumes that the fill has been recently placed and has
not had time to cause appreciable consolidation of the
underlying strata

The problem of negative skin friction from the con-
solidation of filling applies both to driven piles and
bored piles However, these problems do not occur if
the piles are taken through fill on to an incompressible
stratum such as bedrock or very compact sand and
gravel In these cases the piles cannot settle, the con-
solidating fill slips past the piles, and its weight is car-
ned by the underlying incompressible stratum However,
the drag-down effect on the pile considered as a struc-
tural column should not be neglected

7.15 The design of axially loaded piles
considered as columns

Piles embedded wholly in the ground need not be con-
sidered as long columns for the purposes of structural
design Where, however, they project above the ground
as in the case of Jetties or piled trestles, the portion
above the ground or the sea- or nver-bed must be con-
sidered as a column and it is then necessary to consider
their effective length and conditions of end fixity BS
8004 makes the following recommendations

(a) In firm ground the lower point of contraflexure can
be taken as about 1 m below the ground surface

(b) When the top stratum is soft clay or silt, this point
may be taken at about half the depth of penetra-
tion into this stratum, but not necessarily more
than 3 m
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Reduction factors for working stresses in piles acting
as columns should be applied as recommended in the
appropnate structural code of practice

7.16 Piles resisting uplift

7.16.1 Anchoring piles in soil

In certain circumstances, piles are required to resist
uplift forces, such as in foundations to structures sub-
ject to considerable overturning moment, for example
tall chimneys, transmission towers, or jetty structures
Resistance to uplift is given by the friction between the
pile and the surrounding soil, it may be increased in the
case of bored piles by 'under-reaming' or belling-out
the bottom of the piles, or by the bulb end of a driven
and cast-in-place pile A method of calculating the up-
lift resistance of piles with enlarged bases has been
established by Meyerhof and Adams7 Various pub-
lished test results have indicated that the skin frictional
resistance of piles to uplift loads is appreciably lower
than that mobilized in resistance to compression load-
ing Methods of calculating the tension resistance under
sustained axial loading of piles driven into sand are de-
scnbed in Section 7 4 1 Greater reductions in resistance
can occur under cyclic loading due to degradation of
the soil particles, particularly in friable calcareous sands
Reductions of 30—50 per cent in the value for sustained
loading are possible The same order of reduction should
be considered for cyclic loading on bored piles in sand
The effects of degradation can be assessed by cyclic
simple shear tests or triaxial tests in the laboratory

The large data base of loading tests on piles dnven
into clay collected by Chow74 did not show any signi-
ficant difference between the peak shear stress mobil-
ized in compression and tension for sustained loading
Cyclic loading at levels of interface shear stress ap-
proaching the ultimate value can cause the resistance to
fall from the peak to the residual value, particularly for
long piles

Cyclic loading tests are advisable to check design
values for piles subjected to this type of loading in
sands or clays

Jetty and wharf structures are subjected to lateral
forces from berthing ships and from wave action If these
forces are transferred to supporting piles the resulting
lateral movement of the upper part of the embedded
length of the piles may destroy most of the skin fric-
tion, for example an enlarged hole may be formed if
the piles are embedded in stiff clays This progressive
deterioration in uplift resistance due to skin friction
will not be reflected by a pull-out test made soon after
driving, therefore, a generous safety factor on the

ultimate pull-out load should be adopted for piles
carrying both lateral and uplift loads

7.16.2 Anchoring piles to rock

Piles driven to rock, although they have a high bear-
ing resistance, may have a low uplift resistance if they
are driven through soft or loose materials to a small
penetration into rock Thus, if a pile is driven only a
metre or so into strong rock it will so shatter the material
around the pile that uplift resistance will be negligible
and due almost wholly to friction in the debris and the
overburden soil The uplift resistance may be increased
by drilling a large-diameter hole deep into the rock and
concreting or growing the pile into this hole or socket
or, in the case of hollow tube or box piles or bored
piles, by drilling a deep hole into the rock at the bot-
tom of the pile, followed by concreting in steel rods or
cables made up from high-tensile wires lowered into
the drilled hole The length of the tendons within the
overburden can be sleeved if it is required to leave this
length of pile unfilled with concrete or if subsequent
stressing of the anchors is necessary

The uplift resistance of this type of anchorage is
given by

(a) The tensile strength of the anchor rods or cables,
(b) The bond resistance between the rods or cables and

the concrete or grout which surrounds them,
(c) The bond resistance between the concrete or grout

and the surrounding rock,
(d) The dead weight (or submerged weight if the

anchorage is below water level) of a cone of rock
which must be lifted by the anchor if failure does
not occur by (a), (b), or (c)

The uplift resistance given by (a), (b), or (c) can be
determined by experiment or by calculations based
on the known properties of the steel, concrete, or grout
If the surface of the anchor rod is roughened or if the
rod has a hook or plate at its lower end, then anchor to
grout failure should not theoretically occur However,
experiments have shown that steel to grout failure can
take place under these conditions by the grout flow-
ing plastically around the end plate or projections on
the rod

Wherever possible the allowable bond stress between
steel and grout should be determined by field tests us-
ing anchors of the same diameter and the same type of
end fittings as those proposed for the permanent instal-
lation As a guide, allowable values of 0 3—0 7 N/mm2
can be used for deformed bars or cables up to 150 mm
in diameter, and 0 15—0 3 N/mm2 for tube anchors up
to 300 mm in diameter Recommendations for the bond
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strength at the grout to anchor interface are given in BS
8081 Code of Practice for Ground Anchors Ths code
provides a wealth of useful and practical information
on the design, installation and testing of anchors in
rock The code recommendations for ultimate bond
strength are

Plain bar >1 N/mm2
Clean strand or deformed bar >2 N/nun2
Locally noded strand >3 N/mm2

Special consideration should be given to allowable
bond stresses where high uplift loads are to be camed,
for example where load is transferred from the legs of
a tubular jacket structure in deep water to a large-
diameter steel tube pile driven into the sea-bed In these
conditions there is an appreciable diminution of diam-
eter in the anchor pile caused by inward radial strain
under tensile load This reduction in diameter may break
the bond with the hardened grout filling the annulus
between the jacket and the pile It may be necessary to
form keys on the surfaces of the pile and jacket by
welding on steel strips or spiral rods Where these are
provided the steel to grout bond stress depends on the
allowable stress in compression on the grout Methods
for calculating the steel to grout bond strength for the
pile to jacket connections are given in the Amencan
Petroleum Institute recommendations for offshore struc-
tures79 and by the UK Department of Energy

For bars set in concrete the normal design require-
ments for embedment should be followed

The allowable bond stress between the grout or con-
crete and the surrounding rock depends on the com-
pressive strength of the intact rock, the size and spacing
of Joints and fissures, the amount of keying given to
the anchor hole by the drilling bit, and the cleanness of
the rock surface which can be achieved by the drilling
water flush The size of the drill-hole and of the annular
space between the anchor and the wall of the hole are
important A large-diameter hole or a wide annulus
can result in weakening of the grout to rock bond con-
sequent on shrinkage of the grout, although this can be
countered to some extent by using grouts which incor-
porate plasticizers, expandmg agents, or fibrous bonding
materials

By providing a plate or special compression fitting
on the bottom of the anchor, part of the grout column is
put into compression The smaller the annulus and the
shorter the bonded length, the higher the compressive
stress induced in the grout and consequently the higher
the radial compressive stress and shearing resistance at
the contact face between the grout and the rock

The bond between grout and rock will be small if
drilling softens the rock surface This can occur with

silty or clayey weathered rocks such as chalk or mud-
stone Observed bond stresses at failure range from 0 15—
0 3 N/mm2 in weak weathered chalk, mudstone, and
shale to 1 0—20 N/mm2 m strong, relatively unweathered
but jointed rocks

With regard to (d) above, the estimation of the angle
and depth of the cone for the purpose of calculating its
weight is largely a matter of judgment based on expen-
ence The shape of the cone pulled out by the anchor
depends on the frequency of jointing and fissunng of
the rock mass and the inclination of the bedding planes
Progressive failure of the grout to rock bond due to
stretch of the anchor is prevented by sheathing the upper
part of the anchor Then if the anchor has a com-
pression fitting at the bottom the shape of the pull-out
cone is shown in Fig 7 32(a) Where a plain bar or
cable is used Wyllie7 suggests that the effective length
should be taken as the mid-point of the bonded length
(Fig 7 32(b)) If the rock surface has a soil overburden
this is lifted with the rock cone The failure surface is
assumed to be cylindrical in clay, and a truncated cone
in a granular soil (Fig 7 32(c)) The half-angle of 30°
shown for the cone is conservative and represents a
heavily jointed or shattered rock Because shear at the
interface between the cone and the surrounding rock is
neglected, a safety factor of unity can be taken on the
effective weight of the cone for a horizontally bedded
formation or one with moderately sloping bedding
planes Where the bedding is steep the safety factor
should be increased, or an attempt should be made to
calculate the geometry of the failure surfaces and the
frictional resistance to pull-out over these surfaces
Where uplift on anchorages is a critical factor in de-
sign, it is advisable to check the design assumptions by
full-scale pull-out tests on the site The adoption of pre-
stressed anchorages for piles is a valuable means of
checking the holding power of each individual anchor-
age since a prestressing load at least equal to the maxi-
mum uplift load can be applied by jacking from the top
of the pile However, jacking the anchor against the pile
or against the ground resistance immediately above the
pile does not test the uplift resistance of the rock cone

A disadvantage of the rod or prestressed cable type
of anchorage is the risk of corrosion particularly in
marine work If large-diameter hollow piles are used, a
large hole can be drilled into the rock and a heavy steel
section can be concreted into the hole However, if the
aperture in the pile is small there is likely to be insuffi-
cient clearance to enable concrete to be used to sur-
round the anchor, which must then be grouted in Neat
cement grout of a consistency which can be pumped
through a small-diameter pipe is of necessity a weak
material in comparison with concrete
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Figure 732 Method of calculating uplift volume of rock cone for anchorage piles (a) With compression fitting, wholly in rock
(b) Without compression fitting, wholly in rock (c) Without compression fitting, in rock with soil overburden

If the anchorage is not prestressed, the anchor rod or
cable need only extend for sufficient height up the pile
to develop the required strength in bond between the
inner surface of the pile and the concrete or grout How-
ever, if prestressing is used the cables must be camed
up the pile to enable them to be stressed using the top
of the pile as the reaction for the jack It is then neces-
sary to protect the cable with a plastic sheath or with
concrete or cement grout If space is adequate, concrete
placed by trenue pipe is preferable to grouting

If uplift piles are placed in a group, allowance should
be made for the overlapping of the individual uplift
cones in heavily jointed or broken rock formations, and
the anchorages of the group should be deep enough
to ensure that there is sufficient weight in the mass of
rock encompassing the whole group The degree of
overlap of individual cones can be reduced by raking
the anchors

Uplift on piles used as foundations to light struc-
tures on swelling clay soils has been descnbed in
Section 3 1 2

7.17 Piles subjected to horizontal or
inclined loads

7.17.1 Ultimate resistance and deflexion

Foundation piles are frequently required to carry in-
clined loads which are the resultant of the dead load of
the structure and horizontal loads from wind, water pres-
sure, or earth pressure on the structure Where the hon-

zontal component of the load on the piles is small m
relation to the vertical load, it can be camed safely by
vertical piles Thus, special provision is not usually made
m piled foundations to buildings for the horizontal load-

ing resulting from wind pressure
However, in the case of piles in wharves and jetties

carrying the impact forces of berthing ships, and piled
foundations to bridge piers, trestles to overhead travel-
ling cranes, tall chimneys, and retaining walls, the hori-
zontal component is relatively large and vertical piles
cannot generally be relied on to withstand the hori-
zontal forces Raking or batter piles have a very much
higher resistance to honzontal loading since a large
proportion of the horizontal component is camed axi-
ally by the pile Typical arrangements of raker piles are
shown in Fig 7 33(a)—(d)

In the case of the retaining wall (Fig 7 33(a)) the
earth pressure always acts in the same direction and
forward-raking piles only are required to carry the hori-
zontal loading, while vertical piles are provided to
support the dead weight of the wall and vertical forces
transmitted to the back of the wall by the retained earth
Horizontal forces in the bridge trestle (Fig 7 33(b))are
caused by braking and traction of the moving loads
These forces are reversible in direction and raking piles
in two directions are required If the bridge pier is in a
deep fast-flowing nver the pressure from the water may
require rakers in a direction transverse to the line of the
bndge Horizontal forces in the piled wharf (Fig 73(c))
are caused by the impact of berthing ships and by wave
action and are high in relation to the dead load of the
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Figure 7.33 Uses of raker piles (a) Retaining wall (b) Bndge pier (c) Wharf (d) Sheet pile retaining wall

superstructure requiring a large number of raking piles
The tie rod supporting the earth forces on the sheet pile
retaining wall (Fig 7 33(d)) is always in tension, but a
combination of forward and backward rakers is pro-
vided in the anchorage in cases where the load would
be too much for a single pile A large pile cap is pro-
vided to counteract the uplift on the backward raker

Where the lateral loading is intermittent, as in the
case of piles to wharves and jetties or in bndge trestles,
the full value of skin friction on the shaft should not be
allowed when calculating the resistance to axial load-
ing along the pile Thus, where short piles are dnven
into stiff clays, the deflexion and rebound under inter-
mittent loading will result in an enlarged hole for the
pile, reducing the friction to a negligible amount, and
the resistance to axial loading should be calculated on
end-bearing only Where the piles are m soft clays,
silts, or sands and gravels, the soil will partially close
around the pile if the frequency of loading is low, thus
the remoulded shear strength of clays or silts may be
used for the skm friction, and a low value of skin fric-
tion in sands and gravel should be adopted The re-
quired value may be obtained from pulling tests when
the skin friction should be calculated from the load
required to maintain steady upward movement of the
pile Where short raking piles are carrying vibrating
loads in soft silts and clays or cohesionless soils, skin
fnction will be negligible and the end-bearing resist-
ance only should be used to carry axial compression
loadmg Higher values of skin fnction may be allowed
in the case of long piles because vibrations or lower fre-
quency movements will be, for the most part, absorbed
in the upper embedded parts of the piles

The resistance of rakers to the axial loads caused
by lateral loading is often a critical factor in design
since small yielding might result in senous tilting of
a structure Driving piles to batters of 1 in 3 or 1 in 4
is common, but driving to angles flatter than 1 in 2 is
a difficult procedure, and is impossible for bored or

driven and cast-in-place piles. It is therefore necessary
to provide a larger number of rakers driven to a small
batter Wherever possible, raking piles carrying com-
pression loads should be driven to a hard unyielding
stratum

When a horizontal load is applied to the head of a
vertical pile which is free to move m any lateral direc-
tion, the load is initially camed by the soil close to the
ground surface However, the soil compresses elastic-
ally and there is some transfer of load to the soil at
a greater depth When the honzontal load is increased
the soil yields plastically and the load transfer extends
to greater depths A short ngid pile (length to width
ratio less than 10—12) will rotate and passive resistance
will develop at the toe on the same face at which the
load is applied, in addition to the passive resistance of
the soil near the ground surface on the opposite face
(Fig 7 34(a)) Failure occurs by rotation when the pas-
sive resistance at the head and toe are exceeded

A short ngid pile restrained at the head by a pile cap
or bracing fails by translation (Fig 7 34(b))

The failure mechanism of a very long pile is differ-
ent since the cumulative passive resistance at the lower
part of the pile is very high Hence the pile cannot
rotate and failure occurs by fracture of the pile at the

(a) (b) (c) (d)

Load H H
e

— [T1 i
'if!

L Jil/

(a)

Y0L Centre of rotation
'1,1
'Id

Figure7.34 Failure of short ngid pile under honzontal load
(a) Free head (b) Fixed head
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(a) (b)

Figure 7.35 Failure of long piles under horizontal load
(a) Free head (b) Fixed head

point of maximum bending moment (Fig 7.35(a))
In the case of a long pile restrained at the head, high
bending stresses occur at the point of restraint where
fracture may take place (Fig 7 35(b))

Thehead of a laterally loaded pile may move through
an appreciable distance before failure in rotation or frac-
ture of the pile takes place, such that the movement of
the structure camed by the pile may exceed tolerable
limits Therefore, in addition to ensunng that there is

an adequate safety factor against failure under the lat-
eral load, the deflexion of the pile should be calculated
to ensure that it is not excessive.

The dominant factor in the interaction of the pile and
the soil is the stiffness of the pile which influences the
degree of deflexion and determines whether the failure
mechanism is one of rotation, translation, or failure in
bending The type of loadmg, whether sustained, alter-
nating, or pulsating, influences the amount of yieldmg
of the soil External influences such as removal of
soil from around the pile by scour, or shrinkage of soil
away from the pile surface, affect the passive resistance
of the soil against the upper part of the pile

Bnnch Hansen's method1 can be used to cal-
culate the ultimate lateral resistance of a short ngid
pile. The method is a simple one applicable to fine
or coarse soils either in uniform or layered state of
deposition

The resistance to rotation of the ngid pile about
the point X m Fig 736 is given by the sum of the
moments of the soil resistance above and below this
point The passive resistance diagram is divided into
a convenient number n of horizontal elements of depth
Lin The unit passive resistance of such an element at
a depth z below the soil surface is then given by the
equation

(7.49)

Figure 7.36 Bnnch Hansen's method for calculation of ultimate lateral resistance of short piles

H 'I HT:fl
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Figure 7.37 Bnnch Hansen's coefficients Kq and K

where

= effective overburden pressure at depth z,
c = cohesion of soil at depth z,
K = passive resistance coefficient for frictional

component of soil at depth z,
K = passive resistance coefficient for cohesive

component of soil at depth z

Bnnch Hansen748 has established values of Kq and K
in relation to the depth (z) and the width (B) of the pile
in the direction of rotation, as shown in Fig 7 37. The
total passive resistance on each horizontal element is

x (LIn) x B, and by taking moments about the point
of apphcation of the honzontal load

=p/(e + z)B — p1(e + z)B
z=O z=x

The point of rotation at depth x is chosen correctly
when M = 0, that is, when the passive resistance of
the soil above the point of rotation balances that below
it. Point X is thus determined by a process of trial and
adjustment If the head of the pile cames a moment
M instead of a honzontal force, the moment can be
replaced by a honzontal force H at a distance e above
the soil surface, where M is equal to H x e

Where the pile head is fixed against rotation, the
equivalent height e1 above the soil surface of a force H
acting on a pile with a free head, is given by

e1 = +(e + Zr),

where e is the height from the soil surface to the point
of application of the load at the fixed head of the pile

Piles subjected to horizontal or inclined loads 317
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(Fig 7 36), and Z the depth from the soil surface to the
point of virtual fixity

The depth Zf is not known at this stage, but for trial
purposes it can be taken as 1 5 m for a compact granu-
lar soil or a stiff clay (in the latter case below the zone
of soil shrinkage), and 3 m for a soft clay or silt

Having obtained the depth to the centre of rotation
from equation (7.50), the ultnnate lateral resistance of
the pile to the honzontal force H can be obtained by
taking moments about the point of rotation when

H(e + x) = p1B(x — z)

X+L L÷ p—B(z — x) (752)

The final steps are to construct the bending moment
and shearing force diagrams (Fig 7 36) The ultimate
bending moment, which occurs at the point of zero
shear, should not exceed the ultimate resistance mo-
ment M of the pile shaft The appropnate load factors
are applied to the design honzontal force to determine
the required ultimate force H

When applying the Bnnch Hansen method to
layered soils, assumptions must be made concerning
the depth z to obtain Kq and K for the soft clay layer in
Fig 7 38, but z is measured from the top of the stiff
clay stratum to obtain K for this layer

The undrained shear strength is used for c in equa-

(7 51)
tion (749) for short-term loading conditions such as
wave or ship berthing forces on a jetty. The drained
effective shear strength parameters c' and $' should be
used for all cases of sustained loading such as earth
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Figure 7.38

H

should be made to ensure stability under undrained con-
ditions at early stages in loading on the structure

The defiexion of the pile head under the working
load can be calculated approximately by assuming that
the pile acts as a cantilever about the point of virtual
fixity Thus, from Fig 7 36,

Deflexion at head of free-headed pile

= H(e + z1)3

3E1

Deflexion at head of fixed headed pile

= H(e + z1)3

12E1

where E is the elastic modulus of the matenal forming
the pile shaft and I the moment of inertia of the cross-
section of the pile shaft

7.17.2 Computerized methods for analysing
the behaviour of single piles under
horizontal loading

There are two pnncipal approaches to the computer-
based modelling of isolated piles under lateral load-
ing These are (1) idealization of the soil resistance as
discrete spnngs, and (2) consideration of the soil as an
elastic continuum

Soil spring idealization This technique involves
modelling the pile as a beam supported by discrete
spnngs to represent the soil resistance as shown in
Fig 739 Transfer of shear stresses through the soil is
not modelled in this representation The springs can
be considered as linear or non-linear The most usual
formulation of the problem involves finite difference
representations of the governing differential equation

(a)

Figure 7.39 Spring model for pile carrying lateral loading
(a) Horizontally loaded pile modelled as a vertical beam
supported on horizontal sprmgs representing soil (b) p—y curve
representing non-linear load—deflexion response of soil spring
where p is the soil resistance and y the lateral deflexion

d4
EI—- = q(), (7 55)dx

where

Finite difference expressions are also used to express
slope, bending moment, and shear in the pile

The linear sprmg model may be adopted in cases
where soil strains are small and such that the soil may
be assumed to be acting within the elastic range It can
be used to generate standard solutions, expressed in
graphical form for example, or to solve specific prob-
lems involving conditions of complex loadmg and strata
Use of the technique for anything other than trivial
problems involving only very small numbers of springs
demands the availability of a suitable computer program

Use of a computer program is essential for problems
involving non-linear soil springs The principles of the
technique were established during the 1960s749751 and
it has been used extensively since then, mainly to meet
the demands of the oil industry in the design of piles
to support offshore structures Such piles are typically
tubular steel and may be installed to considerable depths
below the sea-bed through a wide variety of strata. Under
extreme pile loading conditions due to storm waves
the soils in the vicinity of the sea-bed will be subject
to lateral strains beyond the elastic range, and so it is
important to make use of a non-linear soil spnng model

-a

pressure Where the drained parameters are used a check

(b)

(7 53) El = flexural stiffness of the pile,
y = lateral displacement at x,
x = distance along pile,
q() = lateral soil force per unit length at x (note

(754) that q(9 will be dependent on y)
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(b)

Figure 7.40 p—y curves for soft clay (after API RP2A7 52) (a) Short-term static loading (b) Cyclic loading p = soil reaction
per unit length of pile, p,1 = ultimate soil reaction per umt length of pile, x = depth below ground level, X5 = transition depth
(at which failure mode changes from wedge type to flow round), y = lateral deflexion of pile, y, =2 5ED, D = pile width,

= strain occumng at half the maximum stress on laboratory undrained compression tests

as shown in Fig 7 39, referred to as the 'p—y curve'
Considerable effort has been put into the refinement of
p—y curve formulations on the basis of measurement of
the behaviour of laterally loaded piles. As a result such
formulations are widely accepted as being reliable and
they are quoted in documents such as the Amencan
Petroleum Institute Code RP2A 732 In the case of piling
for offshore structures cyclic loading effects due to wave
action are important and reference should be made to
this code for the recommended manner of constructing
p—y curves to be used in design for these conditions
The forms of p—y curves for both short-term static load-
ing and cychc loading in clay are shown in Fig 740

Elastic continuum model In his development of the
elastic continuum model Poulos753 considered the pile as
an mfinitely thin stnp having width and flexural stiffness
equal to those of the prototype pile Results were pre-
sented an terms of a dimensionless factor K5, defined as

ElK - —--R EL4'

where

El = flexural stiffness of the pile,
E = Young's modulus of the medium,
L = embedded length of the pile

Poulos's method was based on the integral equation
(or boundary element) method and was subsequently
extended and enhanced by Poulos and by others754 An
alternative approach involving the fimte element method

was adopted by Randolph,755 whose curves relating
lateral displacement, lateral force and moment loadings

are shown m Fig 741 In these the followmg notation
apphes

u = lateral displacement at ground level,
z = depth below ground level,
H = lateral load applied at ground level,
M = bending moment in pile,

= radius of pile,
E' = effective Young's modulus of a solid circular

pile of radius r0, i e. 4Elhtr
G = charactenstic modulus of soil, i e the

average value of G* over depths I
= G(l + 3v/4),

G = shear modulus of soil,
v = Poisson's ratio of soil,
I. = critical length of pile

= 2r0(E,/G)'7 for homogeneous soil
= 2r0(E'/m*r0)''S for soil with stiffness

proportional to depth,
m* = m(1 + 3v/4),

G* at 1/4= homogeneity factor =
G* at 1/2

Randolph's results are quoted for what he terms 'flexible
piles' which are piles having a penetration greater than
I Although both Poulos and Randolph made use of
computers in carrying out their analyses, their results
are presented in the form of charts or generalized
expressions which the engineer can apply an longhand
methods of calculation for isolated vertical piles The
limitations of the elastic continuum approach must be
recogmzed by the engineer These are

L
Yc Yc

(756) m = , where G varies with depth as G = mz,
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(a) actual soil conditions must be such as can be rea-
sonably represented by the idealized forms of either
stiffness constant with depth of stiffness propor-
tional to depth,

(b) strain levels in the soil sufficiently low to be con-
sidered within the elastic range

Of these, limitation (a) may not be too onerous as the
behaviour of a pile under lateral loading is dominated
by soil properties within a comparatively shallow zone,
say of the order of 10 pile diameters from the surface.

7.17.3 Pile groups

In the group of vertical piles shown in Fig 742, the
vertical component (V) of the load on any pile from the
resultant load (R) on the group is given by

MIHI
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Figure 7.41 Isolated pile subjected to lateral force and bending moment (after Randolph755) (a) Deflected pile shape for lateral
force loading (b) Bending moment profile for lateral force (c) Deflected pile shape for moment loading (d)Bending moment
profile for moment loading

Neutral axis
of pile group

of pile group
Point of application
of resultant load on
underside of pile cap

Figure 7.42



This edition is reproduced by permission of Pearson Educational Limited

Load/deformation behaviour of pile(s) under axial/lateral loading 321

W Wel
V = — +

where

W = total vertical load on pile group,
n = number of piles in group,
e = distance between point of intersection of

resultant of vertical and honzontal loading
with underside of pile cap, and neutral axis
of pile group,

= distance between pile and neutral axis of pile
group, is positive when measured in the
same direction as e and negative when in
the opposite direction

The above equation is apphcable only when the result-
ant load (R) cuts the underside of the pile cap

Computenzed methods for calculating the deflexions
of pile groups subjected to horizontal loading are de-
scnbed in Section 7 19 3

7.18 The behaviour of piles under
vibrating loads

Piles in clays are not liable to settlement when carry-
mg vibrating loads, other than that due to the normal
consolidation of the soil under the working load on the
piles. However, there is a likelihood of severe settle-
ment when piles carrying vibrating loads are bearing
on loose or medium-dense sands The effect of the
machinery vibrations is to reduce the skin friction around
the pile, thus transferring load to the toe The vibrating
load on the toe causes further compaction of the sand
below the toe with consequent settlement The risks of
settlement are much greater in the case of bored and
cast-in-place piles than with driven piles, since the
former method does not compact the soil Indeed, the
effect of boring the hole for the pile may result in
loosening of the sand

7.19 Computerized methods for predicting
the load/deformation behaviour of the
single pile and pile groups under axial
and lateral loading

7.19.1 Axially loaded single piles
Three approaches may be considered for predicting the
settlement of the single pile under axial load These are

(1) Elastic methods based on Mindim's equations for
the effects of subsurface loading in a semi-infinite
elastic medium

(2) The t—z method
(3) Fimte element methods.

press displacements in the soil mass due to loading at
each of the segments Solutions are obtained which give
compatibility between the soil loads and displacements,
and the axial forces and displacements m the pile Poulos
and Davis describe investigations into both the 'floating'
pile and the pile beanng on a stiffer stratum, and they also
describe a modified analysis which includes represent-
ation of pile—soil slip occumng when shear stress at the
surface of a pile segment reaches a defined failure value

Although the various elastic methods typically
employ computer-based techniques the results obtained
are usually presented in chart or tabular form for direct
apphcation by the user Subject to the applicability of
features such as pile—soil slip, elastic analyses are Imuted
to circumstances in which non-linear load detlexion
behaviour of the soil is not significant

The t—z method This is probably the most widely
adopted techmque for investigation of the single axially
loaded pile in cases where non-linear soil behaviour
has to be considered and/or soil stratification is com-
plicated The method involves modelling the pile as a
member supported by discrete springs which represent
the resistance of the soil in skin friction and in end-
bearing, see Fig 743 In the usual approach the internal
axial forces in the pile are described by fimte difference
expressions in terms of axial displacements at equally
spaced nodes along the pile Likewise soil forces and!
or externally applied loads are concentrated at the nodes
Full details are given by Meyer et a!757

An alternative approach is to use a fimte element
representation of the pile, this can accommodate dif-
ferent sizes of pile element and varying pile properties
much more readily than can the fimte difference method
The soil spnngs are non-linear representations of soil
force, t, at displacement, z, as shown in Fig 7 43
Vijayvergiya758 proposed a form of t—z curve applicable
to both side and end springs Vijayergiya's recom-
mendations were based on the results of tests on piles
generally having a diameter no greater than 06 m It is
considered that modifications need to be made in defin-
ing soil springs for piles of diameter 1 0 m and greater,
otherwise the springs will be too stiff.759 Efficient adop-
tion of the t—z method for all but the most simple rep-
resentations requires the use of a computer program
Typical results are shown in Fig 744 The method can
be extended to allow for both melastic behaviour and
strength degradation of the soil

Elastic methods These are discussed by Poulos and
(7 57) Davis7 Generally the method mvolves dividing the

pile into a senes of segments, each of which is con-
sidered to be uniformly loaded by skin fnction from the
surrounding soil Mmdhn's equations are used to cx-
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Figure 7.43 Analysis of pile under vertical loading (a) Continuous pile under vertical loading modelled as a system of ngid
elements connected by spnngs Soil resistance modelled as external non-linear springs (b) Force—displacement curve for side-spnng
representing soil resistance Curve for end-bearing spring similar (t—z analysis)
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Figure 7.44 Computed and actual load/settlement curves for
44)0mm pipe pile in medium dense sand (after Vijayvergiya758)

Finite element methods The fimte element analysis
of a single axially loaded pile involved idealizing not
only the pile but also the soil in which it is embedded
by fimte elements, as shown in Fig 745 The power of
the method lies in its capability to model comphcated
conditions and to represent non-Imear stress—strain beha-

viour of the soil over the whole zone of soil modelled
Use of computer programs is essential and the method
is more suited to research or mvestlgation of particularly
complex problems than to general design

7.19.2 Axially loaded pile groups
The elastic continuum approach previously descnbed
for the single pile under axial loading has been extended
by various investigators to cater for groups of vertical
piles7 761 Mindlin' s equations are used to obtain val-
ues for displacements expenenced by one pile due to
another and adjacent loaded pile Results are typically
expressed in terms of an interaction factor, a, defined

a = Additional settlement caused by adjacent pile
Settlement of pile under its own load

where the pile and the adjacent pile both carry the
same load

Two idealized cases of pile group behaviour may be
considered. First, the load on each pile is known at the
outset — this applies when there is no effective struc-
tural connection between pile heads, and secondly a
common value of settlement is imposed on all piles in
the group, i e. the case of a ngid pile cap, for which
loading will vary from pile to pile (given that the group
is not symmetncal with all piles equidistant from the
centroid of the group).

'if

(a)

Vertical
force

z
Vertical

displacement
(b)

Load on top of pile (tons)
100
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Boundary fixed vertically

Figure 7.45 Axisymmetnc finite element model of axially loaded pile embedded in soil (after Desai and Holloway7 60)

Results are presented in chart and graphical form
for a variety of conditions, e g piles with enlarged
bases, piles of different sizes, variations in soil stiff-
ness Thus, although there has been extensive computer
work leading to the production of the charts and tables,
the user may be able to undertake design or analysis
by hand

The non-linear t—z method cannot of itself be used
to represent more than single pile behaviour. In cir-
cumstances where it is considered that the extent of
non-hnear behaviour invalidates a purely elastic solution,
the most usually adopted approach is to express the
displacement of any pile in a group as follows

Pot = ,t + YLPJcL,Jl
1*1

where

(7 58)

Pa, = group displacement of pile z,
Pit = isolated pile displacement of pile i (by the

t—z method),
= unit elastic axial displacement of isolated

pile,7 56

P, = axial load on pilej,

= Poulos interaction factor for piles andj,
n = number of piles in group

This approach is the direct equivalent of that pro-
posed by Focht and Koch762 for analysis of groups of
laterally loaded piles and descnbed in the subsequent
section

7.19.3 Laterally loaded pile groups
The reader is referred to Poulos and Davis7 and
Poulos' for descnptions of analysis of the behaviour
of laterally loaded pile groups in an elastic medium
Additionally, Randolph755 gives expressions for inter-
action factor between adjacent laterally loaded piles
and compares answers obtained with Poulos's values
and with the results of model tests Where purely elastic
behaviour is considered to be unrepresentative of an-
ticipated prototype performance, a technique such as
that descnbed by Focht and Koch' is most often used
They propose that lateral displacement of a pile within
a group can be expressed as

Pa, = p,, + YL la,J, (7 59)

of pile
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aPH

d
$

= M
E,L4

Pile i

Pile j

EI =Flexural stiffness of pile
=Young's modulus of soil

L Embedded length of pile
d = Diameter of pile
s = Pile spacing

Figure 7.46 Interaction factors for free-head piles subjected to horizontal load (after Poulos763)

where

n = number of piles in group

PGf(') YLPJa,,,
id

where p,, = f(P,) is the load deflexion curve for an
isolated pile obtained by the p—y method using a
computer program of the type descnbed by Poulos,763
Randolph755 or Sawko7 Hence for a prescnbed dis-
placement, n simultaneous equations result contaimng
n unknowns (the individual pile loads) The sum of
these individual loads is equal to the total group lateral

load Repetition of this computation for a number of
prescnbed displacements enables a curve of total group
lateral load versus lateral displacement to be drawn

It should be noted that the value of interaction factor
is dependent on direction of lateral loading, being

greatest when the loading is along a line joimng z andj
and least when the loading is at nght angles to this ime
(Fig 746) The consequence of this is that group load
versus group deflexion curves will differ depending on
the direction of loading except for the case of a large
number of piles mstalled at equal spacing along the per-
imeter of a circle Thus far the technique has resulted
in a group load versus group deflection curve and, by
solution of equation (7 60), values of shear load at

(7 60) the heads of individual piles in the group —hence the
most heavily loaded pile, or piles, in the group can be
identified and the associated maximum value of shear
defined for a specific total lateral load applied to the
group

To obtain the distnbution of bending moment in
the most heavily loaded pile the single pile computer
program753'7'7M is run a number of times, for the
maximum value of shear, with the values of y in the
p—y curves being progressively increased through

0 1 2 3 4 5
S 02 015 01 005 0
d

Pc1 = group displacement of pile:,
Pi1 = isolated pile displacement of pile: (by the

p—y method),
= unit elastic lateral displacement of isolated

pile7 63,
= lateral load on pilej,
= Poulos interaction factor for piles: andj,

For the case of a pile group where all the pile heads are
connected and undergo the same translation equation
(7 59) can be rewntten as
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1

0 2 4 6 8 10 12 14 16

Pile deflection, Y (mches)

Figure 7.47 y-factor assessment (after Fochi and Koch7 62)

multiplication by, say, 2, 3, 4, 5, 6, etc A curve of pile
head displacement versus the y-factor (also known as
the y-modifier) can then be plotted From this curve
the value of y-factor to give a pile head displacement
equal to the previously computed group displacement
can be identified, as shown in Fig 747 A further run
of the program using the identified value of y-factor
and an imposed pile head deflection equal to the group
deflection will give a bending moment distribution which
Focht and Koch762 consider to be valid for the design
of the pile (Fig 748)

7.19.4 Pile groups under combined loading

A particular case in which a routine computing tech-
nique may be applied to analysis of a pile group under
general loading is shown in Fig 7 49 This represents a
pile group mcluding both vertical and raking piles which
are installed through a comparatively shallow stratum
of overburden soil to develop end-bearing at rock level
The presence of the raking piles will restrict lateral
pile deflections within the overburden to very small
values It is thus reasonable to analyse the group under
the action of a combination of lateral, vertical, and
moment forces (H, V. and M respectively) using a stand-
ard structural frame analysis computer program with
the pile heads and toes being considered as pinned or
fixed depending on the detail of pile to pile cap con-
nection and the extent to which the piles are socketed
into the rock

The results obtained will be conservative as lateral
support, albeit small, which the overburden soil will
provide to the piles will have been discounted As an
alternative to the use of a standard frame analysis pro-
gram, Sawko7M has described a program which would
model the two-dimensional problem shown in Fig 749
with the pile cap being considered to be fully rigid
This approach can readily be extended to the three-
dimensional 765

Most general-purpose frame analysis programs have
a facility for modelling discrete linear springs attached

A Single pile analysed with ply data
and average shear load (382 kips)

B Group deflection as computed by
— Poulos — ply method

C Equivalent single pile analysed with
modified ply data and maximum shear
load (433 kips)
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Figure 7.48 Design bending-moment assessment for pile in group (alter Focht and Koch7 )
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to nodal points on the frame members It is of course
possible to introduce such spnngs to represent both
lateral and axial resistance of the soil in an analysis of
a structure such as that shown in Fig. 7.49, in such an
instance these spnngs would be linear p—y and t—z
curves This option could be extended further to model
cases in which pile displacements, both lateral and axial,
within the soil were significant, for example, piles not
bearing on an assumed ngid stratum, or vertical piles
subjected to lateral loading The limitations to such an
extension are

(a) Soil strains should be within those which can be
considered to be the elastic range,

(b) Pile spacings should be sufficiently large to make
negligible pile-to-pile interaction effects,

(c) There may be a restriction on the number of spnngs
that can be used m the analysis by the program

The generalized cases of groups of piles subjected to
combinations of loads m circumstances where inter-
action effects cannot be ignored have to be analysed by
special-purpose computer programs

A number of such programs have been developed,
these include

Program Source Availability

ALP OASYS Limited

SW Pile Midland Road
Construction Unit

Warwickshire County
Council

Ove Amp & Partners,
Warwick

Mmipoint Department of
Transport Highway
Engineenng
Computer Branch

Various bureaux

PGROUP As above Various bureaux

M-PILE As above Various bureaux

LAWPILE Wood London Umted
Computing Systems

DEFPIG Poulos University of
Sydney, Engmeenng
Laboratory

Programs such as these can differ considerably in
their governing assumptions which may lead to one or
more restrictions such as
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(a)

Pile cap

Overburden
soil

Rock

Pile heads and toes
to be modelled as
pinned or ngid joints
depending on
construction/installation
details

Rock level
(b)

Figure 7.49 Modelling of forces and moments on a Jetty structure
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(a) Only two-dimensional cases modelled
(b) Only elastic cases modelled
(c) Only vertical piles modelled

The reader requinng details is directed to the bureaux
quoted

7.20 Calculation of carrying capacity and
pile driveability by dynamic formulae

7.20.1 Calculations of carrying capacity

All dynamic pile formulae are based on the principle
that the resistance of piles to further penetration under
their working load has a direct relationship to their re-
sistance to the impact of the hammer when they are
being driven Thus, dynamic formulae take into account
the weight and height of drop of the hammer, the weight
of the pile, and the penetration of the pile under each
blow Refined variants of the formulae also take into
account losses of energy due to elastic compression of
the pile, the helmet, the packing, the ground surround-
ing the pile, and losses due to the inertia of the pile
The protagonists of dynamic formulae claim that they
have a sound theoretical basis since they are related to
Newtonian impact theory If this were so there would
not be the great multiplicity of formulae all giving dif-
ferent answers for the same conditions, and it would not
be necessary to introduce so many empirical constants
The physical characteristics of the soil do not appear in
the simple dynamic formulae This can lead to danger-
ous misinterpretation of the results of dynamic formulae
calculations since they represent conditions at the time
of driving They do not take into account the soil con-
ditions which affect the long-term carrying capacity
and settlement of piles, such as effects of remoulding
and reconsolidation, negative skin friction, and group
effects For example, a dynamic pile formula might
show a low value of resistance for a long pile driven
deep into a sensitive clay However, tests have shown
that the carrying capacity in these conditions increases
progressively for some months after driving It is un-
usual to undertake rednvmg tests a month after first
driving piles, and even then the results of rednving
tests might not be capable of interpretation since the
driving resistance again falls to a low value after only a
few blows of the hammer The time effects on piles
driven into fine silty sands have been mentioned in
Section 74 3 Again, these are not taken into account
in the simple formulae, but the development of tech-
niques based on the wave equation can simulate these
effects as described below

7.20.2 Calculations for pile drivability

Traditional dynamic formulae, such as Hiley or Engin-
eering News Record, for assessing the driving resistance
of piles are based on the Newtonian pnnciples of impact
between ngid bodies However, due to the axial flexi-
bility of a pile there will in reality be a time-lag between
the occurrence of a hammer blow at the pile head and
the amval at the pile toe of the resulting compressive
stress wave To cater for this, and for various other
factors difficult to represent withm a manual calcula-
tion, such dynamic formulae mvolve a number of sweep-
ing assumptions and empirical allowances, and the
success of their application has very often depended on
the subjective expenence of engineers using them The
ability to analyse the behaviour of a pile during driving
in a more realistic manner had to await the general
availability of computers

In 1960, Smith7 proposed an idealization of the
hammer—pile—soil system which would be capable of
representing the passage of the stress wave down the
pile (Fig 7 50) The pile is modelled as a series of rigid
masses connected by spnngs which can act in both
compression and tension The hammer ram and the
anvil or pile cap are also modelled as ngid masses, but
interfaces between ram and anvil and between anvil
and top of pile are idealized by springs capable of sus-
taining compression but not tension Skin friction and
end-bearing actions of the soil into which the pile is
being driven are represented by bilinear springs acting
on the embedded ngid masses Skin friction spnngs
can exert forces either upward or downward while the
end-bearing spring can act only in compression Soil
spnngs act linearly up to a limiting displacement termed
the 'quake' In addition, increased resistance of the soil
due to viscous damping is represented by a senes of
dashpots Smith expresses the instantaneous soil resist-
ance force, R, acting on an adjacent ngid mass as

R = R(1 + JV),

where

(761)

R, = static soil resistance,
J = a damping constant,
V = instantaneous velocity of the adjacent mass

The analysis proceeds incrementally over a number
of discrete time steps, each & in duration The starting
condition is defined by the velocity, V1, of the ram, M1,
at the moment of impact with the anvil During the first
time increment it is assumed that the ram travels a dis-
tance, V1 At and compresses spring K1 by the same
amount The resulting force in K acts to decelerate
the downward motion of the ram and to accelerate the
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Displacement
Form of

soil sprmg

Dashpots to
represent
resistance
due todampmg
effects
in soil

Figure 7.50 Smith7 idealization for wave equation analysis of pile dunng dnving (The weights Was shown above are referred to
as masses M in the text)

anvil mass M2 downward From these accelerations
the net velocities and net displacements of M1 and M2
at the end of the second time increment are calculated
This process contmues with velocities and displacements
of all the masses being monitored at the end of each
time increment These displacements serve to define
forces in the spnngs above and/or below individual
masses For those masses below the ground surface the
displacements will define static components of force in
the soil spnngs while the velocities are used to calcu-
late the additional force due to the viscous damping of
the soil The net value of forces on a mass defines its
acceleration for the subsequent time increment The
analysis is terminated when the toe of the pile ceases to
move downward, and at this stage the predicted set is
typically derived by subtracting the toe quake value

from the maximum downward displacement of the toe
Permanent set will only be indicated if the maximum toe
displacement exceeds the toe quake value As a typical
analysis may require consideration of the behaviour of
30—50 masses over more than 150 time increments, it
will be appreciated that use of a computer is a practical
necessity

Although other forms of numerical analysis of the
pile driving problem have been proposed, including
the use of finite element techrnques,767 the approach de-
scnbed above remains by far the most widely used For
offshore and marine works pilmg it has frequently been
adopted in conjunction with load testing of test piles
as a means of verifying, during the course of driving,
the eventual static capacity of the working piles This
technique is most successful in cases where ground con-
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Pile 914mm OD x 19mm WT (Lengths >15 m)
Hammer Delmag D62, Energy range 11160—22320kg m
• Test pile A' — Predicted resistance for energy and set at completion of driving
• Test pile A' — Failure load (from load test) approx 600 tonne

Test pile 'B' — Predicted resistance, based on test pile 'A' results, for energy
and set at completion of dnving (results of load test to 600 tonne
indicated resistance well above 600 tonne)

Figure 7.51 Pile dnvability analysis for diesel hammer

ditions are such that there is no, or very little, change
with time of the capacity of the pile after completion of
dnvmg The effects of elapse of time on the bearing
capacity of piles driven into sands and clays are de-
scnbed m Sections 743 and 7 7 1 respectively

As can be seen in Fig 750, the basic Smith idealiza-
tion is representative of a pile driven by a drop hammer
or a single acting hammer Diesel hammers have to be
considered in a rather different manner since the actual
energy generated by such a hammer will vary with the
resistance of the pile that is being driven For low re-
sistance there will be low energies per blow at a high
number of blows per minute, while for high resistances
the energy per blow will increase and the number of
blows per mmute decreases Manufacturers can pro-
vide charts of energy versus rate of striking for diesel
hammers, and when dnvabihty predictions are being
made the range of energies which a particular ham-
mer may operate at should be considered An example
of this is shown in Fig 7 51 in which back analyses
of static load tests have been used to generate blow
count versus driving resistance curves for closed-ended
tubular steel piles being driven into calcareous sands
and corals In these ground conditions time-dependent
effects are negligible, and so the driving resistance
is considered to be the same as the static resistance
Although the original Smith idealization is incapable of
modelling the interaction between drivmg resistance and

energy generated for a diesel hammer, advances have
been made In 1976, Goble and Rausche768 published
details of a computer program which will model diesel
hammer behaviour realistically, this program proceeds
by iterations until compatibihty is obtained between
the pile—soil system and the energy—blows per minute
performance of the hammer

Data required to undertake a pile drivabihty analysis
include values for the stiffness and coefficient of re-
stitution of the dolly—capblock and the quakes Q and
damping constants J for the soil. Typical values of Q
and J are given in Table 7 6 These may be used m
predriving studies, but it must be remembered that they
can be subject to significant variations and whenever
possible they should be backfigured to fit load test re-
sults Since the late 1970s the exact form of damping
of soil for wave equation analyses has been the subject

Table 7.6 Soil pmperty values typically used in wave equation
analyses

Soil type

Damping constant Quake
side and end
Q (mm)Skin friction

J (s/rn)
End bearing
J,, (s/rn)

Clay
Sand
Silt

065
015
033—05

001—10
033—065
033—1 5

25
25
2 5

Blows per 300mm
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Irigure 7.52 Example of force and velocity record near to head of pile durmg driving (after Goble and Rausche"2)

R=R(1 +JV°2)

cessed to give piots of force and velocity versus time
as shown in Fig 7.52. The second stage of the method
involves running a wave equation analysis, but with
only the pile modelled from the instrument location
downward Values of soil resistance, quake, and damp-
mg are assigned, and the recorded time-varying velo-
city is applied as the boundary condition at the top of
the pile model. The analysis will generate a force—time
plot for the instrument location and this is compared
with the recorded force—time plot. Adjustments are made
to the values of resistance, quake and damping, and fur-
ther analyses run until agreement between the computed
and recorded force—time plots is acceptable, at which
stage the total soil resistance assigned in the analysis
can be taken to be the resistance at time of driving This
method can be expected to give reliable assessments of
static resistance for soils where time effects are negli-
gible It has also been claimed that the method can be
used to compute the static resistance of piles in clay
soils"3 if the analysis is made for the first few blows of
a rednve after the pile has been left to set up for a time

A frequent cause of concern in analysing the driv-
abihty of tubular piles driven with open ends is whether
or not they will plug during driving. Under static load-

ing an open-ended pile will plug if internal skin friction
between the inner wall of the pile and the contained
soil column exceeds the bearing resistance that the
soil at the toe of the pile can exert to support the soil
column. However, during driving plugging is much less

762' likely and the soil column will either not move down
at all or will move down only to a limited extent and at
a slower rate than that of pile penetration Heerema
and de Jong774 have proposed an extension to the basic
lumped mass and spring model by including masses and
springs representing the contained soil column and have
used this to demonstrate the hkelthood that open-ended
piles will not plug or will only partially plug during driv-
ing In assessing dnvabihty of such piles it is advisable
to consider a range of resistances at driving, catering
for either full plugging or no plugging7"

The time dependency of the capacity of piles driven
into clays has already been mentioned A valuable
approach to assessing the driving resistance for such
soils has been given by Semple and Gememhardt776
who relate static capacity, as defined by the American
Petroleum Institute Code API RP2A (11th edition), to
driving resistance at increments of depth by a factor
which is dependent on the overconsolidation ratio
Figure 753 shows results of the technique apphed to
piling for a North Sea platform

A further example is given in Fig. 754 which shows
driving records of 762 mm OD, 19 mm wall thickness
open-ended vertical tubular steel piles driven by a
Dehnag D46-02 diesel hammer on a marine project
Borehole logs indicated soft sea-bed sediments overlying
a layer of gravel between project datum levels of —19
and —21 m approximately. Beneath the gravel stiff clay
was shown The piles were initially driven to the top
of the gravel by use of a small vibratmg hammer, fol-
lowing which installation was completed using the

Force
Velocity XEA/c

of much investigation and Heerema7 °and Litkouhi
and Poskitt77' have published findings indicating that
for end-bearing in clays and sands and for skm friction
in clays, damping is dependent on the fifth root of
velocity, i.e equation (761) is modified to

A method of computing driving resistances from field
instrumentation readings has been described by Goble
and Rausche 72 Accelerometers and strain transducers
are fitted near to the head of a pile and the readings
from these during the course of a hammer blow are pro-
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Figure 7.53 Comparison of observed and computed dnvmg resistance for piling to North Sea platform (after Semple and
Gemeinhardt7 76)

diesel hammer. The Semple and Gememhardt method776
was used to obtain predictions of blow count versus
depth for initial drive and rednve cases; initial drive
representing behaviour dunng continuous driving and
redrive representing behaviour immediately following
an extended break in driving The driving records show
the blow count diminishing as the toe of the pile passes

the —20 m level and begins to punch out of the gravel
into the clay

Figure 7.54(a) gives three records typical of piles
which were installed m one continuous drive. It can be
seen that there was a tendency for blow counts to be
below the initial drive prediction in the upper levels of
the clay down to —24 to —26 m. However, below this

Figure 7.54 Comparison of predicted and observed driving resistance (a) Continuous drivmg to final toe level (b) Two-stage
driving to final toe level
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penetration blow counts tended to be close to the initial
drive prediction and in some cases, such as pile F7,
approached or exceeded the rednve prediction Fig-
ure 7 54(b) shows records for two piles which were
partly driven then left until the following day The first
stage of dnving, down to —25 5 m, was similar to that
for the piles of Fig 7 54(a), however, on start of re-
driving the blow counts were greater than anticipated by
the predicted redrive curve — particularly so in the case
of pile T3 In planning for pile driving in soils which
set up, it is important to ensure that, as m this case, the
hammer selected has sufficient reserve of energy to
overcome the set-up resistance and start the pile pen-
etrating once more this is vital in the case of piles
subject to tension loads which may set up before reach-
ing a penetration adequate to ensure the necessary factor

of safety against pull-out

7.21 Procedure in correlating static methods
of calculating pile resistance with
driving records

The following steps should be followed at the design
test piling and permanent piling stages

(a) Design stage Calculate the ultimate carrying ca-
pacity of the piles or pile group by static methods
based on soil conditions as found by borings field
tests and laboratory tests, taking into account time
effects, group effects, and long-term settlement

(b) Test piling stage Test piles may be driven and
loaded before full-scale construction commences
on a site, or the first of the permanent piles may be
used as test piles and their length or working load
modified in the light of the test results The driving
equipment used for the test piles should be the same
as that proposed for the permanent piles The
driving resistance in blows per 02—05 m should
be obtained throughout the full depth of penetration
and the results should then be checked with records
of adjacent boreholes This will ensure that the re-
quired design depth of penetration into the main
bearing stratum has been achieved The stiffness or
density of the bearing stratum can also be related to
the driving resistance at any given depth If possible
the driving tests should be made in conjunction
with the dynamic analyser incorporating accelero-
meters and strain transducers installed on the test
piles as described in Section 7202 Redrive tests
should always be made at not less than 24 hours
after completing the initial drive in cohesionless
soils, and not less than 7 days in clays

Loading tests are always justifiable if the number
of piles to be driven is large, but the relatively high

cost may not be justified for a small number of
piles If possible, test piles should be loaded to
failure so that the actual safety factor of the work-
ing load may be estabhshed The procedure for
making pile driving and loading tests is described
in Section 87 Pile loading tests are not required
when piles are driven to refusal on to strong rock
or other hard strata, unless the working loads are to
be exceptionally heavy and approach the ultimate
bearing capacity of a weak rock or unless the pile
itself is suspected to be in a defective condition

As a result of loading tests the engineer may
decide to reduce or increase the depth of penetra-
tion of the pile into the bearing stratum

(c) Construction stage Unless piles are driven to re-
fusal on a hard stratum the driving resistance for
the full depth of penetration should be measured on
all the permanent piles to check possible changes
in level or characteristics of the bearing stratum
The measured driving resistances should be com-
pared to those obtained for the test pile If they are
appreciably lower the piles should be driven deeper
until the driving resistances reach the values
obtained for the test pile

7.22 Examples

Example 7.1 An isolated 762 x 0 19 mm wall thick-
ness tubular steel pile is to be driven with an open end
into a medium-fine silty sand, with the charactenstics
shown in Fig 7 55 The pile is required to carry a work-
ing load in compression of 2 2 MN and in tension of
08 MN Determine the required penetration of the pile,
which has a surface roughness of 1 x iO mm

It is evident that a deep penetration will be required
Hence the MTh/IC method will be satisfactory for cal-
culating the total resistance The shaft resistance will
be calculated for penetration depths of 30,40, and 50 m

FromFig 74forDof03mm,61=27°
From equation (7 16), modified radius of open-end

pile = R* = (038l2_ 03622)05 = 0 119 m
From equation (7 11), Aa at 50 m = 2 x 55 x 2

x 1O/0 381
=0006 MN/m2.

This is small in relation to a, as calculated below, and
it can be disregarded at depths up to 50 m

The pile shaft is divided into a number of short seg-
ments and the unit shaft resistance is calculated for
each segment At 50 m the height h to the centre of the
lowermost segment is limited to 8 x R* =8 x 0 119 =
0952 m Taking h = 1 0 m, from equation (7 15),
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- Assume ground-water
levelatGL

Loose becoming
medium-dense
to dense silty
medium-fine
silty sand

1),,, =03 nun
Submerged density

= 9 5 kN/m3
Relative density = 40%

,0029175(490x95'°'3( 10 O35
100 J 0ii9J

=028MN

From equations (7 8) and (79),

rf=(028+negl)tan27=0 14MN/m2
Total shaft resistance on segment = it x 0762 x 20 x
014=067 MN

The shaft resistance of the remaining segments from
48 0 m to ground level will be calculated similarly as
shown in the tabulation below

Calculating the shaft resistance in compression at 50 m penetration

The shaft resistances at 30 and 40 m penetration are
calculated similarly to give values of 249 and 3 36 MN
respectively

Calculating the base resistance Because of the re-
quired deep penetration it is likely that the pile will
become fully plugged dunng dnvrng Hence equation
(7 22) can be used

At 30 m, q= 14(05 —025 log 0762/0036)
= 14x0169=237MN/m2,
Qb=237Xlt/4x07622= 1O8MN

At40m,q= 15x0169=253MNIm2,
Qb= 1 15MN

At5Om,q= 17x0169=287 MN/rn2,
Qb= 131 MN

The above calculations
plotted in Fig 7 56

are summanzed below and

Penetration
below
GL(m)

Ult shaft
resistance
(MN)

Ult base
resistance
(MN)

Total resistance
(MN)

30

40
50

249
336
444

108
115
131

357
451
575

From Fig 756 it will be seen that the required work-
ing load in compression of 2 2 MN multiplied by a
safety factor of 2 5 can be obtained at a penetration of
48 m At this depth the shaft resistance is 425 MN in
compression and approximately 09 x 425=3.8 MN in
tension, giving a safety factor of 475 on the working
load of 08 MN

Depth of
segment
(rnbgl)

h (rn) ( h y°j) (a, )013

(MN/rn2)

q, (MN/rn2) a. (MN/rn2) t1 = a. tan 8,
(MN/rn2)

Q, (MN)

50—48
48—46
46—44
44—42
42—38
38—34
34—30
30—24
24—18
18—10

10—0

10
30
50
70
100
140
180
230
290
360
450

0445
0293
0242
0213
0186
0163
0149
0 135
0124
0114
0105

1221
1215
1208
1201
1190
1173
1155
1130
1094
1038
0908

172
170
167
165
159
151
143
135
123
110
81

028
018
014
012
010
008
007
006
005
004
002

014
009
007
006
005
004
004
003
003
002
001

067
043
033
029
048
038
038
043
043
038
024

Total Q, =

Cone resistance, q, (MN/rn2)
10 20

Figure 755



This edition is reproduced by permission of Pearson Educational Limited

334 Piled foundations 1: the carrying capacity of piles/pile groups

Checking by EC 7, both the shaft and base resistances
are reduced by a factor of 1.5 to allow for uncertainty
m the calculation method and variations in cone resist-
ance with depth Thus in equations (7 3) and (74) at
48 m

R=42/1.5=280andRbk=l 3/15=087
In equation (7.2) both and 'lb are 1 3 for driven piles

Thus, design beanng resistance =(2.80 + 087)1 3
=28 MN

The shaft resistance as calculated above by the MTD/
IC method can be checked using equation (7 18) with a
factor K of 0 009 for an open-end pile in compression
Thus at 50 m penetration

Depth of
segment
(mb g1)

h (rn) c1, (MN/rn2) (h 'V°50009 q,

(MN/rn2)

Q.
(MN)

50—48
48—46
46—44
44—42
42—38
38—34

34—30
30—24

24—18
18—10
10—0

10
30
50
70
100
140
180
230
290
360
450

172
170
167
165
159
151
143
135
123
110
81

0135
0077
0059
0049
0040
0032
0027
0022
0018
0014
0010

065
037
028
023
038
031
026
032
026
027
024

Figure 7.57

Example 7.2 A borehole and static CPT gave the
results shown m Fig 7 57 An isolated BSP cased pile
is required to carry a safe working load of 500 kN in
compression. Determine the required diameter and
penetration of the pile. We will adopt a safety factor of
2.5 to ensure that settlements are kept within tolerable
limits Therefore, required ultimate pile resistance is

500x25= 1250kN.

A BSP cased pile of414 mm OD is required to carry
a working load of 500 kN without overstressing the
concrete filling to the casing tube The base area of this
pile is 0.135 m2 and the penmeter is 1 30 m If as a first
step the pile is regarded as wholly end-bearing, ultimate
end-bearing pressure is

=9300 kN/m2
0 135

It will be seen from Fig. 7 57 that we cannot get this
end resistance in the loose sand from 0 to 11 6 m below
ground level It will be necessary to drive the pile about
1 5 m mto the dense sand layer to ensure that the pile
has been properly seated in this layer

From Fig 757, q.1 over the depth of 07 D below
the pile toe is 13 and q2 over the height of 8 D above
the toe is 7 5, giving

13+ 75
=1025MN/m2

2

Ult resistance (MN)

A

-i
C,

0
0

,0

0.0

Ground-water
level

Loose fine
sand

1160

Dense
fine—coarse
sand

Required ult load=55MN

Figure 7.56

This does not exceed the peak value (Fig 7 8).
Because of the very short penetration into the bear-

ing stratum it will be satisfactory to calculate the shaft
Total =357 friction from equation (7 19)
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From 0 to 11.6 m, shaft resistance

=0005x4x 103=2OkN/m2

From 11 6 to 13 1 in, shaft resistance

=0005x 12x i0 =60kM/rn2.

Total skin resistance 0—13 1 m is

(20x 11.6+60x 15)13 =419kN
Total pile resistance is

0135 x 1025x 10+419= 1384+419= 1803kN

Factor of safety on applied load = 1803/500=3.6 This
is higher than required, but inspection of the q/depth
curve shows that it would be undesirable to tenmnate
the piles above 13 1 m

Checking by the EC rules

q, from 0 to 116 m =20/1 5 = 13kN/m2,

q,from 116 to 13 lm=60/15 =40kM/rn2.

Total shaft resistance is

R,k= 1 3(13x 116+40x 15)=274kN
Base resistance is

Rbk=(1O2S/lS)XO 135x 103=922kN

Design pile capacity is

922/1 3 + 274/1 3 =920kN

This corresponds to a factor of safety of 20 on the
ultimate pile capacity calculated by the permissible stress
method

Example 7.3 A tubular steel pile 1 22 m diameter x
19 mm wall thickness (net steel area 0072 m2) cames
an applied load of 5 MN It is dnven with a closed end
to a depth of 4.0 rn into the dense sand stratum in the
soil conditions shown in Fig 7 57. Calculate the settle-
ment at the pile head

Checking the factor of safety against failure in end-
bearing resistance only, q,1 over a depth of 07 x 1 22 m
below the toe is 19 MN/rn2, and q2 over a height of
8 x 1.22 m above the toe is approximately 10 MN/rn2

Ultimate unitbaseresistance(10+ 19)/2= 14.5 MN/rn2
From Fig 7 8 limiting base resistance = 14 MN/rn2
Ultimate base resistance is

14x7r/4x 1222=164MN
Factor of safety on applied load = 164/5 = 3 3, which
is satisfactory. From Example 7 2, shaft friction
0—11 6 m is

20x116xxxl22xlcr3=O9MN

0005xu0+ x4xirx122=l1MN.

Total shaftfriction=0.9+1 1=2.OMN This wilibe
fully mobilized with the expected base settlement. Hence
load camed by pile base at the working load =5 —20
=30 MN.

Effective overburden pressure at 15.6 m is

19 x 25 +9x 9.1+ lix 4= 173 kN/m2.

From Fig 2.30 for q at toe of 19 MN/rn2, E for soil =
22 MN/rn2 From equation (734) pile head settlement is

(20+2x30)15.6 +
0.5x3.0

—
2x0072x21xl0' 122x22
= 0.060m

say 60mm

Example 7.4 A jetty is sited on 45 rn of very soft
clayey silt overlying stiff to very stiff clay Tests on
undisturbed samples gave the shear strength—depth
relationship shown in Fig 758 For structural reasons
it is desired to use 500mm steel tube piles. Determine
the required penetration to carry an allowable load of
400 kN

Because of lateral movements in the Jetty structure
due to berthing forces, wind, and wave action, it will be
advisable to ignore the skin friction in the very soft
clayey silt. Take as a first trial a penetration length of
13 m below sea-bed level. From Fig. 758, the average
shear strength from 5 to 13 rn = 140kM/rn2 Fissured
shear strength at 13 rn = 145kN/m2

At45 mmstiffclay,;= iOOkN/rn2 Allowrngfor I in
of sea-bed erosion, o at 4.5 rn = 8 x 3.5 =28 kM/rn2
Therefore cIa',,, = 3.6 and from Fig 7 13(a), a =05
From Fig 7 13(b), for zero penetration into stiff clay,
F= 1.0, giving q=05x lOO=5OkN/m2

Similarly at 13.1 in, c = 180kN/m2, ce/a,.,, =
180 =a=0.5 ForL/B= (13.i_45)17,

26+10x85 0.5
F = 1, therefore a = 05, q = 90kN/rn2. Average umt

shaft resistance from 45 to 131 rn = x (50 + 9(J)

=70 kN/m2

Total shaft resistance in stiff clay
=70x85x,cx0.5=935kN.

From equation (7 27), net end resistance m fissured stiff
clay is

9x 145 x *xx0.52=256kN.

Shaft friction 11.6—15 6 m is Therefore, total pile resistance is
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a

a)

a).0
a)a)

0
a).0

a)

Figure 7.58

Shear strength (kN/m2)

935 +256= ll9lkN

Safety factor on allowable load of 400 kN is

1191/400 = 30

This is rather higher than necessary, a safety factor of
2 5 would have been adequate, but before adopting a
lesser penetration we must check the safety factor on
the lower range of shear strength

From equation (7 30), and talung the average lower
bound shear strength along the pile shaft as 110 kN/m2,

Allowable pile load

256 05x110x85xjtxO5
3

= 575 kN
15

This is well in excess of the required safe working load,
therefore we could consider reducing the penetration
below sea-bed to about 12 m to maintain a safety factor
of at least 2 5 on the combined end and skin fnction
resistance, subject to a loading test

Checking by EC recommendations, the c values are
reduced by the matenal factor ?m ofsay 1 5 (Table 2 1)
On portion of shaft in stiff clay average c, is 140/1 5 =
93 kN/m2 Figure 7 13 gives an adhesion factor of 0 5,
and

05 x 93
q1= 15

=3lkN/m2

Design shaft resistance is

RSk=31X85XmXO5=4l4kN
At pile toe,

9xl45 2bk =
1 5 x 1 5

= 580kN/m , giving

Rbk=580x1t/4x052= ll4kN

Design pile capacity in compression is

114/1 3 +414/1 3=406kN

This corresponds to a safety factor of 29 on the ulti-
mate pile capacity calculated by the permissible stress
method

Example 73 Determine the allowable load on a
305 x 305 x 110 kg/rn H-section pile dnven through
4 m of loose water-bearing sand to a penetration of 2 m
into weathered sandstone and terminating on strong
unweathered sandstone with ajoint spacmg of 450mm
Tests on cores of the unweathered sandstone showed an
average uniaxial compression strength of 65 MN/rn2
The surface area of the pile is 2 38 m2/m and the cross-
sectional area is 0014 m2

The shaft resistance mobilized in the loose sand can
be neglected Driving the pile into the weathered sand-
stone will cause disintegration into the condition of a
medium-dense sand with a 6 value of 25° (Table 7 1)
In equation (7 5), take K5 as 0 5 for an H-section At the
base of the weathered sandstone the effective overburden
pressure is

9x4+ 10x2=56kN/m2.

q5at4m=0.5x36xtan25°=8kN/m2
qat6m=05x56xtan25°= l3kN/m2

Total Q5 in weathered sandstone is

f(8+ 13)x238x2=5OkN

Take the -value for the unweathered sandstone from
Table 7 3 as 340 and take the cohesion as zero From
equation (7 36)

ub = 2 x tan2(45 + 34/2) x 65 = 460 MN/rn2

This represents the ultimate bearing capacity of the
intact rock If pile driving were to break up the rock
could be as low as 65 MN/rn2

From Table 74 and an RQD between 70 and 100 per
cent (i e joints at 450 mm spacing) C = 0 1 x 65 =
6 5 MN/rn2 Take as before at 34° From equation
(7 36) (ignoring the second term) and Fig 7 17

qb=6Sx 15+11 x2x 12=361 MN/rn2

The above value represents closed joints in the rock
mass If the pile is not overdnven to break up the rock
take conservatively at, say, 200 MN/rn2, giving a
total ultimate pile resistance of
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200x iO x 0014= 2800kN

(the contribution from shaft resistance is negligible)
For a safety factor of 25, allowable load =2800/25 =
ll2OkN

The working stress on the steel is

1120x 103/0014x 106=80N/nun2,

which is 0 31 x yield stress of 255 N/mm2 for mild
steel It will be advisable to reduce the working stress
to 03 x yield stress and hence the working load to

03x255x0014x iO= lO7OkN
This complies with BS 8004

Example 7.6 A 900 mm diameter bored and cast-in-
place pile is to be installed through soft superficial soils
into a weak closely jointed mudstone Examination and
testing of cores of the rock showed an RQD value of
30 per cent and an average uniaxial compression strength
of 4 MN/rn2 Determine the required depth of the rock
socket for an allowable pile load equal to the maximum
allowable load on the concrete in the pile shaft

For 25 N/mm2 cube compression strength, allowable
load on pile shaft is

025x25xir14x092=4OMN
For factor of safety of 2 5, required ultimate load =

1OMN
Taking conservative value of the bearing capacity

factor of 2 5 to allow for clean-out and inspection diffi-
culties, total ultimate base resistance is

25x4xic/4x092=64MN
Therefore required ultimate skin friction = 100—64

=3 6 MN From Fig 7 19, for q,,,, =4 MN/rn2, Williams
and Pells a is 0 2 From Table 2 12 for RQD of 30 per
cent, mass factor is 02, from Fig 7 20, correction
factor 3 is 0 65 Therefore ultimate rock socket skin
friction is

02x065x4=052MN/m2
(Checking from Horvath curve in Fig 7 19, for q,,, =4,
a = 0 14) Taking lower value, required length of rock
socket is

3 6/052 x 7t x 09 = 24 m

Example 7.7 Precast concrete piles of 350 mm square
section driven to a penetration of 5 m below ground
level are used as vertical king pile anchorages to sup-
port a retaining wall where 2 m of soft clayey silt are
overlying a stiff overconsolidated clay Ground-water
level is at the base of the clayey silt Calculate the

allowable load which can be applied to the free head of

the pile and the deflexion at this load

The ratio of embedded length to width is 5/035 =

14 This is greater than the upper limit of 12 at which

the pile no longer behaves as a short rigid umt How-
ever, the Brinch Hansen method is convenient to use
and is applicable to layered soils

Because of the sustained loading conditions it will
be necessary to use effective shear strength parameters
which can be taken as follows

For soft clayey silt c' = 0, ' = 20°,
For stiff clay c' = 10 kN/m2, ' = 25°

The embedded length of the pile is divided into five
1 m deep elements From Fig 7 37 the coefficients K,
and Kq and the passive resistance values per metre width
of pile are tabulated below

z For K,
(m) For Kq

0
0

1

1
2 (soft)
2 (soft)

0 (stiff)
2 (stiff)

1

3
2
4

3
5

ForK,
zib ForKq

0
0

29
29

57
57

0
57

29
86

57
114

86
143

K,
c'K,

—

0
—

0
—

0
0
0

20
200

25
250

30
300

Kq
p0(kN/m2)
Po'q

25
0
0

35
167
585

4
333

1332

7
333

2331

75
441

3307

8
549

4392

9
657

5913

c'K, + Po1q
(kN/m2) 0 585 1332 2331 5307 6892 8913

The tabulated values of passive resistance are plotted
m Fig 7 59 Assume a centre of rotation X at 40
below ground level Taking moments about the point
of application of load (at ground level)

M=2925x1x05+9585xlx15+38190x
1x25+60995x1x35—79025x1x45

=—308 lOkNm

Taking as a second trial at centre of rotation at 4 1 m
below ground level M = +324 8 kM m

Therefore the actual centre of rotation can be taken
as 405 m below ground level Taking moments about
the centre of rotation,

H,x405=2925x1x355-i-9585x1x255
÷381 9x1x155+60995x1x055
+ 79025 x 1 x 045

= 1631 3 kN
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Figure 7.59

10

GWL
+ 20

giving H = 402 8 kN, which for the 350 mm pile
becomes4O28x035 = l4lOkN Thisisalargefig-
ure for a 350 mm concrete pile and H will be governed
by the ultimate moment of resistance of the pile For
one 32 mm high yield steel bar in each corner of the
pile, 50 mm of cover to 8 mm link steel, concrete with
a characteristic strength of 25 N/mm2 and steel with a
yield strength of 410 N/mm2, reference to Chart 22 of
CP 110 (Part 2) gives an ultimate resistance moment of
125x lO6Nmm

Taking as a trial at point of zero shear at 2 8 m below
ground level and resolving the horizontal forces above
this point

4028—(2925+95.85+08x352 l)=—4kN
This is sufficiently close to zero to give the point of
zero shear and hence the point of maximum bending
moment Equating the maximum bending moment with
the ultimate resistance moment of the pile,

FJx 1000x28x 1000= 125 x 106,

therefore

H= 125/28=446kN
For a safety factor of 1 6, design horizontal load at
head of pile is

446/1 6 = 28 kN

The modulus of elasticity of the pile is 26 x 106 kN/m2,
therefore from equation (7 53), deflexion of free head

28(0 + 2 8) = 0006m =6mm
3x26x106x0354/12

Example 7.8 A multi-storey building is to be con-
structed on a stiff to very stiff-fissured London Clay
The shear strength—depth relationship for the full depth
of the clay can be taken as being the same as that shown
in Fig 7 58, assuming that the average shear strength
curve for the stiff to very stiff clay extends up to ground
level Settlement calculations for the whole pile group
beneath the building show that the piles must be
taken to a depth of at least 15 m below ground level to
keep consolidation settlements within tolerable limits
Determine the required dimensions of a large-diameter
bored and cast-in-place pile to carry a column load
of 2500 kN and estimate the elastic settlement of the
working load

Taking an overall load factor of 2 (equation (7 31a)),
then the required ultimate pile load is 5000 kN As a
first trial take a shaft diameter of 1 0 m and a base
diameter of 1 8 m Because the piles are under-reamed
the adhesion factor should not exceed 0 3 We must
also deduct 3 m from the overall pile length to allow
for the possible loss of adhesion over the under-reamed
length and fortwo shaftdiameters above Ultimate shaft

load is

03 x 112x 12xjtx 10= 1267kN

The fissured shear strength at 15 m depth is 162 kN/m2

Ultimate base resistance is

9x 162x xl 82=3710kN
4

Therefore total pile resistance is

1267 + 3710 = 4977 kN

From equation (7 3 lb), maximum safe load is

1267 + 3710/3 =2500kN,

which is satisfactory provided that settlements are
not excessive The E,/CU ratio for London Clay from
Fig 2 34 is about 500 for the expected order of strain
Therefore E at pile base is

500x 162=80x lO3kN/m2,

and the working load carried bythe pile base is

2500 — 1267 = 1233 kN

From equation (7 34) pile head settlement is

(1267+2x1233)15 05x1233
+

2x0785x20x 106 1 8x80x103

Ground level

0

30

40

50

pile is = 0 006 m, say between 5 and 10 mm
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Checking by the Eurocode recommendations At 0 m

03x55 2qk= =9kN/m
125 x15

At 12m

03x 170=
1 25 x 1

= 27kNIm2,

R='Ii(9+27)x7rx lx 12=678kN

At 15 m

qbk=
9x162

=778kN,
1 25 x 1 5

Rbk=778 xit/4 xl 82= 1980kN

Design bearing capacity is

1980/16+678/13= l759kN

This is considerably less than the value of 2500 kN
calculated by the permissible stress method However,
for the latter method the ultimate load of 4977 kN was
divided by a safety factor of 2 If a factor of 2 5 had
been used the allowable load would have been much
the same as the design pile capacity given by EC 7

Example 7.9 Bored piles are required to support a
wall footing carrying a uniformly distributed load
of 160 kN/m run The soil conditions below ground
level consist of 3 7 m of recently placed loose ash
fill overlying medium dense angular well graded sand
(N = 25 blows per 0 3 m) The density of the ash fill is
11 0 kN/m3 No ground-water level was met in 20 m
deep boreholes Design suitable piled foundations

It will be reasonable to place the piles in pairs with
each pair at 3 m centres giving a working load on each
pile of 240 kN

The piles are too widely spaced for them to act as a
group, so it is only necessary to consider the carrying
capacity of a single pile Smce the ash fill is loose it is
likely to consolidate under its own weight, thus causing
drag-down on the pile shaft

Since withdrawal of the temporary pile casing is likely
to loosen the sand, we must take for loose conditions,

K,=07x(1 —sin33°)=032,
ö= 1 x33°=33°

Therefore, unit skin friction in sand at base of fill is
given by

032x 11 x37xtan33°=8kN/m2.
If we assume piles to be 9 m long, unit skin friction at
toe of piles

032(11x37+19x53)xtan33°=29kN/m2
Assuming 400 mm diameter piles will be required,
total skin friction in sand is

(8+29) xS3xxxO4= 123kN
2

We must assume that the bonng will loosen the sand
somewhat around the pile toe, giving 4> say 33°, for
which Nq = 35 (from curve for DIB =20 in Fig 7 10)
Therefore, from equation (7 25), total resistance of
350 mm pile is

35(11x37+19x53)x7t/4x042+123
= 622 + 123 = 745 kN

Because the fill has recently been placed it will still
be settling under its own weight at the time the piles are
required to carry the wall loading Therefore negative
skin friction must be added to the pile loads Because
the sand beneath the pile toe is incompressible relative
to the fill (i e assuming that installation of the pile has
not greatly loosened the soil beneath the toe) the dis-
tribution of negative skin friction on the pile shaft will
be roughly the same as that shown in Fig 7 23(c) The
peak value of skin friction at the base of the fill will be
roughly equal to that in the sand at this level

Therefore if we assume from Fig 7 23(c) that the
negative skin friction acts over the upper 3 3 m of the
shaft only then, at 3 3 m,

skin friction = (3 3/3 7) x 8 = 7 kN/m2

and at ground level it is zero Total negative skin fnc-
tion on upper 3 3 m of pile shaft is given by

(0 + 7) xxxO4x33= l5kN
2

Safety factor on pile is

=29
240 + 15

This is above the desirable safety factor of 2 5
Therefore, we can support the walls on pairs of

400 mm piles at 3 m centres The piles can be spaced at
three diameters centre to centre, i e at 1200 mm cen-
tres, requinng a pile cap 1900 x 700 x 600 mm deep

Example 7.10 A structure weighing (mclusive of the
base slab) 30 000 kN has base dimensions of 10 m
square It is to be constructed on a site where boreholes
show firm intact clay (average cohesion at 1 5 m below
ground level = 40 kN/m2) progressively increasing m
shear strength to 240 kN/m2 at a depth of 30 m Rock is
at a depth of 70 m Design suitable foundations
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From values of N on page 51, the ultimate bearing
capacity of the firm clay for a foundation 10 m square
by say 1 25m deep is 6.2 x 40 = 248 kN/m2 This is
less than the bearing pressure of 30000/(10 x 10) =
300 kN/m2 It will be uneconomical from the structural
aspect to increase the size of the foundation, and it will
be necessary to take the foundation to a depth of about
15 m before a safety factor of 3 is obtained for a founda-
lion 10 m square It is clearly a case for piling the
foundation Adopting a pile spacing of 1 2 m centres as
a first estimate, we can obtam a pile group eight piles
square, i e a total of 64 piles givmg a working load of
469 kN per pile It will be desirable to use driven and
cast-in-place piles with an enlarged end to take advant-
age of their higher end resistance since there is no really
good bearing stratum of rock or dense gravel within an
economical piling depth

Assume a shaft diameter of 450 mm and an enlarged
end of 750 mm diameter End resistance of piles 18 m
long is

9x 160x !. x0752=636kN
4

The pile cap will be about 1 25 m thick, giving a
shaft length above the enlarged end of

18—(125+075)=16m
The average shear strength along the shaft is 92 kN/m2
We do not know the relationship between shear strength
and shaft resistance for driven and cast-in-place piles,
but it will certainly not be less than that for bored piles
for which skin friction =045x 92 =41 4 kN/m2 There-
fore, total shaft resistance on pile shaft is

itx045x 16x414=936kN
Total ultimate carrying capacity of a single pile is

636 +936= 1572kN

Safety factor is

=335
469

This is somewhat higher than would be required for
single piles, but we must consider the group effect
Since the piles are at a greater spacing than 21/4 dia-
meters, block failure will not occur

It will be advisable to check the settlement of the
pile group using the charts in Fig 2 37 From the aspect
of settlement the group will behave as a virtual raft
foundation at a depth of 2/3 x 16 75 = 11 2 m below
underside of pile cap Allowing a spread load of 1 in
4 the virtual raft foundation is 14 m square From

Table 2 11 the m for the very stiff clay below pile base
level will be about 003 m2/MN

The bearing pressure below the base of the equival-
ent raft is 30/142 = 0 15 MN/m2 The drained soil modulus

Ed is the reciprocal of m giving Ed =30MN/m2 From
Fig 2 37, for

H/B=(70— 11)/14=42
and

D/B= 112/14=08,
= 092 and 1'j =065, average settlement is

092x065x0 15x14x1000
30

=42 mm. say between 30 and 50mm

The alternative of large diameter under-reamed bored
piles could be considered for this structure Taking three
rows of three piles at say 45 m centres both ways, the
working load on each pile will be 30000/9 =3333 kN.

Take a 1 2 m diameter shaft under-reamed to, say, a
3 m diameter base at a depth of 15 m below ground
level Shear strength of clay at 15 m is 135 kM/rn2, end
resistance of base of piles is

9xl35x!Ex32=8588kN
4

In considering the shaft resistance of the piles, we
shall have to neglect any friction over the sloping
portlon,le foradepthofl 8mat2 1 slope,andfora
distance up the pile shaft at least equal to twice the
shaft diameter Thus we must only consider shaft re-
sistance over a length equal to

15 —(18+24+1 25)=9.55m

Average shear strength
along shaft =78 kM/rn2,

Unit shaft resistance of shaft = 0 30 x 78
= 23 4 kM/rn2,

Total=234xitx 12x955
= 842kN,

Total ultimate resistance of
pile = 8589 + 842

=9431kN,
9431

Safety factor = — = 2 8,
3333

which is satisfactory The criterion that the working
load should not be greater than the ultimate shaft load
plus one-third of the ultimate base load is also satisfied

Example 7.11 A bridge pier imposing a total load
of 22 000 kN has plan dimensions at ground level of
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18 x45 m Itis sitedon7 5 mofrecentlyplacedloose
sand 1111mg (N =9 blows per 03 m) overlying 45 m of
peaty soft clay (c = 24 kN/m2) followed by stiff clay
(c =60 kN/m2 at 12 m below ground level increasing to
300 kN/m2 at 25 m below ground level) Ground-water
level is 06 m below ground level

This is obviously a case for piling, but because of the
'squeezmg' ground from 75 to 12 m below ground level
and the overlying loose water-bearing sand, this is not a
clear case for an in-situ type pile The clay below 12 m
is not particularly stiff, therefore it will be desirable to
use a pile of fairly large diameter to get the most out of
the ground in end resistance and adhesion A 508 mm
OD West's Shell pile has a nominal maximum working
load of 800—1000 kN We can space the piles at t x
051 = 1 6 m centre to centre both ways, which permits
atotalofl3x4=52pilesbeneaththe l8x45mbase
Thepilecapwillbe2ox58xl2mthick Itwillbe
desirable to avoid excavating below the water table so
we will allow the pile cap to project 06 m above ground
level and we shall have to add the weight of the cap to
the working load on the piles.

Calculating total structural load on piles, working
load from bndge pier is

22000 — 423 kN per pile52
—

Load from pile cap is

20 x 5 8 x 1 2 x 24
52

=64 kM per pile.

Weight of soil displaced by pile cap is

20x58x06x18
=24kN.

52

Net working load on top of pile shaft is

423 + (64 — 24) = 463 kN

Although the sand fill is recently placed it will have
consolidated under its own weight, but it will be caus-
ing consolidation of the underlying soft peaty clay
Therefore there will be negative skin friction both from
the sand filling and from the soft clay Because the
compression of the soft clay is large relative to the
yielding of the pile toe, the negative skin friction from
the sand will act over the full depth of the layer, and it
will be sufficiently accurate to assume that it acts over
the full depth of the soft clay layer also. We must there-
fore add the total weight of these two layers, which is
enclosed by the penmeter of the pile group

Gross weight of soil enclosed by pile group is
given by

1971 x521 x(8x69+5x45)=7979k1s,

and weight of soil displaced by piles in group is

52x .x05082x(8x69+5x4.5)=8l9kN

Hence, deducting the weight of soil displaced from the
gross weight of soil, net weight causing drag-down is
7160 kN Weight of pile shaft in fill and clay =55 kN
Therefore total load on pile group is

52x(463 +55)+7160=34096kN

From equation (7 48b), drag-down load will not exceed

Q2=52 x463 +52x 7tX 0508

x(6.9x lO÷45x24)
= 38765 kN plus weight of piles.

Total load on pile shaft at surface of stiff clay stratum
is given by

34096 = l57kN
52

Calculate the ultimate carrying capacity of a 508 mm
pile driven to 20 m below ground level, i e to penetra-
tion of 8 m into stiff clay

Shear strength at 20 m below ground level = 208 kNIm2,
average shear strength along pile shaft is

60+208 — 134 kNIm2,
2

—

End resistance of pile is

9x208x!x05082=379kN
4

FromFig 7l3,forc/a=l34/(8x75÷5x45+1O
x 4) = 11 and LIB = 8/0 508 = 16, a = 05 and total
shaft resistance is

irxO5O8x8xO5x 134=855kM.

Ultimate carrying capacity of pile is

379 + 855 = 1234kM,

Safety factor on structural load is

=27.
463

Safety factor on total load is

1234 x 52
—19

34096
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The above safety factors should be satisfactory since
the pile group is relatively narrow and the shear strength
of the soil is increasing rapidly below the base of the
piles, therefore the settlement of the group should be
quite small

However, we must consider the possibility of block
failure of the group The ultimate carrying capacity of a
pile group considered as a block foundation is given by
equation (7.45), namely

Q=2D(B+L)+13cNxBxL
=2x8(1971+52l)x134+13x208

x9x 1971 x521
= 303MN approx

Safety factor against block failure = 303/34=9, which
is amply safe

Example 7.12 A piled trestle shown in Fig 7 60 con-
sists of four vertical piles surmounted by a 1 200 m
thick pile cap It cames a honzontal load applied to the
surface of the cap of 400 kN Determine the loads on
the piles

For a pile cap 400 m square, weight of pile cap is

4x4x l2x24=461kN
Resultant of vertical load of pile cap and horizontal

load cuts the underside of the pile at a point 1 06 m

from centre of cap From equation (7 57), vertical com-
ponent of load on piles is

461
±

461 x 1 06 x 1 4
4xl42

= 202 kN maximum and 28 kN minimum

Any tendency to uplift will be counterbalanced by the
weight of the pile and the skin friction in the ground

Example 7.13 A steel Jetty pile of hollow tubular
section driven through 5 5 m of soft silt on to hard-
fissured and broken rock cames an uplift load of 250 kN
Design a suitable anchorage

We cannot obtain any uplift resistance from the soft
silt, therefore we shall have' to provide a positive an-
chorage to the rock Smce the pile is a hollow section
we can drill into the rock through the bottom of the pile
and provide a steel anchor rod grouted into the rock
The rod should be of deformed section and provided
with an end washer Thus, required cross-sectional area
of rod for 125 N/mm2 safe stress is

250 x 1000
=2000mm

125

Therefore a 50 mm diameter bar will be satisfactory
(Area 1963 mm2)

For allowable steel-to-grout bond stress of 07 N/mm2,
required bond length is

250 x 1000
it x 50 x 07 x 1000

The grout-to-rock bond will not require a greater bond
length

Since the rock is fissured and broken it is possible
that failure would occur due to uplift of an inverted
cone of rock with a half-angle of, say, 30° Taking the
submerged density of the rock to be 16 kN/m3, a 3 90 m
deep cone has a weight of 265 kN This gives a safety
factor of greater than one against uplift

Therefore the required length of rod is governed by
the depth of 3 90 m reqwred to prevent lifting the rock

If the length of rod camed up into the pile is set in
concrete having a works cube strength of 20 N/mm2,
clause 303(e) of CP 114 gives

Required length

= Bar diameter x Tensile stress in bar

4 x Permissible average bond stress

— 50x125
—

4x080x 1000

227 m

Figure 7.60 = 1 953 m, say 2000 m
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8.1 Classification of pile types

The structural features and methods of constructing piles
will be described in this chapter The following types
will be considered

(a) Dnven piles
Timber (round or square sections)
Precast concrete (solid or hollow sections)
Prestressed concrete (solid or hollow sections)
Steel H-section, box and tube

(b) Driven and cast-in place piles
Withdrawable steel drive tube, end closed by

detachable point
Steel shells dnven by withdrawable mandrel or drive

tube
Precast concrete shells driven by withdrawable

mandrel
(c) Bored piles

Augered
Cable percussion drilling
Large-diameter under-reamed
Types incorporating precast concrete units
Drilled-in tubes
Minipiles

(d) Composite piles

Piles of the types in (a) and (b) above are referred to
as displacement piles which are subdivided into large
displacement piles for solid preformed sections and all
driven and place types, and small displacement piles
for hollow tubular, box or H-sections The types listed
under (c) are referred to as replacement piles The types
in (d) can be of any of these classifications

The above list might at first sight present rather a be-
wildering choice to the engineer However, in practice

it is found that three main factors — location and type
of structure, ground conditions, and durabihty — will
narrow the choice to not more than one or two basic
types The final selection is then made from considera-
tions of overall cost

Dealing with the first factor, location and type of
structure, the dnven pile or the driven and cast-in-place
pile m which the shell remains in position are the most
favoured for works over water such as piles in wharf
structures or jetties Structures on land present a wide
choice of pile type, and the bored or driven and cast-
in-place types are usually the cheapest for moderate
loadings and unhampered site conditions However, the
proximity of existing buildings will often necessitate
the selection of a type which can be installed without
ground heave or vibration, e g some form of bored and
cast-in-place pile Jacked piles are suitable types for
underpinning existing structures Large-diameter bored
piles are normally the most economical type for very
heavy structures, especially in ground which can be
drilled by power augers

The ground conditions influence both the choice
of pile type and the technique for installing piles
For example, dnven piles cannot be used economic-
ally in ground containing boulders and where ground
heave would be detrimental On the other hand, driven
piles are preferred for loose water-bearing sands and
gravels through which they can be driven without
difficulty to reach denser soils at depth Steel H-piles,
having a low ground displacement, are suitable for
conditions where deep penetration is required in
sands and gravels Stiff clays favour the adoption of
bored and under-reamed types Under-reamed bases
in cohesionless soils require special equipment and
techniques

31}5
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Durability often affects the selection of pile type
For piles driven in marine conditions, precast concrete
piles may be preferred to steel piles from the aspect of
resistance to corrosion Timber piles may be rejected
for marme conditions because of the risk of attack by
destructive mollusc-type borers Where soils contain
suiphates or other deleterious substances, piles incor-
porating high-quality precast concrete units are prefer-
able to piles formed by placing concrete in situ in
conditions where placing difficulties, such as the pres-
ence of ground water, may result in the concrete not
bemg thoroughly compacted

Having selected one or two basic types from consid-
eration of the above factors, the final choice is made
from considerations of cost This does not necessarily
mean the lowest quoted price per metre run of pile The
engineer must assess the overall cost of the piling work
He must take into consideration the resources of the
piling contractor to achieve the speed of operations re-
quired by his construction programme, the possibility
of havmg to take piles to a greater depth than envisaged
in the piling contractor's quotation, the experience of
the piling contractor in overcoming possible difficult
conditions, the cost of an extensive test loading pro-
gramme on sites where the engineer has insufficient
experience of the behaviour of piles of the selected
type in the particular ground conditions, the cost of
routine check loading tests, the cost of the engineer's
supervision of pile installation and test loading, and
the cost of the contractor's site organization and over-
heads which is incurred between the time of initial site
clearance and the time when he can proceed with the
superstructure

The above factors will be discussed m greater detail
in the followmg pages in the course of descnbing the
various types of pile. However, it will be advantageous
first to describe the equipment used for pile dnvmg,
methods of driving piles including special methods for
overcoming difficult conditions, observations of driv-
ing resistance, and test loading All these are common
to most forms of driven piles

Useful general information on contract procedures
and a model specification for piling work are available
in an Institution of Civil Engineers' publication, and
Wynne82 has reviewed the various types of proprietary
and non-proprietary pile which are available in the UK

(Fig 8 1). The leaders consist of a stiff box or tubular
member which cames and guides the hammer and the
pile as it is driven into the ground. The leaders can be
raked backwards and forwards by screw or hydraulic
adjustment of the back stay and lower attachment to
the base machine By swivelling the base machine and
adjusting the position of the leaders a group of piles
can be driven without moving the machine on its tracks

Rigs of the type shown in Fig 8 1 can be mounted
on a pontoon for marine construction. Alternatively the
leaders can be mounted in a braced framework sup-
ported by a fixed or rotating base camed by a pontoon
barge, or a piled staging (Section 8 5) Extensions can
be bolted to the bottom of the leaders for guidmg the
pile below water level

Present-day practice is to provide high mobility, a
wide range of adjustments, and a multipurpose capa-
bility of piling ngs The Delmag MDT 0802 rig shown
m Fig 8 2is mounted on a wheeled hydraulic excavator
base machine Hydraulic rams on the machine permit
forward, backward and sideways raking of the leaders
and their position relative to the machine can also be
adjusted Variation in operating height is made by tele-
scoping the leaders, and in their closed position they
can be folded back over the base machine for transport
to and from the construction site The leaders can exert
pull-down and extraction forces of 40 and 60 kN re-
spectively. A rotary drill can be clamped in the leaders
or mounted at the end of the excavator bucket ann

8.2 Pile-driving equipment

8.2.1 Piling rigs
Piling ngs as used on land sites generally consist of

9310mm

a Set of leaders mounted on a standard crane base Figure 8.1 The Ackermanns M14—5P pile frame
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a

Figure 8.2 The Delmag MDT 0802 piling ng with
telescopic leader

also carry out the auxiliary ftinction of operating the
raking, rotating, and travelling gear

The reader is referred to handbooks of manufac-
turers of pilmg equipment, such as that of BSP Inter-
national Foundations Ltd, for tables giving particulars
of dimensions and capacities of frames, winches, and
other equipment for given sizes of pile and hammer

8.2.3 Hanging leaders

Hanging leaders are designed for suspension from the
jib of a crane or excavator (Fig 8 3) A steel strut,
capable of adjustment in length, forms a rigid attach-
ment from the foot of the leaders to the bed-frame of
the machine

The winch umts of the excavator or crane are used for
lifting purposes with separate drums as necessary for the
pile and hammer Hydraulic power or compressed air
for hammer operation are supplied by a separate unit,
or drop-hammers may be used with a friction winch

Consideration should be given to the stiffness of hang-

ing leaders, particularly when driving long raking piles
Excessive fiexure can result in eccentric hammer blows,
with fracture of the piles

It is important to ensure that the leaders remain in
their correct position throughout the driving of a pile If
they are allowed to move laterally or out of plumb, this
may result in eccentric blows of the hammer with con-
sequent risk of breakage and driving out of line It is
particularly necessary to check the alignment of the
leaders when driving raking piles If settlement of the
equipment occurs during dnvmg, its weight may be
transmitted to a partly driven pile These conditions
give rise to a serious nsk of pile breakage

8.2.2 Piling winches

Winches operating with pile frames mounted on barges
or fixed stagings may be powered hydraulically or by
steam, diesel or petrol engines, or electric motors Steam-
powered winches are occasionally used where steam
is also used for the pihng hammer Diesel or petrol
engines, or (less commonly) electric motors, are used
in conjunction with drop-hammers or where compressed
air is used to operate the hammers

Light winches may only have a single drum, but
double- and triple-drum winches which can raise
hammer and pile separately are more useful where speed
of handling and driving is desirable The winches may
be fitted with reversing gear so that in addition to their
main purpose of lifting the hammer and pile, they can FIgure 8.3 BSP crane-suspended leaders

C
C
a
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8.2.4 Hammer guides

In situations where it is desirable to dispense wholly
with pihng frames or hanging leaders, hammer guides
(or rope-suspended leaders) can be attached to the piles,
and the latter are guided by timber or steel frameworks
An example of a guide for a diesel hammer is shown in
Fig 84 These methods have the advantage of economy
in plant and the piles may be driven to a very flat angle
of rake However, an independent crane is necessary
for pitching the pile and setting the guide and hammer
The guides for the piles have to be well constructed and
rigidly secured against movement, especially for raking
piles Because of the eccentricity of thrust on the ham-
mer guides, severe stresses and fatigue are set up in the
guides and breakages of parts may be frequent. It is
also necessary to check that bending stresses m the pile
and guides are not excessive when long raking piles
are driven without support by leaders A heavy hammer
attached to the upper end of a long pile driven at a flat
angle of rake can induce high bending stresses in the
pile at the point of support in the gwdes or 'gate'

8.2.5 Piling hammers

The selection of a suitable hammer for a piling project
depends on a number of factors including the size and
weight of the pile, the driving resistance which has to
be overcome to achieve the design penetration, the avail-

Hammer

Figure 8.4 Hammer guide and rope-suspended leaders for
Delmag diesel pile hammer

able space and headroom on the site, the availability of
cranes, and the noise restrictions which may be in force
in the locality Some of the smaller types including drop
hammers, diesel hammers, and hydraulic hammers can
be adapted to operate within a sound-absorbent box or
shroud which greatly reduces the noise problem

Until recent times it was the usual practice to select
a piling hammer from long experience in conjunction
with the simpler types of dynamic formula for which
the energy of the blow was represented by the weight
of ram, the height of drop and an efficiency factor It is
becoming more general practice to make the selection
from the results of a dnvability analysis using com-
puter programs based on the Smith wave equation
(see Section 7 202) Hammer manufacturers provide
information on the energy characteristics and efficiencies
of their products for use with programs for drivability,
but it should be noted that the efficiency is not a con-
stant value In the case of diesel hammers it depends on
the striking rate of the hammer, which in turn depends
on the ground resistance The operating temperature
also affects the efficiency of the diesel hammer. For all
types except the simple drop hammer the efficiency
depends on its mechamcal condition, i e wear and tear
and maintenance These effects can be evaluated by the
output of the dynamic pile analyser as described in
Section 7202

Types of piling hammer in general use are described
in the following pages

The simplest form of hammer is the drop hammer,
which is used in conjunction with light frames and for
test piling where it may be uneconomical to bring heavy
equipment on to a site to drive only three or four test
piles Drop hammers are solid masses of forged steel
from 1000 to 5000 kg mass fitted with a lifting eye and
lugs for sliding in the leaders. They have the disadvant-
age that it is not easy to control the height of drop with
any accuracy and there is the danger that the operator
will use too great a drop when driving becomes diffi-
cult, with consequently greatly increased risk of dam-
age to the pile

Single-acting steam or compressed-air hammers corn-
pnse a massive weight in the form of a cylinder Steam
or compressed air admitted to the cylinder raises it up
the fixed piston rod At the top of the stroke, or at a
lesser height which can be controlled by the operator,
the steam is cut off and the cylinder falls freely on to
the pile helmet (Fig 8 5) The steam is admitted to the
cylinder through the piston rod, the upper part of which
is hollow A valve at the top of the rod is opened by
pulling on a rope attached to the lever Releasing the
rope closes the valve. Thus, the height of drop and
frequency of each individual stroke is controlled by the

Ladder

Pile
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Pile

Figure 8.5 BSP single-acting hammer dnvmg pile with
cast-steel helmet and plastic dolly

operator The maximum height of drop is usually about
1 37 m and the hammer can be operated at a rate of up
to about 60 strokes per minute

A useful rule to determine a suitable weight of drop
hammer or smgle-acting hammer is to select a hammer
weighing approximately the same as the pile This will
not be possible in the case of the heavier reinforced
concrete piles when the hammer is more likely to be
half of the weight of the pile However, it should not
weigh less than a third of the pile In order to avoid
damage to the pile, the height of drop should be limited
to 1 2 m Concrete piles are especially liable to be shat-
tered by a blow from too great a height A blow delivered
by a heavy hammer with a short drop is much more
effective and much less damaging to the pile than a blow
from a light hammer with a long drop, particularly in
stiff clay soils Special care is needed when seating a
pile on to a hard bearing stratum such as rock, especially
on to a steeply sloping rock surface Single-acting ham-
mers are made with cylinder mass varying from 2500
to 20 000 kg The largest hammers are used for driving
steel tube piles in marine structures One of the largest
is the Menck MRBS 12500 with a ram mass of 125 t

Double-acting pile hammers are used mainly for sheet
pile dnving (Fig 86) and are designed to impart a
rapid succession of blows to the pile The rate of dnvmg
ranges from 300 blows per minute for the light types,
to 100 blows per minute for the heaviest types The
mass of the ram is generally in the range 90—2300 kg,
imparting a driving energy of 165—2700 rn/kg per blow
One of the heaviest hammers is the Vulcan 400C, with
a ram mass of 18 140 kg, an energy of 15660 m/kg,
and a striking rate of 100 blows per minute

Double-acting hammers can be driven by steam or
compressed air A piling frame is not required with this
type of hammer which can be attached to the top of the
pile by leg-guides, the pile being guided by a timber
framework When used with a pile frame, back guides
are bolted to the hammer to engage with the leaders,
and only short leg-guides are used to prevent the ham-
mer from moving relatively to the top of the pile The
heavy-duty hammers can drive under water to depths
of 25 m

Figure 8.6 BSP double-acting hammer

Steam or air
supply

Hollow piston rod

Lifting lugs

Hardwood

Cast-steel helmet

Lifting lugs
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Care is needed in their maintenance and lubrication
and dunng driving they must be kept in alignment with
the pile and prevented from bouncing Double-acting
hammers can be fitted with a chisel point for demolition
and rock breaking or with jaws for extracting piling

The BSP International Foundations Ltd 11)17 impulse
driver provides an air cushion between the 1130 kg
ram and the dnving plate with the object of achieving
an appreciable noise reduction when driving steel sheet
piles

Diesel pile hammers provide an efficient means of
pile driving in favourable ground conditions, but they
are not effective for all types of ground With this type
of hammer (Fig. 87) the falling ram compresses the air
in the cylinder and the impact atomizes a pool of diesel
oil lying at the concave end of the cylinder. The atom-
ized fuel ignites with the compressed air and the result-
mg explosion unparts an additional 'kick' to the pile,
which is already moving downwards under the impact
of the ram The explosion also raises the ram ready for
the next down-stroke Burnt gases are scavenged from
the cylinder on the upstroke of the ram The blow, be-
ing sustained, is more efficient than the simple impact
of the conventional hammer These hammers can be

economical as they dispense with steam or compressed
air plant and are entirely self-contained Diesel ham-
mers are ineffective in soft or yielding soils when the
impact of the blow is insufficient to atomize the fuel
The largest of the various makes of diesel hammer
are the BSP B45 (4500 kg), the Delmag D100—13
(10 000 kg), the Hera HD7500 (7500 kg), and the
Kobe K150 (15 000 kg), the ram mass being given in
each case

These hammers may cause breakage of precast con-
crete piles where sharply resistant layers are encoun-
tered while driving through soft ground when the 'kick'
of the explosion may result in a sharp impact on the
pile and the possibihty of a fracture

Hydraulically operated hammers produce less noise
and vibration than diesel hammers and they do not emit
exhaust fumes The ram is raised by hydraulic fluid and
it falls freely on to the pile Operation of the hammer is
by a solenoid valve which allows either smgle-stroke
working by manual control or automatic striking and
gives a wide range of drivmg energy Hydraulic ham-
mers can be operated in water to depths of more than
lOOm

Types in general use for driving piles with moderate
loading mclude the BSP HH3 to 9 series (Fig 8.8) with
ram weights in the range of 3—9 t and rated energies
from36to lO8kN/mperblow TheIHCS35toS9O
series have ram weights ranging from 3 3 to 45 t with
energies in the range of 35—80 kN/m per blow These
hammers have a power-activated downstroke They
are provided with a pnnt-out facility giving many
details of operation including the rate of striking and
mean energy delivered to the pile for each 250 mm of
penetration

Hydraulic hammers are manufactured in very large
sizes including the IMC S-2300 with a ram weight of
103 t and the Menck MHU 3000T with a 180 t ram

8.2.6 Helmet, driving cap, dolly, and packing
A cast steel helmet is placed over the top of a concrete
pile (Fig 8 5), its purpose being to hold the resilient
dolly and packing which are interposed between the
hammer and the pile to prevent shattering of the latter
at the head The helmet should fit loosely around the
pile, so that the latter can rotate slightly without bind-
ing on the helmet Longer dollies or 'followers' are
used when driving piles below the level of the bottom

Impact block of the leaders
The dolly is placed in a square recess in the top of

the helmet It is square at the base and rounded at the
top Elm doihes are used for easy to moderate driving,
and for hard dnving a hardwood, such as oak, greenheart,

Piston

Fuel tank

Figure 8.7 Delmag diesel pile hammer
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Figure 8.8 The BSP HH7 hydraulic hammer driving steel
sheet piles

orpynkado, is used Plastic dollies can withstand much
heavier driving than timber dollies They comprise a
sandwich construction of a layer of resin-bonded lami-
nated fibre between an upper metal plate and a hard-
wood base In moderately hard driving conditions,
plastic dollies will last for several hundred piles

Packing is placed between the helmet and the top of
the pile to cushion the blow between the two Various
types of materials are used, mcluding hessian and paper
sackmg, thin timber sheets, coconut matting, sawdust
in bags and wallboard

Driving caps are used to protect the heads of steel
bearing piles They are specially shaped to receive the
particular type of pile to be driven and are fitted with a
recess for a hardwood or plastic dolly and with steel
wedges to keep the caps tight on the pile If the caps are
allowed to work loose they will damage the pile head
A cheap form of cushioning consists of scrap wire rope
in coils or in the form of short pieces laid cross-wise in
two layers. Frequent renewal is necessary to maintain
the required resilience

Generally, great care is needed in the selection of
matenals and thicknesses for dollies and packings, since
lack of resihence will lead to excessive damage to the
pile head or, in severe cases, to breakage of the hammer

8.3 Jetting piles
Water jetting may be used to aid the penetration of a
pile into a sand or sandy gravel stratum Jetting is inef-
fective in firm to stiff clays or any soil containing much
coarse gravel, cobbles, or boulders if the piling scheme
is planned on the assumption that jetting will be used, it
is preferable to cast a central jet pipe, say a 50 or 75 mm
pipe terminating in a tapered nozzle into the pile Elabor-
ate forms of built-in jetting nozzles are sometimes used
including separate nozzles leading upwards at an angle
and emerging at the sides of the pile as well as the
central downward hole However, it is doubtful if these
are much more effective than the single nozzle-ended
vertical pipe for jetting piles up to 600 mm width The
jet pipe is led out of the side of the pile and connected
by flexible armoured hose to the jetting pump. The pile
should be gently 'dollied' up and down on the winch if
it is rammed hard down the nozzle is likely to be blocked
by soil wedging into the tapered part Jetting should be
cut off at least 1 m above the predicted founding level
and the pile driven down by hammer until the required
driving resistance is achieved. Large-diameter tubular
piles can be jetted down by a ring of pipes around the
mternal periphery with the nozzles terminating about
150 mm above the toe Gerwick83 has described the
function of this arrangement as keeping the soil within
the pile 'live' rather than as a means of displacing the
soil to ground level

If the jetting is only required to aid penetration of
an occasional pile which 'hangs-up' in dnving, a separ-
ate jet pipe is used This is worked up and down close
to the side of the pile An angled jet may be used to
ensure that the wash water flows to the pile point. In
difficult conditions, two or more jet pipes may be used
for a single pile Tube or box piles driven open-ended
can be jetted from within the pile, and steel H-section
piles can be jetted by sinking the jet pipe down the
space between the web and flanges

An adequate quantity of water is essential for jetting
Suitable quantities of water for jetting a 250—350 mm
pile are

15—25 1/s
25—40 I/s
45—600 1/s

A pressure of at least 5 bar or more is required It is
sometimes a difficult problem to dispose of the large

Fine sands
Coarse sands
Sandy gravels
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quantities of water and sand flowing at ground level
from around the piles, and great care is needed when
jetting near existing foundations or near piles dnven to
depths shallower than the jetting levels The escapmg
water may undermine the pile frame, causing its col-
lapse Jetting through sands may be impossible if the
sandy strata are overlain by clays which prevent escape
of the Jetting water.

8.4 Pile driving by vibration

Vibratory methods of driving sheet piles or bearing piles
are best suited to sandy or gravelly soils Pile driving
vibrators consist of pairs of exciters mounted on the
vibrator unit, the motors of each pair rotating in oppos-
ite directions The amplitude of vibrations is sufficient
to break down the skin friction on the sides of the pile.
Charactenstics of some typical pile driving vibrators
are as follows

Type Minimum
power supply
(kVA)

Frequency
of exciter
(Hz)

Mass of
vibrator
(kg)

Bodme
BSP YF 55
Koehnng-MKT V14
Menck 44—15/30
Muller MS 1004
Schenk DR 60
Tomen VM2—5000
Vibro-Mac 12

740
179
104
250
430
250
120
220

Upto 135
10—120
24-3 1
25—50

22
17—39

18—30
10—16

10000
3 800
5000
9 600
8500
7 200
4887
6 100

medium-dense sands and gravels with comparative ease,
but there are likely to be difficulties with dense sands,
where the energy may be insufficient to displace the
material to permit entry of the pile Vibrators are httle
used in stiff clays, although the Bodine Resonant Driver
has been used for driving tube piles m clay

Vibrators can also be used for extracting piles and
are frequently used in connection with large-diameter
bored and cast-in-place piling work for sinking and
extracting the pile casings

8.5 Pile driving over water

Piles for jetty or wharf structures built over water can
be driven from specially designed pile frames can-
tilevered out from the permanent piles already driven
(Fig 8 9), from ordinary pile frames operating from
temporary piled trestles, from 'jack-up' barges or from
floating plant The first-mentioned method has the

Frame

Counterweight
Winch and
power unit Pile on bogies

___ /ck
yycaers
Permanent pile bents

Figure 8.9 Pile driving overwater with cantilever frame

advantage of being independent of weather conditions,
but progress is limited to the output of a single pile
frame on narrow structures, and the method cannot be
used economically where bents of heavy piles are to be
driven at widely spaced centres, i.e there is a limiting
distance over which a heavy frame can be designed
to cantilever Pile driving from temporary falsework
trestles may be economical for wharves where piles
have to be driven at fairly close spacing, a large number
of them being in relatively shallow water on the inshore
side of the wharf

Floating pile-driving plant normally consists of a pile
frame erected on one end of a rectangular steel pontoon
(Fig 8 10), although ordinary barges can be used for
light pile frames Pile pontoons are provided with four
powered winches or two centrally placed double-drum
winches for warping them into position and a very close
adjustment of position can be achieved The cells of the
pontoon are ballasted, usually with water, to counteract
the weight of the frame and to give the vessel the neces-
sary stability Piles are brought by barge alongside the
pontoon and one end is lifted by the sheaves on top of
the frame, the other end is canted off the deck of the
barge, allowing the pile to swing freely into a vertical
position from where it is adjusted to the correct height
in the leaders

Single-acting, hydraulic, or diesel hammers are pre-
ferable to drop hammers when operating from floating
plant in unsheltered waters, since the blows can be
controlled with greater accuracy and there is less nsk
of damage to the pile

Greatly improved operating conditions can be ob-
tained for pile dnving in unsheltered waters by mount-
ing the equipment on a barge provided with tubular
legs which can be lowered on to the sea-bed The hull
of the barge is then jacked up the legs until it is clear of
the water to form a stable platform unaffected by wave

Adjustable
leaders
capable of
lateral
movement

Vibrators will drive steel piles through loose to
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Figure 8.10 Pile driving from pontoon
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action It may not be feasible to use a jack-up barge in
situations where the legs have to be jacked down to a
deep penetration into a very soft silt or clay to obtain
sufficient resistance to carry the weight of the barge
and equipment Jack-up barges specially adapted for
marme piling are fitted with gates (pile guides) which
can be adjusted m two directions using hydraulic rams
and pile clamps (Fig 8 11)

8.6 Pile driving through difficult ground

Driving piles through some types of ground, such as
beds of boulders or filling containing obstructions such
as large masses of old brickwork or concrete, is imposs-
ible unless special methods are used. These methods
mclude bonng a hole of sufficient diameter through the
difficult ground to receive the pile In loose ground the
hole may have to be cased which sometimes leads to
difficulties with extraction of the casmg. Another method
is to drive a heavy steel spud or joist section through
the ground and to drive the pile through the loosened
soil left after withdrawing the spud This method again
is liable to result in extraction difficulties and possible
overstrainmg of the pile frame if attempts are made
to extract the spud by the piling wmch In ground con-

taming boulders, a jackhammer or rotary diamond core
drills may be used to drill into boulders which are
broken up by firing small explosive charges lowered
down the drill-holes

On sites where it is important to avoid noise and
vibration, mechanical augers have been used to bore
uncased holes to receive piles which are dropped down
the hole and then driven a short distance to their re-
quired bearing level This method would only be used
where cast-in-situ piles are unsuitable because of ground
or structural conditions

8.7 Test pifing

8.7.1 Installing test piles
Wherever possible, test piles should be of the same
type and dimensions as the permanent piles which are
intended to be used This is the only way to ensure
that the designed penetration will be attained and that
the designer's estimate of the safe working load can
be checked when the piles are subjected to test load-
ing Careful records should be kept of all stages
of installation The following information should be
recorded

frame

Mooring winches Cabin

Bitts

Pile canted
off to be
lifted by
pile frame

Crossed mooring ropes ---'p
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Figure 8.11 Pile dnvrng from jack-up barge fitted with adjustable gates

Contract (title and address)
Principal dates (installation, concreting, driving,

loading, etc)
Size, type, length (as pitched and as driven), and

identification no of pile
Age of pile (if concrete)
Reinforcement details
Weight of pile (t)
Weight of helmet, dolly, and anvil (kg)
Type of hammer
Serial no of hammer
Mass of pile (kg)
Mass of helmet, dolly, and anvil (kg)
Type of hammer
Serial no of hammer
Mass of ram (kg)
Condition of packing and dolly before driving
Condition of packing and dolly after driving
Condition of pile head and dolly after driving
Piling platform level above datum
Reduced level of pile toe
Reference to nearest borehole or other soil

information
Coordinates of axis of pile after completion

of dnving
Observations of ground heave or subsidence

around pile
Condition of pile and shoe (if extracted)
Method of load testing

The records during the actual driving should be
entered on a table of the type shown in Table 8 1

To obtain the records given below, the pile should be
marked off in half metres from the toe The driving
resistance in blows per 0 25 m is recorded for the full
depth driven, note being made of the depth to which the
pile falls under its own weight or the weight of the pile
and hammer Measurements of the set in millimetres
per blow or number of blows per 25 mm need only be
made when the temporary compression is being recorded
and at the final stages of driving The temporary com-
pression is measured by clamping a piece of card or
graph paper on to the pile and ruling a line across the
paper on a horizontal straight edge placed Just clear
of the paper (Fig 8 12(a)) The vertical and horizontal
movements of the pile produce a pattern in the pencil
stroke at each blow of the hammer as shown in
Fig 8 12(b), from which the temporary compression
may be measured directly Measurements of temporary
compression are made at several stages after the pile
has entered the stratum within which the pile may be
expected to take up its bearing

Where piles are driven into sands, silts, or clays, the
rednving charactenstics should be observed Redrivrng
may be started after a few hours in the case of sands,
after 12 hours for silts, and after 24 hours or more for
clays The redriving should continue until the resist-
ance is similar to that previously recorded, and the
final set and temporary compression should again be

— ——I
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Table 8.1 Form of test pile dnving record
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Measured temporary

Time Penetration below Number of Set Actual stroke

compressiont

RemarksAmount Distance from

(Ii) ground level
(m)

blows per
250mm

(mm per
blow)

of ram
(m)

(mm) top of pile
(m)

t Only if required in connection with dynamic formula calculations

Temporary
compressionjt

Set for blow

(b)

Figure 8.12 Reading temporary compression dunng pile
dnvmg (a) Apparatus for taking readings on pile (b) Diagram
of set and temporary compression

measured After completion of all dnving tests the data
should be presented m the form of a chart (Fig 8 13)

8.7.2 Test loading

Two types of test loading can be performed on piles
These are the constant rate of penetration (CRP) test
and the mamtamed load (ML) test In the latter type the
loads are applied in increments

In the CRP test the pile is jacked into the soil, the
load being adjusted to give a constant rate of down-
ward movement to the pile, which is maintained until
failure point is reached Failure is defined either as the
load at which the pile continues to move downward
without further mcrease in load, or the load at which
the penetration reaches a value equal to one-tenth of
the diameter of the pile at the base The ICE piling
specification8' requires a penetration rate of 001 mm/s
for predominantly cohesive soils and 002 mm/s for
predominantly cohesionless soils

The CRP test has the advantage that it is rapidly
performed, and is thus useful for preliminary test piling
when failure loads are unknown, and when the design
is based on a factor of safety against ultimate failure,
it is desirable to know the real safety factor However,
the method has the disadvantage that it does not give
the elastic settlement under the working load (i e total
settlement less the permanent set) which is of signi-
ficance in determining whether or not there has been
plastic yield of the soil at the working load Also it has
the very considerable drawback of requiring very heavy
kentledge loads or high-capacity anchors when large-
diameter piles are loaded to failure For this reason the
author considers that the CRP test is best suited to the
research type of mvestigation where fundamental pile
behaviour is being studied.

In the case of ground conditions where there is a
reasonable amount of expenence to guide the engineer
on pile-carrying capacity and where pile lengths and
diameters can be predicted with some degree of con-
fidence, then a pro of load test is all that is required If a
pile is considered in relation to its true function, i e to
support the superstructure, all that the structural engin-
eer needs to do is to satisfy himself that the settlement
under the working load will not exceed a value which
can be tolerated by the superstructure. The pile failure
load has no direct beanng on the structural design
However, because of the natural variation in ground
conditions, a test at the working load is insufficient A
test on one pile might just satisfy the settlement cri-
tenon, but the same load applied to an adjacent untested
pile might cause excessive settlement Therefore the
test load must be camed to some multiple of the work-
ing load (i e 1 1/2 or 2) Proof testing is normally done
by maintained load methods.

The Institution of Civil Engineers' specification for
piling defines the specified working load (SWL) as the
specified load on the head of a pile as shown on the
engineer's drawings, or m the particular specification
or in provided schedules This is differentiated from the
design verification load (DVL) which is defined as 'a
load which will be substituted for the Specified Work-
ing Load for the purpose of a test and which may be

(a)
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Figure 8.13 Typical record of dnving resistance of test pile

apphed to an isolated or smgly loaded pile at the time
of testing m the given conditions of the site' The DVL
can be selected as a load representative of a range of
working loads when it is usually selected as the maxi-
mum of the range. It can also include an allowance for
negative skin friction or vanations in the pile head level
where these influence the mobilization of skin fnction
The ICE specification recommends that a proof load
test should normally be the sum of DVL plus 50 per
cent of the SWL applied in the sequence shown in
Table 8 2 An increment is applied after the settlement
caused by the previous increment is less than 0 5 per
cent of the current cumulative settlement which has
occurred, or when the rate of settlement is 005 mm or
less in 30 mm, whichever is higher

EC 7, Section 7 5 2 1, requires the load-testing
procedure to be m accordance with the International
Society of Soil Mechanics and Foundation Engineenng
Subcommittee on Field and Laboratory Testing recom-
mended procedure, 'Axial pile loading test, suggested
method', as published in the ASTM Geotechnical Test-
ing Journal, June 1985, pp 79—90

It is usual to specify limiting total and residual (i.e
total settlement minus the elastic recovery on removal

Table 8.2 Loading sequence for proof load test to 100% DVL
plus 50% SWL

Load Minimum time of hokhng load

25%DVL 30mm
50% DVL 30 nun
75%DVL 30mm

100% DVL 6 hours
75% DVL 10 nun
50% DVL 10 nun
25%DVL 10mm
0 ihour

100% DVL 1 hour
100%DVL+25%SWL ihour
100%DVL+50%SWL 6hours
100%DVL+25%SWL 10mm
100%DVL 10 nun
75%DVL 10mm
50%DVL 10mm
25%DVL 10 nun
0 lhour

of load) settlements at the working load and at the proof
load In this way the engineer is really placing a lower
limit on the early part of the load—settlement curve The
specified values are determined from considerations of

Blows of hammer per 05 m penetration
200 300
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the tolerable total and differential settlements of the
superstructure, taking into account any group effects Thus
if piles are isolated or in isolated small groups, then the
permissible settlement of the test pile will be governed
solely from considerations of settlements of the super-
structure When specifymg the limiting total settlements,
the elastic settlement should be allowed for, this will
depend on the length of pile and the elastic modulus of
the pile and of the soil A proof load of one and a half
times the working load is suitable for most conditions
Tius type of test is a useful one to perform on selected
working piles as confirmation of data obtained in the
preliminary test piling and as a check on the piling
contractor's workmanship. It can have a salutary effect
on his job supervision if he is warned at the outset that
a number of the working piles may be tested at random

In the case of piles driven into soft clays the test
should not be made until at least a month has elapsed
after driving to allow for the effects of increase in
carrying capacity with time The possibility of such an
increase taking place in sands, as discussed in Section
7.44, should also be considered

The pile should be loaded by jacking against a
kentledge (Fig 8 14) or against a beam restrained by
anchor piles (Fig 8 15) rather than by balancing the

load on top of the pile With the latter method there is a
risk of a senous accident due to tilting of the platform
or pile collapse The load on the pile should be meas-
tired directly by a load cell interposed between the pile
head and jack or between the jack and the platform. It
is unwise to rely on the reading of the pressure gauge
on the hydraulic jack, although this gauge can be used
to give the increments of loading. Settlements of the
pile are recorded by linear potentiometers or dial gauges
resting on an arm clamped to the pile head, or welded
to a steel plate set on top of the pile head. The gauges
are camed by beams securely supported well clear of
the pile and platform supports Alternatively, a pre-
cision level can be used to take direct readings on to
a scale fixed to the head of the pile When dial gauges
are used, levels should be taken on the supporting
datum frame before and after making the loading test
to ensure that no movement of the frame has taken
place The levels should be referred to a stable bench-
mark well clear of the pile testing area Typical load—
settlement and time—settlement curves for a maintained
load test are shown in Fig 8 16. These should be
prepared on A4 size paper for ease in reference and
filing Present-day practice is for full automation of the
load test including the application of load increments,

WY.,AV7fAV.qAvwAVYfl,9N7ñ.V/1X'7J7Xw7Av

Figure 8.14 Anangement of loading test ng with jacking against kentledge (Courtesy of Construction Industry Research and
Information Association)
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Figure 8.15 Arrangement of loading test ng with jacking against anchor piles (Courtesy of Construction Industry Research and
Information Association)

recording, and pnnt-out of the load—settlement and time—
settlement graphs, and analysis of the test results

A method of analysing the results of either CRP or
ML tests to obtain an indication of the ultimate load
when the tests have not been taken to failure is de-
scnbed by Chin 84 The settlement A at each loading
stage Pis divided by the load P at that stage and plotted
against A as shown in Fig 8 17 For an undamaged pile
a straight line plot is produced. For an end-bearing
pile the plot is a smgle line (Fig 8 17(a)) A combined

friction and end-bearing pile produces two straight
lmes which intersect (Fig 8 17(b)) The inverse slope
of the lme gives the ultimate load in each case Chin
descnbes how a broken pile is detected by a curved
plot (Fig 8 17(c))

Fleming85 pomted out that the ultimate load given
by the Chm method represents that given by the EC
7 method (see below) Hence it is usually appreciably
higher than the failure load defined as the load causing
a settlement of 10 per cent of the pile diameter

it'.'.
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Figure 8.16 Typical results of maintained loading test on a
pile (a) Load—settlement curve (b) Time—settlement curve
(Loads in kN)

A computer program to analyse loading tests by the
Chin method has been developed by Umsoft Ltd, Ottawa

8.7.3 Programme for test piling

On large piling projects it may be worth while to
undertake a programme of CRP or ML test piling
involving different types, sizes, and lengths of pile,
and observing ultimate loads for the various types and
for increasing depths of penetration into the bearing
stratum In piling problems involving piling through
fill or other compressible strata where 'negative skin
friction' may be an important factor in the design (see
Section 7 13) the test piles can be driven through a
casing bored through the compressible layers This will

give the carrying capacity of the pile within the bearing
stratum only

EC 7, Chapter 7, for piled foundations defines bear-
ing resistance failure as the state in which a pile is
displaced indefinitely with negligible increase in resist-
ance A factor must be apphed to the measured ultimate
bearing resistance R,,,,, obtained from a loading test
using this deflmtion, in order to obtain the characteristic
ultimate bearing resistance RCk The factors depend
on the number of loading tests, as explained in Sec-
tion 7 2

Where piles are subjected to downdrag, and sleeving
as suggested above is not done, EC 7 recommends that
the maximum load applied to a working pile test should
be greater than the sum of the design external load plus
twice the design downdrag force

In the case of tension tests the same reduction factors
are applied to the limit tensile load R to obtain the
characteristic design tensile load R

8.7.4 Dynamic pile testing
Dynamic testing using the method described in Section
7 20 can be used to determine the ultimate beanng ca-
pacity of piles at the time of driving and the settlement
at working load, provided that time effects are con-
sidered and the test results are confirmed by static testing
or adequately correlated with the engineer's experience
of tests on similar piles in the locality

8.8 Timber piles

Timber piles are frequently used in North America,
China, and Scandinavia in the form of trimmed tree
trunks, driven butt uppermost When used in founda-
tion work their lightness gives buoyancy to the founda-
tion Their lightness, flexibility, and resistance to shock
makes timber piles very suitable for temporary works,
and in Great Britain their use is generally confined to
this purpose

If timber piles are kept permanently wet or perman-
ently dry, i e driven wholly below or wholly above
water level, they can have a very long life However,
they are liable to decay in the zone of a fluctuating
water table Also in the case of marine or river struc-
tures, the immersed portions of the piles are liable to
severe attack by marine organisms Timber piles are
also liable to attack above the water level by fungi and
ants and other wood-destroying insects Care in selec-
tion and treatment of timber can prevent or minimize
attack Commercially available types of timber suitable
for piling work are Douglas fir, parana and pitch pine,
larch, and western red cedar in the softwood class, and
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greenheart, jarrah, opepe, teak, and European oak in the
hardwood class

Those parts of timber piles which are permanently
buned in the ground and below the lowest ground
water level can be left untreated Wherever possible the
concrete pile caps should be taken down so that their
undersides are below ground water level, and the por-
tion of the pile embedded in the caps should be cut off
square to sound wood and liberally coated with creo-
sote or other preservative If the lowest ground-water
table is too deep to take the pile caps down to that level
the portion subjected to fluctuating water level or damp
conditions can be preserved against decay to a limited
extent by pressure treatment with a preservative

When assessing the depth below ground level requir-
ing concrete or creosote protection, due account should
be taken of the possible lowering of the ground-water
table by future drainage schemes

Further information on the behaviour of timber in
foundations and methods of preservation are given in
Section 133

The ICE specification8' requires that timber piles
should be in SS grade softwood to BS 4978 or HS
grade tropical hardwood to ES 5756 Working stresses
in compression should not exceed those tabulated m
ES 5268 for compression parallel to the grain for the
species and grade of timber being used In calculating
working stresses, the slenderness ratio and bending
stresses due to transverse loading and eccentric loading
should be allowed for Also a cautious approach should
be adopted m assessing allowable loads in order to avoid
unseen damage by splitting or 'brooming' of the timber
under hard dnving conditions

Where end-bearing piles are driven into dense or
hard materials a shoe is required to prevent splitting or
'brooming' of the pile point A typical shoe for timber

Settlement/load, a/P x 10' Settlement/load, A/P x iO'
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Figure 8.17 Chio analysis for determining ultimate pile loads (a) End-bearing piles, (b) Pile supported by skin friction and
end-bearing, (c) Broken pile
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piles is shown in Fig. 8 18 A shoe is not required
where piles are driven wholly into soft ground

It is usual in Bntish practice to provide a steel hoop
around the head of the pile to prevent damage dunng
driving The head of a square pile is chamfered to take
the hoop as shown in Fig 8 18. Damage at the head can
be reduced by using the heaviest practicable hammer
In difficult driving conditions, jetting or pre-bonng a
hole for the pile should be adopted rather than nskmg
undetected splitting or breakage of piles below ground
level

Piles are generally in 6—15 m lengths, but they may
be spliced if longer lengths are required If the splices
are made before the piles are lifted and driven, it is
preferable to avoid a splice near the middle of the pile
since sagging and distortion are at a maximum at this
point when the pile is being lifted from a honzontal
position The butting surfaces of piles at the splices
should be cut truly square to ensure even contact over
the whole area of cross-section

8.9 Precast concrete piles

8.9.1 General applications

Precast concrete piles are widely used for structures
such as wharves or jetties where the pile is required to
be camed above soil level in the form of a structural
column They are also used m soil conditions which

Figure 8.18 Head and toe of timber pile

may be unfavourable to cast-in-place piles, and m con-
ditions where a high resistance to lateral forces is re-
quired, for example, in foundations to crane gantries or
heavy reciprocating machinery or as anchor piles to the
ties of retainmg walls Jointed types of precast pile which
provide for variations in level of the bearing stratum
can be an economical alternative to cast-in-place piles
for ordinary foundation work

Precast concrete piles are normally of square section
for short and moderate lengths, but hexagonal, octag-
onal, or circular piles are usually preferred for long
lengths if soil conditions require a large cross-sectioned
area, precast concrete tubes are used They are driven
hollow to save weight in handling and can be filled
with concrete after driving To avoid excessive whip-
pmess in handling and driving, the usually accepted
maximum lengths for various square-section piles are
as follows.

Pile size (mm square) Maximum length (m)

250
300
350
400
450

12
15
18
21
25

8.9.2 Design

The structural design of precast concrete piles is gov-
erned by the need to give adequate strength against the
stresses caused by lifting and handling the piles and
subsequently by the driving of the piles Once the piles
are driven to their final position the stresses caused by
foundation loading are likely to be much lower than
those induced by handling and driving

The design of piles to resist dnving stresses has been
greatly influenced by the researches of Glanville eta!86
at the Building Research Station They embedded stress-
recorders in piles to measure the magnitude and velo-
city of the stress wave, which after each blow travels
from the head of the pile to the toe where it is partly
reflected to return to the head The researches showed
that the stresses produced in a pile by the hammer blows
far exceed those given by the driving resistance (cal-
culated by dynamic formula) divided by the cross-
sectional area of the pile The driving stresses were
found to depend almost wholly on the fall of the hammer
and the nature of the packing between the helmet and
the pile They made the following recommendations for
the provision of reinforcement.

Corners of pile
chamfered to
receive hoop

MS straps

Cast steel point



This edition is reproduced by permission of Pearson Educational Limited

362 Piled foundations 2 structural design/construction methods

(a) The quantity of longitudmal steel should be pro-
portional to the stresses arising in lifting and hand-
ling (the research showed that the proportion of
main steel did not seem to have any effect on the
resistance to driving stresses)

(b) The quantity of transverse reinforcement, where
hard driving is expected, should not be less than
04 per cent of the gross concrete volume

(c) The proportion of link steel in the head of the pile
should be 1.0 per cent

BS 8004 Foundations states

The lateral reinforcement is of particular importance
in resisting driving stresses and should be in the
form of hoops, links, or spirals For a distance of
about three times the least lateral dimension of the
pile from each end, the lateral reinforcement should
not be less than 06 per cent of the gross volume
except where special mechanical joints or suitable
crack rings, which in themselves distnbute driving
stresses, are used In the body of the pile the lateral
reinforcement should be not less than 02 per cent,
spaced at not more than half the width of the pile
Transitions in spacing of lateral reinforcement should
be gradual.

The cover over all reinforcement, including bind-
ing wire, should be as specified in Table 3 4 of BS
8llOPartI 1985

It should be noted that the percentage of lateral rein-
forcement in the form of links or ties in the head and

body of the pile as recommended by BS 8004 is only
about half the quantity recommended by Glanville Ct al
However, the latter recommendations were made for hard
driving conditions, whereas the figures given in BS 8004
are minimum values for easy driving conditions

Bending moments for a variety of conditions of sup-
port in lifting and handling a pile of weight Wand length
L are as follows

(a)

02L 02

Conditwn Maximum
static benthng
moment

(a) Lifting by two poInts Vi x L from either end
(b) Lifting by two points '/4 x L from either end
(c) Pitching by one point 3Iio x L from the head
(d) Pitching by one point /3 x L from the head
(e) Pitching by one point /4 x L from the head
(f) Pitching by one point i/ x L from the head
(g) Pitching by one end
(h) Balancing by the centre

±WLI4O
—WL132
±WL122
—WLI18
+WLI18
+WLI14
+WLI8
—W1J8

The above conditions are illustrated in Fig 8 19(a—h)
From design charts published by the author87 maxi-

mum pile lengths for square section piles for various
hftmg conditions are shown in Table 8 3 The design
charts also give the bending moments due to self-weight
when lifting, and the ultimate resistance moments for
various square and octagonal sections

Where driving conditions are moderately hard to hard
a spiral or helix has been found advantageous The helix
can be placed inside or outside the main bars If they
are placed outside the reduction in concrete cover over
the helix is not detrimental since this part of the pile is
normally broken down for bonding into the pile cap

Typical details of reinforcement in precast concrete
piles are shown in Fig 820(a) and (b) The 787 mm
octagonal pile shown in Fig 820(b) was designed by
George Wimpey & Co for the Irish Refining Com-
pany's marine ternunal at Cork, Eire

8.9.3 Pile shoes

Where piles are driven wholly in soft soils no shoe
need be provided The ends of the piles are usually cast
in the shape of a blunt point as shown in Fig 821(a)
A sharper point (Fig 821(b)) is preferred for driving
into hard clays or compact sands and gravels The metal

Figure 8.19 Methods of lifting and pitching piles

(b)

05L

(h)



This edition is reproduced by permission of Pearson Educational Limited
Precast concrete piles 363

Table 8.3 Maximum lengths of square section precast concrete piles for given reinforcement

Pile size
(mm)

Main reinforcement
(mm)

Maximum length in metres for pick up at Transverse reinforcement

Head and toe 033 x length 02 x length from Head and toe Body of pile
from head head and toe

300x300 4x20
4x25

90
110

135
165

205
250

6mmat
4Ommcrs

6mmat
l3Ommcrs

350x350 4x20
4x25
4x32

85
105
130

130
160
200

195
240
300

8mmat
l0mmcrs

8mmat
l75mmcrs

400x400 4x25
4x32

100
125

150
190

225
280

8mmat
60mmcrs

Smmat
200mmcrs

4x40 155 230 345

or
10 mm at

l00mmcrs
450x450 4x25

4x32

4x40

95
120

150

145
180

225

220
270

335

8mmat
6Ommcrs

or
lOmmat
90 mm crs

Smmat
l80mmcrs
or

lOmmat
225 mm crs

Lifting point
at 5000 from head

15 000 40 cover to linksr a 350100 1050 J. 1150 J 10500 I 1120 I 1075 '. a a uareLinks at 70 crs T Transition T Lmks at 175 crs T Transition TLmks at 70 crs'\ FL—a.1

.IllltlIlIllllll 11111111 iii II Js l'—I-Ll II lIllllIlllllllIjlJ1
"8$Ms hnksthroughout 25$MS

main bars

(a)

Hardened
steelpomt 22mmbars l6mmObars g5mniQbars l6mm$bars

body 457 762 610 5J4Upto2682214 610 762 1020 610 cli 51mmcover
75mm c/cs 203mm c/cs 305mm c/cs 203mm c/cs 75mm c/cs 37mm c/cs iii 95mm

L 127mm c/cs
Max length 31300

127 mm c/cs

(b)

Figure 8.20 Typical details of precast reinforced concrete piles (a) RC details for 350 x 350 x 15000mm pile (b) RC details for
787 mm hollow octagonal pile (All dimensions in mm)

drive shoe commonly seen on concrete piles whether containing large cobbles or boulders, a shoe as shown
driven in soft or hard conditions is based on a design m Fig 8 2 1(c) is needed to split the boulders or to
used to stop timber piles from splitting or brooming, prevent breaking of the toe when the pile pushes large
and in soft conditions no metal shoe of any kind is cobbles or boulders to one side The area of the top of
required. Where the piles are to be driven into soil the metal shoe m contact with the concrete of the pile
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Reinforcing
plates

75—100mm dia
hardened
steel point

B F beam
pile

Figure 8.21 Types of pile for various ground conditions (a) Soft ground (b) Stiff to hard clay, compact sands and gravels
(c) Ground containing cobbles or boulders (d) Rock point for penetrating level bedrock surface (e) Oslo point used on
sloping bedrock surface

should be large enough to ensure that the compressive
stress on the concrete is within the safe limits

Where piles are required to penetrate rock, to obtain
lateral resistance for example, a special rock point as
shown in Fig 821(d) is used Where piles are driven
on to hard rock, the 'Oslo point' (Fig 8 21(e)) is rec-
ommended This design is particularly suited to driving
on to a sloping rock surface when, under careful blows
of a heavy hammer with a short drop, the sharp edge
of the hollow ground point will bite into the rock,
so preventing the point from slipping down the rock
surface The researches leading to the development of
the Oslo point are descnbed by Bjerrum88 This type
was used for the octagonal piles as shown m Fig 820(b)
A hardened steel to BS 970 EN24 was used for the
88 mm diameter point which was embedded in a chilled
cast-iron shoe The point was machined concave to
12 mm depth The Brinell hardness of the steel was
400—600 It was found that careful flame treatment of
the point was necessary after casting it into the shoe
since the latter operation resulted in a loss of hardness
of the steel.

The Oslo point is seated into rock with very light
blows of the hammer, until it is evident that the point is
wholly within rock; the hammer drop can then be in-
creased to ensure a satisfactory penetration of the point

Precast concrete piles cannot be expected to split
large boulders when the boulders are in contact with
one another or are embedded in hard or compact soil
In these cases, special precautions are taken in driving
as descnbed in Section 8 6

8.9.4 Concrete

It is the usual practice in Bntain to limit the stresses
in the pile due to working loads and the handling and

pitching to the maximum working stresses pennitted
by BS 8110. Considerably higher stresses may occur
during driving For this reason BS 8004 recommends
for hard and very hard driving conditions for all piles
and for piles in marine works concrete mix with a
minimum cement content of 400 kg/rn3 (characteristic
strength 40 N/mm2 at 28 days), but for normal and easy
driving conditions a cement content of 300 kg/rn3 (char-
actenstic strength 25 N/mm2) can be used Where hard
driving is expected it may be advantageous to adopt
even richer mixes m the head and toe of the pile, say of
the order of 600 kg/rn3 minimum cement content

Portland cement should normally be used for piles
High alumina cement concrete is advantageous from
the point of view of early release from the fonnwork
and a reduced curing period, but there is evidence of
a substantial retrogression in strength of high alumina
cement concrete during or subsequent to the curing
period There is no evidence of retrogression in strength
of concrete made with sulphate-resisting or blast fur-
nace slag cements after it is exposed, even to tropical
sun temperatures (see Section 13 5 2)

8.9.5 Casting

Piles may be cast directly on to a concrete bed or bot-
torn forms may be used laid on rigid timber bearers
The casting bed should be laid on sufficient depth
of well-compacted hard filling to prevent settlement of
the bed under the weight of the pile. This is particularly
necessary when piles are cast in tiers, one on top of
another Side formwork should be provided in greater
numbers than bottom forms since the side units can be
struck at an earlier age

The ICE specification requires that the faces of the
pile should not deviate from a plane surface by more

(a)

(b)

MS straps

(c)

Cast iron
point

Hardened
steel point

Base of pomt
hollow ground

Reinforcing plates

(d) (e)
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than 6 mm on a 3 m straight edge, and that the centre
area should not deviate by more than 1 in 500 of the
head to toe pile length Pile heads should be cut square
with a tolerance of 1 in 150

The side forms should be removed as soon as is prac-
ticable and the piles kept continuously wet until the
concrete is hard enough for the piles to be lifted and
transported to the stackmg area At some stage after
casting, the piles should be clearly marked with a refer-
ence number, their length, and the date of casting This
will ensure that the correct piles are used for the par-
ticular location and will be a safeguard against driving
too soon after casting The allowable time between cast-
ing, hftmg, and driving may be assessed by crushing
tests on concrete cubes made at the same time as the piles
were cast The cubes should be cured and stored under
the same conditions as the piles so that the strengths
can be compared Where piles are cast on a concrete
bed, they should be slightly canted by bar and wedges
before being lifted This allows air to get beneath the
pile, thus releasing suction between the pile and the bed

Supports between piles in the stacks should be placed
at the predetermined lifting-hole positions to ensure
that the design bending moments are not exceeded
Figure 8 22 shows how excessive bending moments
can result from carelessly placed packing The stack
should be arranged to allow air to circulate freely around
the piles The piles in the stack should be protected
from over-rapid drying in hot weather by covering with
tarpaulms or other forms of sheeting

It is sometimes the practice to cast piles on to a
concrete bed at a spacing, centre to centre, of twice
their width Then after stnking the side forms, piles are
cast in the spaces between, followed by another layer
on top of the first and so on Tius procedure saves space
in the casting area, but has the disadvantage that the
strongest piles are at the bottom of the stack, and none
can be moved until the topmost pile is strong enough
for handling

Before being driven, the piles should be carefully
inspected to ensure that they are free from any cracks
Fine transverse cracks can result from careless hand-
ling or lifting when they are of an immature age Such

Timber bearersI - x1-j
i: :

Figure 8.22 Overstressing in pile due to careless stacking

cracks may lead to corrosion of the reinforcement,
especially if the piles are in exposed situations, for
example in marine structures

Some codes of practice permit piles which are cracked
during drivmg to remain in position The German code
(DIN 4026) does not regard cracks narrower in width
than 0 15 mm to be detrimental provided that the pile is
not otherwise damaged to a degree judged to be detri-
mental The Swedish code (SBS S2336) also permits
cracks up to 02 mm wide with a length not exceeding
one-half of the pile circumference for transverse cracks
or 100 mm for longitudinal cracks

8.9.6 Sfripping pile heads

After dnvmg the pile to the desired level, it is usual to
strip the pile head to expose the reinforcement which
is then bonded into the pile cap Tractor-mounted con-
crete breakers or jackhammers are the most suitable
tools for this job No method should be used which
results in cracking or shattering of the concrete below
the level of the underside of the pile cap

if the pile has refused further driving at too high a
level it will be necessary to cut off the surplus length
This can be done by breaking off the corners to expose
the reinforcement, which is cut through by hacksaw or
burning The pile can then be broken off at this point
The concrete should then be broken away for sufficient
depth below the cut to expose the reinforcement for
bonding into the pile cap

8.9.7 Splicing piles
if piles are required to be driven deeper than antici-
pated it may be necessary to extend them by splicing the
reinforcement and casting on an additional length The
concrete in the head of the pile already driven should
be broken away to expose the reinforcement for a dis-
tance of 40 times the diameter of the longitudinal bars.
The reinforcing cage for the extension length is then
set up in position and the bars welded at the joints or
lapped for the full 40 diameters, after which formwork
is assembled in alignment with the pile already in the
ground and the extension is then concreted.

8.10 Jointed precast concrete piles
One of the principal disadvantages of the conventional
precast concrete pile is that it cannot readily be extended
Thus if the bearing stratum lies locally at depths greater
than indicated by bonngs, delays will occur while pile
heads are stripped down and additional lengths cast
on and allowed to mature Furthermore, if the bearing

cracki L This pile subjected to excessive bending
stresses due to misplaced bearers
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stratum is shallower than anticipated the cut-off length
of pile is wasted This disadvantage can be overcome by
using short precast concrete umts which are assembled
and locked together before driving the complete pile
Additional lengths can be added as required or lengths
left projecting from the ground can be removed

The development of various propnetary types of
jointed pile has done much to make the precast con-
crete pile competitive with driven or bored and cast-in-
place types Proprietary forms available in Britain and
Europe are the Balken, Hercules, Europile, and West's
(Hardrive) piles The Balken and Hercules piles have
bayonet joints while the West's pile has spigot and
socket Jomts with metal locking pins The pile sections
are made in the factory in standard lengths of 2 5 to
12.5 m Slip-forming methods used in the factory by
West's enables piles to be cast to the maximum length
capable of being transported to the site To economize
in the cost of joints, the sections are supplied to site in
the longest single lengths shown to be practicable by
the borehole or test pile information Then standard
short lengths are locked on to the first length driven
to provide for the greater depths of driving required
to accommodate variations in the level of the bearing
stratum It is claimed that the jointed piles can be driven
to depths of up to lOOm

Sizes range from 235 to 360 mm square sections with
an allowable axial capacity of 700—2000 kN, and in the
case of the Hercules piles, hexagonal sections 388 and
505 mm across the flats with axial load capacities rang-
ing from 1300 to 2000 kN

The Europile 500 is a 272 x 290mm triangular sec-
tion in unjointed lengths up to 14 m and with allowable
loads up to 707 kN However, caution is needed when
using this type as a friction pile in clay Research89 has
shown that the mobihzed shaft friction may be less
than that of a circular or hexagonal section of the same
volume per umt length.

The high load capacity of the jointed pile is a factor
in its competitiveness with cast-in-place types, and it is
achieved by using high-grade concrete with a minimum

cube crushing strength of 50 N/mm2 at 28 days with
high tensile steel reinforcement However, to achieve
these high working loads when driving the piles mto
dense granular soils or into weak jointed rocks may
necessitate heavy driving. There is a tendency to con-
centration of driving stresses at the pile joints, with a
consequent risk of unseen breakage below ground level
Occurrences of breakage at the Joints are not always
apparent from an examination of driving resistance
diagrams of the type shown in Fig 8 13, which can
give the appearance of a momentary sharp mcrease in
resistance such as might be experienced when dnving
through a hard layer to weaker material below

To assess the risks of pile breakage where difficult
driving conditions are anticipated, it is the practice in
Sweden to test drive piles having a central axial inspec-
tion hole A proportion of the working piles are also
required to have this hole Points of breakage can be
located by lowering a weighted tube down the hole In
addition excessive deviations from alignment can be
located by observing whether or not the standard length
tube becomes jammed in the hole as it is lowered down

8.11 Presfressed concrete piles

Prestressed concrete piles require high-quahty concrete,
which in turn gives good resistance to driving stresses.
As in the case of ordinary precast concrete piles, the
longitudinal reinforcement is designed to resist stresses
in lifting and handling, and no additional reinforce-
ment, other than lrnk steel, is required to resist driving
stresses Also, the pile is stressed to prevent the develop-
ment of hair cracks during handling This, together with
the high-quality concrete, gives a prestressed concrete
pile a good durability in corrosive soils or in marine
work The manufacturers of prestressed piles claim an
advantage in that a smaller cross-section is possible
than with ordinary precast piles. This is not necessarily
advantageous since a large cross-section may be neces-
sary to develop the required end-bearing and shaft fric-
tion A typical design is shown in Fig 8 23

14500
Lifting lug 2900 from toe Lifting lug 2900 from head 40 cover

3001040 I 1000 L 10 500
Lmlcs at4O cr,o cerr Lmks at 40 crs 'P" Links at 120 crs

I I (L1L_L11iii'''
stand in each corner / 6$M S linkstErououtino 7-wire 12 5 dia HTS "1 25 chamfer

Cast steel shoe

20$ M S bars for bonding to pile cap 1-no 7-wire
die HTS

Figure 8.23 Design for 300 x 300 x 14 500 mm prestressed concrete pile (all dimensions in mm)
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Prestressed concrete piles are usually made by the
pretensiomng process, i e the wires are placed in the
moulds and stressed by jacking the ends of the wires
against an abutment, after which the concrete is placed
and vibrated into the moulds After the concrete has
reached the required compressive strength, the ends
of the wires projecting from the concrete are cut off
and the stress is transferred to the pile The pile is then
lifted and transferred to the stacking area Piles are usu-
ally made in solid square sections up to 400 mm square
Piles larger than 500 mm are more economically made
with a hollow core

The pre-tensloning method was used by Soil Me-
chamcs Ltd for the manufacture of a large number of
prestressed concrete piles for the foundations of Drax
Power Station in Yorkshire Because 18 500 piles were
cast an elaborate fabncation yard was constructed on
the site (Fig 8 24) Strand reels were set up on camera
at one end of the casting beds, with winches for ten-
sioning the strand at the other end Each casting bed
had five lines of forms constructed from concrete with
heating elements in the side form upstands. The heating
enabled the concrete to achieve its release strength of
27 6 N/rain2 in 40—48 hours An avejage of 300 piles
per week was manufactured The side forms had a taper
of 1 in 10 to facilitate release of the piles Wiutewash
was used in preference to oil as the release agent

Another method of prestressing concrete piles is
post-tensioning This is generally used for special types
such as large cylindrical sections The precast units
have holes cored longitudinally through them. After the
curing and hardening penod, the units are placed end
to end so that the cored holes match up to give a con-
tinuous duct down the full length of the assembly
Prestressing wires or cables are threaded through the
ducts and tensioned by jacking, after which the ducts
are grouted under pressure, the jacks released, and
the pile is then ready for lifting and stacking By such
methods, large-diameter hollow cylindrical sections can
be made up in long lengths The lengths can be readily
adjusted by addmg on or taking away one or more sec-
tions, although once the assemblies have been stressed
and grouted-up the lengths cannot be adjusted

Prestressed concrete piles are handled and driven in
a similar manner to ordinary precast concrete piles Since
the wires are fully bonded to the concrete by the grout,
there is no objection to breaking down the head for
bonding into a pile cap or for splicing on an additional
length in ordinary reinforced concrete However, care
is necessary in this operation because of the stress pre-
sent in the wires Hollow prestressed concrete piles are
usually filled with concrete after driving, except where
flexibility is required, for example to absorb the energy

of berthmg ships in jetties If for structural reasons (for
example if the pile is extended above ground level
in the form of a column), it is necessary to provide
additional reinforcement, this can be prefabricated in
the form of a cage which is lowered down the intenor
of the hollow pile

Prestressed concrete piles are liable to cracking and
spalling if they are not handled and driven carefully

In addition to precautions in cushioning the head and
avoiding high-velocity impact, the Prestressed Concrete
Institutei 10 recommended the following precautions

(1) Ensure that the pile driving helmet or cap fits loosely
around pile top so that the pile may rotate slightly
without bmding within the driving head

(2) Ensure that the pile is reasonably straight and not
cambered because of uneven prestress or poor con-
crete placement during casting Improper storage,
handling, or hauling of piling can also cause excess-
ive camber and even cracking Care should be taken
to support or pick up piling at the prescnbed points
High flexural stresses may result during driving of
a crooked pile

(3) Ensure that the top of the pile is reasonably square
or perpendicular to the longitudinal axis of the pile

(4) Cut ends of prestressing or reinforcing steel flush
with the end of the pile head to prevent their direct
loading by the ram stroke

(5) A reasonable amount of spiral reinforcing is needed
at the pile head and tip

(6) Use adequate amount of residual prestress in pre-
stressed piles to resist reflected tensile stresses. The
amounts of prestress required depend on the driv-
mg eqwpment, length of pile, and soil conditions as
previously discussed In general, longer piles (and
batter piles) should have more prestress than shorter
piles Some experiences are as follows:
(a) short piles have been successfully driven with

from 2 4 to 2 75 N/mm2 prestress,
(b) the Joint AASHO—PCI Committee on Bridges

and Structures specify a mimmum of 48 N/mm2
after losses,

(c) on certain occasions from 69 to 8 3 N/mm2
have been used on long piles and batter piles

(7) Chamfer top and bottom edges and corners of piles

The Concrete Society recommend a charactenstic
concrete strength of 40 N/mm2 at 28 days The maxi-
mum axial load capacity of the pile shaft when acting
as a short column is given by the equation

Load capacity =
(365

— prestress after losses)A

(8 1)
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Figure 8.24 Casting yard for precast concrete piles at Drax Power Station
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where u,, is the strength of concrete at 28 days and A is
the cross-sectional area of pile shaft

BS 8004 sets out the requirements for prestressmg m
considerable detail and this standard should be referred
to for further mformation

8.12 Steel piles

8.12.1 General applications

Although steel piles have their widest use in the form
of sheet piling, they are used to a considerable extent as
beanng piles m foundations They have the following
advantages over other types

(a) If dnven on to a hard stratum they have a high
carrymg capacity

(b) They can withstand hard driving without shattermg,
if the pile head buckles during hard driving it can be
readily cut down and reshaped for further driving

(c) If required they can be designed to give relatively
small displacement of the soil into which they are
driven

(d) They can readily be lengthened (without much
delay to driving) by welding or coupling on addi-
tional lengths, thus permitting deep penetrations to
be achieved without the need for a tall pile frame

(e) They can be readily cut down if not driven to their
full penetration and the cut-off portions have value
as scrap

(f) They can be roughly handled without damage
(g) They have good resistance to lateral forces and

buckling

Steel piles are used in marine structures where their
resilience and column strength are advantageous in
resistmg impact forces from the berthing of ships

Corrosion need not be a drawback to the use of steel
bearing piles Methods of protection of steel piles against
corrosion are described in Section 13 4

Working stresses should be appropriate to the grade
of steel (in Bntish practice to BS 4360 grades 43A or
50B) The values adopted should allow for the higher
stresses that occur while the piles are being driven to
the required ultimate bearing resistance and also for the
additional driving stresses at the head and possibly at
the toe of the pile BS 8004 recommends a working
load stress of 30 per cent of the yield stress where the
design safety factor on the driving resistance is 2, but
where the piles are driven through relatively soft soils to
end bearing m very dense soils or gravels or sound rock,
the allowable axial stress may be increased to 50 per
cent of the yield stress A steel suitable for marine struc-
tures where piles are subjected to high impact forces

from ships or waves in low temperature conditions is a
high tensile alloy steel confornung to grades 55C or
E of BS 4360, having minimum and average Charpy V
impact values of 24 and 20 rn/N, respectively, when
tested at 0 °C

Where steel tube or box piles are filled with concrete
(minimum cement content 300 kg/rn3) the load is shared
between the concrete and the steel. The working stress
m the concrete should not exceed the value normally
used for precast concrete piles

The three mam types of steel pile in general use are

(1) H-section piles
(2) Box piles
(3) Tube piles

8.12.2 Details of H-section piles

H-section piles are usually in the form of wide-flange
sections In Great Britain they are rolled in accordance
with BS 2566 Although a wide range of broad-flanged
beams are rolled only the sections generally used for
piling work are shown in Table 84

Since they do not cause large displacement of the
soil, H-section piles are useful where upheaval of the
surrounding ground would damage adjoining property
or where deep penetration is required through loose or
medium-dense sands In the latter case, the sand around
the piles is not consolidated to any appreciable distance
from them, thus facilitating driving large groups of
piles without the need for hard driving and consequent
vibrations which might cause settlement of adjacent
property founded on the sand Deep scour was consid-
ered likely between the piers of the Tay Road Bridge in
Scotland To achieve the required deep penetration of
piles supporting the piers, an H-section was selected.
Test piles of 305 x 305 mm section were driven by
diesel hammer to depths of up to 49 m in medium dense
sands, gravels, and cobbles

If strengthened by welding stiffening plates on to the
pile toe, the H-section is a useful means of punching
through thin layers of rock or boulders

A disadvantage of the H-section pile is the tendency
to bend on the weak axis during driving Thus if piles
are driven to a deep penetration, a considerable curia-
tare may result Measurements of curvature at Lambton,
Ontario812 on 310 and 352 mm H-section piles driven
through 46 m of clay into shale showed up to 1 8—2 m
deflexion from the vertical with a minimum radius of
curvature of 52 m It was evident from these measure-
ments that the safe working stresses in the steel were
exceeded even before the piles were subjected to super-
imposed load The piles failed under test load This was
thought to be due to plastic deformation of the pile
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Table 8.4 Types, dimensions, and properties of steel H-section piles (as manufactured by Cores UK Ltd)t

Designation Mass
per m
(kg/rn)

Depth of
section
(mm)

Width of
section
(mm)

Thickness
of web
(mm)

Thickness
of flange
(mm)

Area of
section
(cm2)

Radius of gyration Elastic modulus

XX-axzs

(cm)
YY-axis

(cm)
XX-ax,s
(cm')

YY-axzs

(cm)

356x406x 634
356x406x551
356x406x467
356x406x393
356x406x340
356x406x287
356x406x235

6339
5510
4670
3930
3399
2871
2351

4746
4556
4366
4190
4064
3936
3810

4240
4185
4122
4070
4030
3990
3948

476
421
358
306
266
226
184

770
675
580
492
429
365
302

808

702
595
501

433
366

299

184
180
175
171
168
165
163

110
109
107
105
104
103
102

11580
9962
8383
6998
6031
5075
4151

4629
3951

3291

2721

2325

1939

1570

356x368x 174
356x368x 152
356x368x133
356x368x 109

1739
1520
1330
1089

3614
3564
3520
3464

3785
3760
3738
3710

203
178
156
128

204
179
157
129

221

194

169

139

152
151
150
149

913
905
899
890

2823
2468
2158
1769

976

845

732
592

305x305x223
305x305x 186
305x305x 149
305x305x 126
305x305x 110
305 x 305 x 95

305x305x88
305 x 305 x 79

2229
1860
1491
1261
1100
949
880
789

3379
3283
3185
3123
3079
303 7

3017
2993

3257
3209
3160
3129
3107
3087
3078
3064

303
255
206
175
153
13 3

124
11 0

304
256
207
176
154
13 3

123
111

284

237

190

161

140

121

112

100

136
134
132
131
130
129
128
12 8

787
773
758
749
742
7 35

731
7 28

3119
2596
2076
1755
1531
1 320

1221
1 099

1079

881

691

575
496
423
389

348

254x254x85
254x254x71
254x254x63

851
710
630

2543
2497
2471

2604
2580
2566

144
120
106

143
120
107

108

904
802

106
106
105

624
617
613

966
807
717

324
267

235

203x203x54
203x203x45

539
449

2040
2002

2077
2059

113
95

114
95

687
572

855
846

498
492

493
410

164
134

t Senal size 356 x 368 are universal columns and all the remaimng sizes are universal bearing piles

shaft in the region of the maximum curvature Similar
bending has been observed by Bjerrum88 in H-section
piles m Norway He states that any driven H-section
pile havmg a radius of curvature of less than 370 m
after driving should be rejected In this respect the steel
tube pile filled with concrete after dnvmg has an
advantage since the concrete is not stressed until the
superimposed load is applied to the pile

The low resistance to penetration of the H-section
pile in loose sandy soils may be a disadvantage in
circumstances where high shaft friction and end-
bearing resistance is required at an economical depth
of penetration Since little consolidation of the sand is
effected around and beneath an H-section pile, the shaft
fnction is relatively low and the pile may not achieve
satisfactory resistance until driven to a dense sand stra-
tum or other resistant matenal A closed-end tube pile,
on the other hand, displaces a large volume of soil and
the fnctional resistance and end resistance is rapidly
built up When tube piles are driven into clays, they can
be driven open-ended smce a plug of clay is taken down
with the pile and forms a hard compact mass A similar

plug of clay is formed within the flanges of H-section
piles However, it is necessary to check by calculation
or load testing that there is adequate skin frictional re-
sistance on the intenor of the hollow pile or within the
flanges of the H-section pile to yieldmg of the soil plug
at the designed base load on the pile (see Section 7 7.2)
In the case of granular soils or weak rocks shattered by
pile driving, the skin friction mobilized on the interior
of hollow piles or within H-section pile flanges may
not be sufficient to build up any useful resistance in the
form of a plug at the pile toe Therefore the base resist-
ance of H-section piles in granular soils or rocks should
be calculated only on the net cross-sectional area of the
steel However, care is needed to avoid hard dnving
when termmating these pile Sections Ofl rock There is a
risk of shattering or degrading the rock to the consist-
ency of a silt or sand with consequent loss of bearing
capacity It is a wise precaution to make rednvmg tests
after a waiting penod of at least 24 hours to check that
there has been no reduction in end-bearing resistance
Limited end-bearing resistance can be allowed for tube
piles plugged with sand as discussed in Section 74 3
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The skin frictional resistance of clays to tubular and H-
section piles was discussed in Section 7 7 2 In granular
soils the skin friction on hollow piles or H-section piles
can be calculated on all steel surfaces provided that this
can be checked by measuring the length of soil plug
after dnving The interior skin friction must not exceed
the plug weight where uplift loads are resisted

Special types of steel H-section pile are manufac-
tured which are capable of being welded or coupled
together to increase their end-bearing area or resistance
to lateral loads 'Winged piles' consist of short lengths
of steel H-section welded to the bottom of standard
tubular and H-section piles These 'winged piles' are
specifically designed to give a high end resistance for a
limited penetration into a bearing stratum of sand How-
ever, the increase m pile resistance may not be in direct
proportion to the increase in base area because of the
reduction in skin friction in the portion of the shaft
above the winged sections

0.12.3 Steel tube piles

Steel tube for piles can be manufactured in seamless
spirally welded, or lap-welded forms There is nothmg
to choose between the latter two types of welding from
the aspect of strength to resist driving stresses Tubes
are manufactured in European metric sizes from 323 9
to 2020 mm outside diameter and with wall thickness
ranging from 6 3 to 12.5 m for the smallest diameters
to 10—25 mm for the largest diameters Steel tube piles
can be fabricated with thicker plates than the standard
sections where it is necessary to provide for high axial
loads or bending moments, or to provide for wastage
by corrosion Tubes m the standard sizes are fabricated
from coiled strip by spiral welding, or from plates with
longitudinal and peripheral welded Joints Tubes up to
4 m diameter have been fabricated for marine struc-
tures When driving to a deep penetration into very stiff
clays, dense granular soils, or rocks, the pile toe should
be protected from bucldmg by a stiffening ring or pro-
prietary cast-steel shoe An internal ring should be used
where support to the pile is provided by skin fnction
In hard dnvmg conditions the toe protection should
consist of a thicker wall pile section about one to one-
and-a-half pile diameters in length, butt-welded to the
main pile

Steel tube piles fabricated from high tensile steel are
used for marine structures where high lateral forces due
to the berthing impact of ships and to wave action must
be resisted Due to their circular section these tubular
piles offer less resistance to waves and currents than
the rectangular H-section piles Also the use of high
tensile steel gives economy in weight of matenal and

hence reduced shipping and handling costs The piles
can be made in three parts the upper part and the lower
part in mild steel, and the centre part in high tensile
steel This confines the more expensive high tensile
steel to the highly stressed zone in the region of the
sea-bed and facilitates welding of bracing steelwork to
the upper section

Tubular piles in marine structures are often driven
with open ends to obtain sufficient penetration to resist
lateral and uplift loading However, the base resist-
ance of the open-end pile can be very low in loose to
medium-dense granular soils Excessive penetration
depth can be avoided by welding H- or T-sections to
the outer pile surface or by providing a stiffened dia-
phragm plate at a calculated distance above the toe An
aperture should be provided in the diaphragm for the
release of water and silt

Tubular piles are normally installed by top driving,
but in difficult ground conditions they can be installed
by 'drill-and-drive' techniques in which the tube is first
driven down by hammer to the maximum depth which
can be achieved without the driving stresses exceed-
ing tolerable limits Then a grabbing rig or reverse-
circulation drill (Fig 8 25) is used to remove the plug

Figure 8.25 Wirth rotary table and rotating cutter used for
dnhling out soil plug from within tube pile

Hydraulic motor

bIiier
—
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of soil which has formed within the hollow section
Dnllrng is continued to a limited depth below the pile
toe after which the hammer is replaced and the pile is
driven down to its final penetration or to the next stage
of 'refusal', followed by further drilling Alternate drill-
ing and driving can result in long delay caused by the
need to dismantle and re-erect the heavy equipment
Whenever practicable the drilling should be performed
as a 'once-only' operation

Sullavan and Ehlers813 recommend that the diameter
of the hole drilled below pile toe level should not ex-
ceed 75 per cent of the outside diameter (and at least
150 mm less than this diameter) for clays, and should
not exceed 50 per cent of the outside diameter for sands
To obtain the full design base resistance the pilot hole
should be stopped 3—45 m above the design penetra-
tion The maximum depth of pilot hole should not ex-
ceed 12—15 m above the design penetration for vertical
piles, or 7 5 m for raking piles.

Steel tube piles are widely used in the USA, some-
times m the form of ordinary pipe-sections filled with
concrete, and also in the form of specially designed
fluted sections (to give rigidity for handling and
driving) which are driven to the full depth by ordinary
pile hammer and then filled with concrete. The Union
'monotube' pile is a tapered fluted steel section used in
the USA These piles with a tip diameter of 203 mm
and butt diameters of 305, 355, 406, or 457 mm are
provided in various gauges of steel depending on the
dnving conditions They are driven without a mandrel.
The upper part of the pile has parallel sides and the
lower part is tapered

The BSP cased pile is a spirally welded mild-steel
tube driven with a closed end, either by a single- or
double-acting hanuner working on top of the pile or
by an internal drop-hammer delivenng its blow on to
a plug of concrete placed in the bottom of the pile
(Fig 8 26) Care is needed to prevent splitting of the
casing when dnvmg on to the concrete plug A dry
concrete (maximum water cement ratio 025) should
be used for the plug which should have an initial length
of about three and a half times the pile diameter Fresh
dry concrete should be added to the plug if it is more
than iV2 h old or if it has been subjected to sustained
hard driving for more than 3/4 h

Standard sections are shown in Table 8 5

8.12.4 Filling tube piles with concrete

If driving conditions permit, it is preferable to drive
tube piles with a closed end since this avoids splitting
or enlargement of the ends. Alternatively they may be
driven open-ended, and if required they can then be

Hehcal.weld casingJ— Internal drop-hammer

tlrPlug of concrete
Flat steel plate Jj'

Figure8.26 Driving BSP cased piles with internal drop-hammer

cleaned out for their full depth and hearted with con-
crete If a high end-bearing resistance is required par-
ticular care is needed to remove adhering soil coatings
from the interior of the pile in the region of the base
plug Shear keys may be needed on the intenor face to
develop the required bond resistance between the pile
and the concrete If long piles are driven by welding on
successive lengths, a convenient method is to drive the
first length open-ended, then to provide the next or next-
but-one length with a diaphragm so that the upper part
of the pile, which may be subject to corrosion, remains
empty and clean for hearting with concrete In calcu-
lating the stresses on the cross-section resulting from
the working load, the strength of the hearting material
can be taken into consideration, but the cross-sectional

Table 8.5 Dimensions of BSP concrete-filled cased piles

Internal diameter
(mm)

Area of concrete
(mm)

254
305
356
406
457
508
559
610

50670
72960
99300

129700
164 100
202700
245 200
291800

flmber trestle
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area of steel in a hollow pile is likely to be governed by
dnvrng stresses rather than by the compressive stress
set up by the working load

8.13 Types of driven and cast-in-place pile

8.13.1 Recovered steel tube with detachable shoe
Hammer blows

types (with or without an enlarged base)

A steel tube in diameters ranging from 280 to 600 mm Dolly
is driven down into the soil with its lower end closed
by a precast concrete conical point or a flat steel plate
The pile tube is driven from its upper end by a drop-
hammer or a diesel hammer On reaching founding level -
a reinforcing cage is placed in the tube, concrete is - Precast

placed in the shaft and the tube is withdrawn Enlarged
bases can be formed by using an internal drop-hammer
to force out a plug of dry concrete from beneath the toe - Steel mandrel
of the drive tube A problem with driven and cast-in-
place piles is ground heave caused by displacement of 5h band —'
the soil by the drive tube This can cause tension failure
in the shafts of adjacent piles already dnven, and in the
worst cases to lifting of the complete piles The en- Surplus shells removed
larged base to the piles in conjunction with reinforce- "a
ment in the shaft is some help in anchoring the piles =
against uplift and it is possible to redrive nsen piles. Concrete shoe

wpwpwpwA.VA flat
However, the best method to overcome the problem of
ground heave is to pitch the drive tube into boreholes
dnlled by mechamcal auger in advance of the pilrng (°l

operations Care is necessary when concreting the shafts with concrete
of driven and cast-rn-place piles The problems are the
same as those descnbed in Section 8 146

8.13.2 Concrete shells driven with mandrel
(West's piles)

A propnetary type of concrete shell piles is installed by
Westpile Limited. The pile consists of precast concrete

(b)shells in short lengths reinforced by polypropylene
fibres which are threaded on to a straight-sided steel
mandrel, the lower end of which is fined with a precast
concrete conical shoe The shells are joined by circum-
ferential steel bands, the inside face of these can be
painted with bitumen to give a watertight joint The
mandrel and shells are dnven by a drop-hammer oper-
ating inside the leaders of a pile frame An ingemously
designed driving head allows the full weight of the (c)

hammer to strike the mandrel while a cushioned blow is Figure 8.27 Stages in fonreng a West's shell pile
transmitted to the shells The intensity of blow delivered
to the shells can be vaned by adjusting the drive head
to suit variations in driving resistance given by skin
friction or adhesion The sequence in installing a West's
pile is illustrated in Fig. 8 27(a)—(c) as follows
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(1) The concrete shoe is set in a shallow hole and the
mandrel is lowered on to the shoe (Fig 8.27(a))

(2) The concrete shells are threaded on to the mandrel
(3) The pile is driven to the required level (Fig 8 27(b))
(4) The mandrel is withdrawn and any surplus shells

removed
(5) The interior of the pile is inspected, a steel rein-

forcing case set in position, and the interior of the
shells is filled with concrete (Fig 8 27(c))

The West's pile has the advantage that the length can
be readily adjusted to suit varying ground conditions
by adding or taking away the shells The longest pile
driven has been 32 m The West's system allows long
piles to be driven in conditions of limited headroom
since several mandrels can be coupled together to drive
a long pile The displacement of the ground given by
its comparatively large diameter is advantageous in in-
creasing the skin friction or adhesion and end-bearing
resistance, except in conditions where large displace-
ments of the ground might damage adjacent structures
Also, the transmission of the main weight of the hammer
blow through the mandrel to the shoe reduces shallow
ground vibrations The shaft can be inspected to ensure
that the shells are in alignment and in contact with one
another before the intenor is concreted

Care must be taken in driving this type of pile through
ground containing large boulders or on to steeply
sloping bedrock In such conditions the pile shaft may
be deflected which causes difficulty in withdrawing the
mandrel and consequent displacement of the shells If
the shells are not properly butting together the greater
part of the load is transmitted to the in-situ concrete
core which is of comparatively small diameter and, if
not solidly concreted, might collapse under a heavy
working load Also, if the piles are dnven in groups,
ground heave may cause parting of the shells unless
precautions are taken such as installing the piles in a
predetermined order or placing them in pre-bored holes
West's piles are installed in five sizes as follows

External
diameter
(mm)

Core
diameter
(mm)

Shell
length
(mm)

Working
load
(kN)

280
380 or 405

445
510or535
610

165

275
305
380

470

914

915

915

915

915

300
Up to 650

500—800
750—1200
Up to 2000

The West's pile is somewhat labour-intensive, both
in the factory and on site For this reason it has become

uneconomic in situations where a jointed precast con-
crete pile or a bored and cast-rn-place pile can be used

8.13.3 Working stresses on driven and
cast-rn-place piles

BS 8004 limits the average compressive stress on the
pile shaft at the working load to 25 per cent of the char-
actenstic cube compression strength at 28 days The
concrete should not be leaner than 300 kg of cement
per cubic metre Where the pile has a permanent casing
of adequate thickness and suitable shape the allowable
compressive stress can be increased at the discretion of
the engineer

8.14 Types of bored pile

8.14.1 Boring by mechanical auger

The large spiral auger or bucket auger rotary drilling
machines which have been developed over the years
for installing large-diameter bored piles have been
brought to a stage of high efficiency and they are
capable of dealing with a wide range of soil types and
can drill inweak rocks Theuse of a bentonite slurry m
conjunction with bucket auger drilling can eliminate
some of the difficulties involved in drilling in soft silts
and clays and loose granular soils without continuous
support by casing tubes Auger machines mounted on
lorries or crane base machines (Fig 8 28) when fitted
with triple-telescoping 'Kelly' tubes and extension dnll
stems can dnll to depths up to 70 m The largest ma-
chines can drill pile shafts with diameters up to 4 57 m
and with under-reaming tools can form enlarged bases
with diameters up to 7 3 m The Bullivant rotary auger
shown in Fig 8 29 can drill holes up to 400 mm in
diameter to depths up to 20 m in conditions of low
headroom

For successful operation of rotary auger or bucket-
type machines the soil must be reasonably free of tree
roots, cobbles, and boulders, and it must be self-
supporting with or without bentomte slurry If the ground
is liable to cave in, the usual practice is to place a
length of casing mto the augered hole by means of a
crane or by the mast of the machine The bottom of the
kelly can then be locked to the top of the casing to turn

and push it into the ground, so giving a seal against
the entry of water Alternatively a vibrator of the type
described in Section 8 4 can be used to drive the casing
to the required depth A smaller size auger plate is then
used inside the casing for the lower part of the hole
If need be a further length of casing can be used by
telescoping it inside the length already set
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Figure 8.28 The Bauer BG 26 heavy-duty rotary auger
(Courtesy of Bachy Ltd)

Bonng by mechanical auger under water or a
bentonite slurry can cause some loosening of the soil at
pile base level Where a high base resistance is required
the soil can be compacted In the case of the Bauer
bored pile this is done by injection pressure A flat
circular steel plate is suspended from the bottom of
the reinforcmg cage, and a thin flexible steel sheet is
attached to the underside of the plate After concretmg
the pile, grout is injected around the bottom few metres
of the shaft to lock the shaft to the surrounding soil
After a hardemng penod grout is then injected at high
pressure to fill the space between the steel plate and the
steel sheet This forces the sheet down and compresses
the underlying soil Resistance to uplift of the pile at
this stage is provided by grout injections around the pile
shaft These are made in advance of the base grouting

Other methods of base grouting after concreting the
pile shaft include injecting cement grout into a gravel-
filled basket with the bottom of the basket covered by a
rubber sheet814 and grouting through a gnd of tubes-a-
manchette (Section 11 3.7) The latter method was used
for reconsolidating the soil loosened by airlifting from
the intenor of 2 50 and 3 15 m 0 D piles supporting
the spans of the Jamuna River Bndge descnbed in See-

tion 5 4 10 The arrangement of the tubes-à-rnanchetre
and feeder pipes is shown in Fig 8 30 After complet-
ing the airlifting, the grouting assembly was lowered
down the pile and suspended above the sand plug left
inside the pile toe A layer of gravel was then placed by
tremie pipe to cover the grouting tubes, thus providing
a permeable layer for the grout to flow over the whole
base area The concrete plug was placed again by tremie
on top of the gravel After a waiting penod of about
12 h, water was injected through the feeder system at a
pressure of 20 bar to crack the concrete surrounding the
grout tubas Cement grout was then injected first through
one of the outer tubes, then through the second outer
tube, and finally if required by observations of the grout
take, through the central tube The injection was termin-
ated when the pressure reached 50 bar, or if 1000 litres
of fluid had been mjected The latter quantity was spe-
cified to limit any hydrofracture of the soil below the
gravel The maximum pressure of 50 bar was selected
to ensure that the total uplift at the base of the con-
crete plug did not exceed the weight of the pile and its

Figure 8.29 The Bullivant light rotary auger
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clays, or very soft clays and silts, it is the usual practice
to sink the hole for small and medium diameter bored
and cast-in-place piles by a conventional cable percus-
sion boring ng (Fig 8 31) A common type of ng for
small-diameter piles is similar to that used for explora-
tory bonngs

Specially designed boring ngs for large-diameter
bored piles using grabbing methods include the Benoto
machine (Fig 8 32), the Bade machine, the Casagrande
GC 1500, and the Hochstrasser—Weise In these types
the casing is given a continuous semi-rotary motion
to keep it smking as the borehole is advanced Various
types of grab are provided for different soil conditions
The casing may be provided with welded Joints and
left in position or with bolted Joints and withdrawn
while the shaft is concreted The Benoto EDF 55 rig
normally sinks holes up to 1 m in diameter to a depth
of 30 m

Although they can be used in all types of soil, grab
types of boring rigs are best suited to difficult soils
such as coarse gravel and cobbles, glacial till, marts, or
thinly bedded shales and clays The spiral auger or
bucket-type rigs can usually work faster than the grab
types in firm to stiff clays and uniform sands
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Figure 8.30 Anangement of grout pipes for base-grouting of
tubular steel piles, Jamuna River Bridge

contents plus the external shaft friction The grout mix
consisted of 40 litres of water, 50kg of cement, 0 35 kg
of bentonite, and 05 kg of a plasticizer

8.14.2 Boring by percussion or grab-type rigs
In ground where mechanical augenng is impossible,
e g in water-bearing sands or gravels, stony or bouldery

'k

Figure 8.31 Instalhng small-diameter bored piles by cable
percussion
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Figure 832 Benoto grab-type ng for large-diameter
bored piles

Grabbing rigs of the type used to construct diaphragm
walls (Section 5 4 4) can also be used to construct rec-
tangular 'piles', referred to as barrettes

A problem in dnllmg for bored piles in granular soils,
either by cable percussion rigs in the case of small-
diameter piles, or grabbmg rigs for the larger diameters,
is the risk of excessive removal of soil during drilling
This is particularly liable to happen when drilling by
cable percussion methods since the soil is drawn up into
the 'shell' or baler by a sucking action Water is required
to induce the flow of soil into the drilling tool and if
natural ground water is not present it must be poured
into the pile borehole Violent raising and lowering of
the 'shell' can cause flow of soil from the surrounding
ground with the risk of settlement of any adjacent struc-
tures It is possible to minmuze the nsk of loss of ground
by dnvmg the casing ahead of the boring, but this can
make it impossible to withdraw the casmg after con-
cretmg the pile shaft since driving the casing causes the
soil to tighten around it Piling contractors like to keep
the soil loose around the casing so that it follows down
behind the drilling aided by occasional 'dollying' This
practice is satisfactory when piling m open ground, but
can have serious consequences if buildmgs or services

are close to the area of piling In these circumstances
the best procedure is to use rotary auger drillmg (Sec-
tion 8 14 1) under a bentonite slurry or a continuous
flight auger (Section 8 145)

8.14.3 Under-reamed bored piles
The comments in this section are mainly concerned
with the construction of enlarged bases to piles in clays
where the equipment and techniques are relatively
simple Fonmng enlarged bases to piles m water-bearing
coarse soils requires the use of hydraulic-powered
rotary drills for operating under bentomte The profile of
the drilled holes is monitored continuously by remotely
controlled sensors and ultrasonic sounding techniques
are used to check the profile after completion of dnll-
ing The equipment and techniques are descnbed by
Mon and Inamura815

The savings in cost given by under-reamed piles
are mainly due to savings in material excavated from
the pile borehole, and in concrete used to replace the
excavated material However, in difficult ground such
as boulder clays containing lenses of silt or sand, or in
any coarse soil, it is very difficult to form an under-
ream Also, because of the longer time taken to form an
under-ream by mechanical means or hand excavation
compared with the time taken to drill the straight-sided
pile, the economic advantages of the under-reamed pile
are somewhat marginal even in favourable ground such
as London Clay It should be noted that London Clay,
particularly in the basal beds, frequently contains layers
of water-bearing fine sand and silt which can make
under-reaming impracticable, and can cause the collapse
of the sides of straight-shafted pile boreholes

Excavation for the under-ream is achieved by a
belling bucket rotated by the drill rods or 'kelly' Two
types of belling bucket are used The one generally
favoured has arms which are hinged at the top of the
bucket (Fig 8 33) and are actuated by the drill rods or

Kelly —..., .. Borehole
casing

Hinged toothed
Housing cutters

Direction of
openmg

Figure 8.33 Top-hinged telling bucket
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kelly The arms are provided with cutting teeth and the
excavated soil is removed by the bucket This type cuts
to a conical shape, which is an advantage in maintain-
ing stability in fissured soils, and also the arms are
forced back into the bucket when it is raised from the
hole The second type (Fig 8 34) has arms hinged at
the bottom of the bucket This type has the advantage
of being capable of cutting a larger bell than the top-
hinged type and, because the cutting action is always
on the base of the hole, it produces a cleaner base with
less loose and softened material However, the hemi-
spherical upper surface of the bell is less stable than the
comcal surface and the bottom-hinged arms have a tend-
ency to jam in the hole when raising the bucket

Belling buckets normally cut to base diameters up to
3700 mm, although diameters of as much as 7300 mm
are possible with special equipment It is not usually
practicable to form bells on piles having shafts of less
than 762 mm diameter Although the base of a mechan-
ically under-reamed pile can be cleaned by specially
designed mechamcal tools, this is a somewhat tedious
operation and it is generally preferable to clean out the
base by hand, when all soil crumbs and softened material
are removed

Enlarged bases can be formed in stable and rela-
tively dry soils or rocks by hand excavation. This re-
quires some form of support of the roof of the bell to
ensure the safety of the workmen One method of sup-
port which has been used is in the form of a 'spider' con-
sisting of a number of hinged steel ribs The assembly
is lowered down the borehole and the ribs are then
expanded to force them into contact with the roof of the
bell If very large base areas are required, tunnels can
be driven to connect the bells, and the whole base area
can then be filled with concrete which is suitably rein-
forced to achieve the required beam action

It is often impossible to predict from ordinary site
investigation boreholes all the difficulties which may
be encountered in attempting to form under-reamed

Hinged toothed
cutters

Direction of
opening

Figure 8.34 Bottom-hinged belting bucket

bases on large-diameter piles For this reason, it is good
practice to include an item in piling contracts for drill-
ing a trial pile borehole in advance of the main piling
contract This item can be expensive as the selected
piling contractor must bring his men and equipment on
to the site and take them away again, but this procedure
can often save a considerable amount of money at the
main piling stage since difficulties can be foreseen, any
modifications to the pile design can be made and if
necessary the idea of under-reaming the piles can be
abandoned in favour of adopting deeper straight-sided
piles Test loading to check design assumptions can
also be made at this preliminary trial stage

8.14.4 Drilling and inspection of bored piles

It is desirable to make a close inspection of the base
of all boreholes with or without bells to ensure that
they are clean and free from softened material and that
the walls of the shafts are in a stable condition Large-
diameter bored piles are frequently used on a 'one
column—one pile' basis, and it is unusual to provide
more than four piles to a column In these conditions
failure even of a single pile due to faulty construction
methods would have disastrous consequences There-
fore, during the site supervision of piling contracts the
engineer should treat each pile in the same way as
he would an ordinary pad foundation, i e the piling
contractor must not be permitted to place concrete until
the supervising engineer is satisfied that the soil is not
weaker than that taken as the basis for pile design and
that the hole is in a fit condition to receive concrete

The following precautions are recommended in the
construction and subsequent inspection of bored piles

(1) The pile shaft should be supported by casing
through superficial soft or loose soils to prevent the
walls of the shaft from collapsing (This casing
can be extracted after concreting the shaft)

(2) Casing should be provided to seal off water-
bearing soil layers Any soil adhering to the inside
of the casing should be cleaned off before insert-
ing the casing in the borehole, and again before
placing concrete The casing should be drilled mto
an impervious soil layer beneath the water-bearing
layer to a sufficient depth to maintain the seal
until the remainder of the borehole is completed,
and until the concrete is brought up above ground-
water level Alternatively the water-bearing soil
layers can be stabilized by a bentonite slurry

(3) Soil or rock cuttings removed from the pile bore-
hole should be compared with the descnptions
stated on the site investigation borehole records

Borehole
casing
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(4) Shear-strength tests should be made when neces-
sary on undisturbed soil samples taken from the
bottom of selected piles as a check on design data

(5) Boreholes for shallow piles, if too small for entry,
should be inspected by shining a light down the
shaft Any loose crumbs or lumps of soil should
be cleaned out before concrete is placed

(6) All deep pile holes should be plumbed to the
bottom immediately before concreting by lower-
ing a 'cage' to the full depth The plumbed depth
should be compared to the depth accurately meas-
ured mimediately after completion of drilling This
check will ensure that no soil has collapsed into
the borehole

(7) II, for particular reasons, concrete in the bot-
tom of large-diameter under-reamed piles is to be
placed manually, any loose fallen material, or
soil softened by trampling on the base, should be
cleared out If necessary, this should be done in
small areas, each area being protected in turn
by a layer of dry concrete Any accumulations
of water should be pumped or baled out before
placing the sealing concrete or first lift of the
base concrete if the inflow of water is such that
cement would be washed from the unset concrete
or instability caused to the soil beneath the base,
then attempts to concrete the pile 'in the dry'
should be abandoned and underwater methods
should be resorted to as described in the follow-
ing section.

(8) The time interval between completion of bonng
and placing concrete should be as short as possible,
and in any case should not be longer than 6 h

(9) If manual work is required at the base of piles, a
loosely fitting safety casing should be suspended
in the shaft to protect the men from material fall-
ing from the sides of the shaft The method of
suspension must be absolutely secure, as slipping
might easily kill someone working in an enlarged
base The top of the casing should project above
ground level as a safeguard against tools or stones
being accidentally kicked down the hole

(10) Operatives working down the holes should wear
safety helmets and harness The latter is required
to enable them to be lifted out quickly should
they be injured or overcome by gas

(11) While work is in progress down the hole a 'top
man' should always be in attendance to ensure
that no tools or objects are lying near the hole,
and that any tools required for use are properly
secured before being lowered down the hole The
top of the hole should be protected by a strong
well-fitting cover while it is left unattended

(12) Safety lamps and other gas-detecting devices should
be kept at hand and in proper working order

(13) Frequent tests for gas should be made in filled
ground or where pile boreholes pass through beds
of peat or organic clays or when working on sites
where old gas mains may be encountered

(14) All work should conform to the requirements of
BS 5573 Safely Precautions in the Construction
of Large-Diameter Boreholes for Piling and other
Purposes

Problems associated with the installation of cast-in-place
concrete piles have been reviewed by Thorburn and

urn816

8.14.5 Bored piles installed by continuous ifight
auger drilling (auger-injected piles)

Bored piles with diameters up to 1 5 m and to depths
up to 35 m can be installed with continuous flight auger
rigs of the type shown in Fig 8 35 In stable ground
and shallow depths the auger can be withdrawn after
drilling to the required depth and the pile shaft is con-
creted by feeding a flexible pressure hose to the bottom
of the unlined hole and withdrawing it as sand—cement
mortar is pumped down More generally, and in all
cases of unstable ground, the flight auger is provided
with a hollow central stem closed by a plug at the

Figure 835 Continuous flight auger piling ng
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bottom During drillmg, the walls of the borehole are
supported at all times by the soil rising within the flights
On reaching the required depth concrete is injected down
the hollow stem which pushes out the bottom plug and
the pile shaft is concreted by raismg the auger with or
without rotation It is good practice to rotate the auger
for a number of revolutions before raising it to ensure
that the concrete has completely filled the bottom of the
hole After removing the auger the reinforcing cage is
pushed down the shaft while the concrete is still fluid
Cage lengths up to 12 m are generally achievable

The 'concrete' used in the shaft is either a fairly fluid
sand—cement mortar with mix proportions of 1 5 1
or 2 1 or a concrete made with coarse aggregate not
larger than 20 mm Strengths are generally in the range
of 20—30 N/mm2 at 28 days A plasticizing agent is
used to improve the 'pumpability' and an expanding
agent is added to counter shrinkage dunng the setting
and hardening phases The reinforcing cage for mortar-
injected piles should be bound with a 6 mm spiral at
150 mm pitch Hoops, rather than a spiral, should be
used for concrete-injected piles

The use of the continuous flight auger (CFA) rig
avoids many of the problems of dnlhng and concret-
ing piles experienced when using conventional power
augers However, defects with CFA piles have occurred
from time to time and strict control of workmanship
is required, particularly when a high proportion of the
load is to be camed in end-bearing When using con-
ventional power augers the soil conditions at the base
of the hole can be checked by examining the drill
cuttings before any concrete is placed, but where the
CFA rig is used the drill cuttings from the base do not
reach the surface until the shaft concreting has been
completed It is possible to obtain an indication of the
soil strength by measuring the torque on the drill stem
over the full depth of drilling A check can also be made
on the soundness of the shaft by recording continuously
the pressure and volume of concrete injected as the auger
is withdrawn

The problem of ensuring complete filling of the base
of the pile with concrete was mentioned above In this
respect it is claimed that the 'Cemcore' pile installed
by Kvaerner Cementation, which uses a side exit at
the bottom of the hollow stem, is advantageous The
'Starsol' rig operated by Soletanche and Kvaemer has
a separate 100 mm tremie pipe within the 150 mm stem
After reaching the final depth the auger is withdrawn
about 200 m and the concrete is discharged from the
bottom and sides of the Iremie pipe

Disposal of spoii from excavations and bored piles
has become an increasingly difficult problem, particu-
larly in urban areas The Liamada CFA rig has been

developed in Spain to alleviate the problem of spoil
disposal fmm bored piles The rig consists of two contra-
rotating spiral flights with separate drives In the early
stages of drilling the flights are locked together and
rotated in the same direction, producing a small amount
of spoil at the surface As drilling proceeds the rotation
of the upper flight is reversed so that the soil is forced
downwards and outwards thus displacing and compact-
ing the surrounding soil On reaching pile toe level the
flights are again locked together and rotated in a re-
verse direction as concreting of the pile shaft proceeds
in the normal manner The system is operated in the UK
by May Gurney, who produces CFA piles with nominal
shaft diameters of 400, 500, and 600 mm

Massarch and Wetterling7 have described a device
developed in Sweden for expanding the shaft of a CFA
pile The 'expander-body' consists of a metal tube 1 25—
25 m long The thin metal has longitudinal concertina
folds such that it can be expanded by internal pressure
to enlarge the shaft of the pile after the device has been
pushed down to the required depth into the fluid con-
crete It was reported that the concrete in holes drilled
to diameters from 87 to 160 mm was expanded to diain-
eters between 04 and 0 8 m

Derbyshire et a1818 have descnbed developments
of installation techniques and instrumentation for CFA
pihng

The risks of loss of ground and settlement of adja-
cent structures when drilling for bored piles by percus-
sion or grabbing ngs were discussed in Section 8 142
These nsks are reduced by drilling with CFA equip-
ment Thorburn et al 819 stated that loss of ground is
most unlikely in damp fine or coarse soils, but it can
occur at shallow depths in loose coarse soils or when
overbreak occurs m a sand layer causing underminmg
and collapse of an overlying clay layer

8.14.6 Concreting bored and driven and
cast-in-place piles

In dry boreholes, or in holes where water can be re-
moved by baling, the piles are concreted by the simple
method of tipping a reasonably workable mix (not leaner
than 300 kg cement per cubic metre of concrete) down
the borehole from a barrow or dumper This method is
also used for the shafts of driven and cast-in-place piles
where the drive tube is closed by an expendable steel
plate A hopper is provided at the mouth of the hole
to receive the charge of concrete and to prevent con-
tamination with earth and vegetable matter on the ground
surface Before any concrete is placed, the hole should
be baled dry of water and loose or softened soil should
be cleaned out and the bottom of the hole rammed If
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the bottom of the hole is wet, a layer of dry concrete
should first be placed and well rammed Then the
concrete can be placed using a readily workable mix
(75—125 mm slump), which is self-compacting but does
not segregate

There are a number of practical difficulties m con-
creting piles m water-bearing soils, in squeezing ground,
or a combination of the two The difficulties are aggra-
vated by the presence of the reinforcing cage If the
bottom of the casing is lifted above the concrete while
the shaft is concreted and the casing is withdrawn in
successive lifts, then water may surge into the hole and
weaken the concrete Also, any water which is camed
up the pile shaft in the form of laitance will have a
serious weakening effect on the concrete Sand or soft
clay is liable to squeeze in and cause 'waisting' or 'neck-
ing' If, on the other hand, the concrete is kept high in
the casing, then it is likely to jam inside the casing
Lifting the casing will then lift the concrete inside it
and the lower part of the pile will also be lifted by the
reinforcing cage There is no simple remedy for such a
mishap The only thing to do is to remove all concrete
and reinforcement, clean out the hole and start again In
these conditions concreting a pile demands the greatest
of care The concrete should be nch and easily work-
able A generous space should be allowed between the
vertical bars and between the hoops or spiral ties of
the reinforcing cage to allow the concrete to flow easily
between the bars Wheel-type spacers should be used to
maintain the clearance between the bars and the ground

The main difficulty in concreting bored piles occurs
in water-bearing ground when the hole cannot be baled
or pumped dry The entire shaft should then be con-
creted under water using a tremie pipe Concrete placed
through a tremie pipe should be easily workable (slump
greater than 150 mm) and should have a minimum
cement content of 400 kg/m3 A retarder should be used
if there is a nsk of the concrete setting before the cas-
ing is lifted Out of the hole A finished level of concrete
placed by tremie pipe should be higher than the design
'cut-off' level, to permit the removal of the thick layer
of laitance which always forms on the nsing surface of
concrete placed by tremie methods

The Institution of Civil Engineers' specification for
piling8 specifies tolerances for the casting levels for four
conditions of concrete placing in pile boreholes with
and without the use of temporary casing The ground
surface or piling platform level is defined as the com-
mencing surface The first three conditions all refer to
the situation where the designated cut-off level is at a
depth H below the commencing surface such that H is
between 0 15 and 10 m The latter depth is concerned
with piles supporting basements where they are installed

before commencing the basement excavation The con-
ditions are

(a) Concrete placed in dry boreholes using temporary
casing and without permanent lining The casting
tolerance in metres is specified to be 0 3 + H/12 +
C/8, where C is the length of temporary casing
below the commencing surface.

(b) Concrete placed in dry boreholes within permanent
tubes or permanent casings or where cut-off levels
are in stable ground below the base of any casing
The casting tolerance in metres is specified to be
03+H/10

(c) Concrete placed under water or a drilling fluid The
casting tolerance in metres is specified to be 1 0 +
H/12 + C/8

(d) For depths greater than 10 m take H = 10

There are qualifications to the above rules and the
reader is referred to the ICE specification for details of
them It will be noted that the casing length rather than
the pile diameter is a factor which influences casting
tolerances This reflects the problems of disturbing the
concrete when temporary casing is extracted

It will be noted that no mention has been made of
placing concrete by means of a bottom-opening bucket
From personal expenence and from several examples
given in technical literature, the author is convinced that
the use of such a device is unsound practice When placing
concrete in a deep borehole a crane operator does not
have sufficient sensitivity in the 'feel' of the bucket to
be sure that he is opening it just beneath the surface of
the concrete The bucket may lodge on the reinforcing
cage at a higher level and it will then be opened to allow
concrete to fall through the water, if it is lowered to too
great a depth into fluid concrete there will be surging
and mixing of the concrete with water as the bucket
is withdrawn The result of mishandling of a bottom-
opemng bucket is the formation of layers of laitance and
honeycombed concrete Nothing can be done with the
defective concrete Attempts to grout honeycombed
concrete have failed because it is impossible to build
up pressure in the honeycombed layer The grout merely
finds an easy way to the surface up the side of the pile

It is frequently the practice to use bentonite mud
instead of casing to support the walls of a pile borehole
and then to place concrete beneath the bentonite by
means of a tremie pipe However, it is necessary to
keep an adequate head of concrete in the tremie pipe
and to keep it moving continuously in order to over-
come the pressure of the high-density thixotropic
bentomte fluid which is displaced by the outfiowing con-
crete Difficulties in placing concrete by tretme pipe
beneath bentomte were expenenced in the 18—2 1 m deep
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piled foundations of Wuya Bridge, ri2° On this
site a mud density of 1600 kg/rn3 was required to pre-
vent collapsrng of the soil, and the mud formed a gel
due to the high ground temperatures The concrete
jammed in the tremie pipe, especially when filling was
suspended to remove sections of pipe The method
finally adopted was to use a highly workable concrete
with a plasticizer and retarder, and to withdraw the
tremie pipe as a single unit without breaking joints

When ground water is present m fissured rock strata,
trouble may be expenenced as a result of surging of
this water whereby the cement is washed out of unset
concrete in the pile boreholes This surging may be due
to boring operations in piles adjacent to those already
concreted If this cause is suspected the boring operations
must stop until the concrete has hardened sufficiently,
or the bonng of all pipes in a group must be completed
before concrete is allowed to be placed Some of these
difficulties can be overcome by grouting the rock through
a pilot hole drilled in advance of the pile borehole

Concreting of bored piles under water by the
'prepacked' or 'preplaced' method is not recommended
because of the likely contamination of the preplaced
aggregate by silt or clay suspended in the water

8.14.7 Integrity testing of cast-in-place piles
The soundness of the shafts of either driven or bored and
cast-in-place piles can be checked by non-destructive
integrity testing Weltman82' describes four methods.

(1) Acoustic
(2) Radiornetric
(3) Seismic
(4) Dynarruc response

In the acoustic and radiometric methods a probe is
lowered down a small-diameter hole drilled or formed
rn the pile The acoustic probe transmits ultrasonic pulses
which pass through the pile concrete and are picked
up by a receiver mounted at the bottom of the probe
or in an adjacent test hole in the same pile Radiometric
probes employ gamma ray backscatter equipment In
the seismic method the pile head is struck by a hammer
or mechamcal impulse device Reflected waves from
the pile toe are picked up by an accelerometer mounted
on the pile head and recorded by an oscillograph The
dynamic response method employs a vibrator attached
to the pile head and the response is momtored by a
velocity transducer

The seismic and dynamic response methods are the
ones most frequently used in the UK because these
methods make it unnecessary to drill or form holes in
the pile There is a waiting period after casting of about

one week before the concrete is sufficiently mature for
testing These methods are reasonably reliable for check-
rag the overall length of a pile or for detecting gross
imperfections such as local necking or large soil mclu-
sions They are not sufficiently reliable to give conclus-
ive evidence on the presence of cracks across the shaft

8.14.8 Minipiles and micropiles

Mrnipiles and micropiles are bored and cast-in-place
piles with a diameter of less than 300 mm They are
mstalled by rotary or percussion drilling or a combma-
tion of the two After completion of drilling, reinforce-
ment is introduced followed by placing cement grout
or concrete through a tremie pipe If groutmg is used
the fluid grout must be consolidated by air pressure In
some applications a steel tube is used as the permanent
load-bearing element with grout injected down the tube
to fill the annulus The applications of minipiles to
underpinning is described in Chapter 12

8.14.9 Working stresses for bored piles

The allowable working stresses should not exceed those
given for driven and cast-rn-place piles in Section 8.13.4

8.15 Types of composite pile
Composite piles are used in ground conditions where
conventional piles are unsuitable or uneconomical They
may consist of a combmation of bored and driven piles,
or driven piles embodying two types of matenal A
typical composite pile is the concrete and timber pile
This type combines the cheapness and ease of handling
of the timber pile with the durability of the concrete
pile The susceptibility of the former to decay above
the ground-water table has already been mentioned Thus
the timber pile is terminated below lowest ground-
water level and the upper portion formed in concrete.
One method of doing this is to drive a steel tube to just
below water level The tube is cleaned out, a timber
pile is lowered down it and driven to the required level
The upper portion is then concreted with simultaneous
withdrawal of the tube (Fig 8 36) Alternatively, a pre-
cast concrete pile can be bolted to a timber pile using a
metal sleeve connection

Another method of composite piling is to use a hol-
low precast concrete driven section which remains in
position after a timber pile has been driven down the
interior to the required penetration Composite steel
H-section and concrete piles can be driven in a similar
manner to concrete and timber piles The concrete por-
tion is used in the zone above and immediately below
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Timber driven pile

Figure 8.36 Composite timber and concrete pile

ground level which is most susceptible to corrosion
The design of such composite piles should provide a
rigid connection between the two components

8.16 The design of pile caps and
capping beams

8.16.1 Pile caps

It is impossible to ensure that piles are dnven or bored
truly vertical or exactly to the prescnbed rake

The ICE specifications for piling8 i permit a devi-
ation at commencmg surface level not exceeding 75 mm
in any direction from the centre of the pile as driven to
the centre point shown on the setting-out drawing This
deviation is for pile heads cut off at or above ground
level An additional deviation is penmtted for pile heads
cut off below ground level to conform to the maximum
permitted deviation of 1 in 75 for a vertical pile, and
1 in 25 for the specified rake of a raking pile for piles
raking up to 1 in 6 and 1 in 15 for piles raking to more
than 1 m 6 The tolerances for ralung piles assume that
the specified requirement to give a tolerance of 1 in 50
in setting up the piling is achieved

Pile caps must therefore be of ample dimensions to
allow them to accommodate piles which deviate from
their intended position. This can be done by extending
the pile cap for a distance of 100—150 mm outside the
outer faces of the piles in the group The pile cap should
be deep enough to ensure full transfer of the load from
the column to the cap m punching shear and from the
cap to the piles

In an isolated pile group, the pile cap must include
at least three piles to ensure stability against lateral
forces A pile cap for only two piles should be con-
nected by tie beams to adjacent caps Typical designs
of pile caps for various numbers of piles are shown in
Fig 8 37(a)—(e)
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Figure 8.37 Typical pile caps (a) Cap for three 450mm diameter friction piles (b) Cap for four 350mm square end-bearing piles
(c) Cap for six 400 mm square end-bearing piles (d) Cap for seven 450 mm diameter friction piles (e) Cap for sixteen 350 mm
square end-bearing piles

(d)
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The minimum spacing of piles in a group has been
referred to in Section 7 14 Using this or greater
spacing the piles should be arranged so that the cen-
troid of the group coincides with the line of action of
the load This ensures that all piles carry an equal load
and so avoids tilting of the group if they are bearing
on compressible strata

The heads of remforced concrete piles should be
stripped down and the projecting reinforcement bonded
into the pile cap to give the required bond length Re-
search by the Ohio Department of Highways822 showed
that if the concrete cap is of adequate size and arrange-
ment and properly remforced for the pile reactions,
there is no need to provide a bearing plate or other load
transfer device at the head of a steel H-section pile
However, in the case of slender steel piles, the depth of
the pile cap required for resistance to punching shear
may be uneconomically large Savings in the depth of
the pile cap can be achieved by welding projections to
the head of the steel pile to give increased area m bear-
ing Load transfer devices used for the heads of steel
box piles and H-section piles are shown m Fig 8 38(a)
and (b)

Steel reinforcement should not be threaded through
holes pre-drilled in the flanges or webs of steel piles It
is not always practicable to ensure that the pile heads
can be driven to within 75 mm of their designed posi-
tion (see tolerances, above) which means that reinforce-
ment in pile caps or capping beams must be re-bent or
moved to enable the bars to pass through the holes

The depth of pile cap required for timber piles is
very often dictated by the need to carry concrete pro-
tection to the timber below the lowest ground-water
level

Figure 8.38 Capping for steel piles (a) For hexagonal pile
(b) For H-section pile

For small pile caps and relatively large column bases
the column load may be partly transferred directly to the
piles The part directly transferred by overlapping in a
four-pile group is shown in the shaded areas m Fig 839
In these conditions shear forces are neghgible and only
bending moments need be calculated On the other hand,
single column loads on large pile groups with widely
spaced piles can cause considerable shear forces and
bending moments, requiring a system of links or bent-
up bars and top and bottom honzontal reinforcement in
two layers A typical arrangement of reinforcement for
a small pile group is shown in Fig 840 A minimum
cover of 75 mm should be provided to the reinforce-
ment in the pile cap

Load transferred
directly to piles
over this erea

Figure 8.39 Transfer of load through pile cap

mm

75—100 mm

Figure 8.40 Arrangement of reinforcement in a rectangular
pile cap

(a) (b)
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Where a column is camed by a single large-diameter
pile, there is no need to provide a cap. In the case of
reinforced concrete columns, starter bars can be cast
into the head of the pile or pockets can be left for the
holding-down bolts of steel columns

The design of reinforcement is highly indeterminate
because of relative movements between piles, inequal-
ities of load transfer, and the rigidity of the pile cap A
method of pile cap design by the truss analogy in which
the axial thrust is taken by the concrete and the tensile
force by the reinforcing steel has been descnbed by
Clarke.823

8.16.2 Capping beams

Piles supporting a load-beanng wall or close-spaced
columns may be tied together by a continuous capping
beam The piles can be staggered along the line of the
beam to take care of small eccentricity of loading
(Fig 841) Where piles are used to support light struc-
tures with load-beanng walls the piles may be placed at
a wide spacing beneath the centre of the wall (Fig 842)

Investigations at the Building Research Station have
shown that load-bearing walls themselves act as beams
spanning between piles It is therefore possible to de-
sign the capping beams for lower bending moments
than those given by conventional design, which assumes
that the whole of the load in a triangle of the wall above
the beam is carned by the beam The bending moment
at the centre of a simply supported beam is WLI8, where
W is the weight of the triangle of bnckwork above the
beam The Building Research Station8 recommends
a minimum bending moment of WIJ100, where full
composite action takes place and W is the weight of
the rectangle of brickwork above the beam plus any
superimposed loads It is stated that these 'equivalent
bending moments' show considerable saving over con-
ventional design methods, but the depth of beam to
span ratio must be kept between one-fifteenth and one-
twentieth However, with a heavily loaded wall only
a small degree of composite action is allowed and
it may be necessary to use a beam deeper than L/15
With considerable composite action (bending moments

WL/40 or less) the reinforcement should be calculated
for a beam depth of L/15 if a deeper beam is required
for practical reasons. A cover of 25 mm is recommended
(40 mm would be preferable for good-quality work)
The top steel should be placed 25 mm below the upper
surface of the concrete immediately over the pile heads
and should extend on each side of the pile as far as the
quarter-span points if a door is situated at the end of a
span, shear reinforcement is necessary

The design method assumes that the ground floor is
camed by the soil independently of the capping beam
If a suspended floor slab is required the beam should
be designed by conventional methods It is not always
desirable to design capping beams to take advantage
of the composite action of wall and beam, since this
could prevent openings being made for new doors or
windows at some time in the future Also, designers of
such modifications or 'do-it-yourself' houseowners
might not be aware of the basis of the original design
for the capping beam

Where the piles are provided as a safeguard against
swelling and shrinkage of clay soils, the cappmg beams
should be placed on 100—150 mm of specially low-
density expanded polystyrene or on a collapsible void
former The purpose of this is to absorb some or all of
the upthrust on the underside of the capping beam from
the swelling of the soil The same material is placed
against the outside face of the beam to absorb lateral
thrust A suspended floor slab with a void beneath is
essential for all cases where piles are required for swell-
ing soil conditions The design shown in Fig 842 con-
forms to NHBC requirements for house foundations in
swelling clay (see Section 3 1 2)

8.17 The economics of piled foundations

The engineer is frequently faced with marginal condi-
tions when there appears to be little to choose between
piling and taking conventional strip or pad founda-
tions down to a somewhat greater depth to reach soil of
satisfactory bearing capacity For any given site there
must be one particular level below which it is cheaper
to pile than to adopt deep strip or pad foundations, and

100—150mm clearance

FIgure 8.41 Piles supporting load-bearing walls

<nf,,,Iwzz1
\__)4/ Cappmg beam
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the engineer must make a choice on the basis of fairly
detailed estimates of cost The following notes are
intended to give some information to the engineer on
the various factors which influence the cost of the work.

In the first place, it is not simply a matter of adding
up the cost of x cubic metres of excavation and y cubic
metres of concrete for a deep pad foundation and com-
paring it with the cost of z metres of piling to carry the
same working load Pile foundations require a cap or a

capping beam The minimum thickness of a cap for a
pair of piles is about 450 mm and caps for four piles
may have to be 600—1200 mm thick, and the plan di-
mensions up to 2100 mm square for 550 mm diameter
piles It may also be necessary to connect pile caps
together by tie beams m two or more directions Excava-
tion in pile caps, capping beams, and tie beams may
cost twice as much as machine excavation in column
bases of fairly large dimensions Also, piled founda-

386 Piled foundations 2 structural design/construction methods

Precast R C suspended slab

Cast-in-place reinforced
concrete beam

Compressible
material or
void former

Remforcoment extending
through tension zone in
pile and embedded mm 40
diameters into beam

Figure 8.42 Design for pile capping beam for house foundations where clay soil is subject to swelling or shrinkage
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lions involve structural design and a higher degree of
supervision over their construction Thus the costs of
excavation and concrete in pile caps and capping beams
together with the costs of piling and of design and
supervision weigh heavily against piled foundations In
fact, in dry soil conditions where advantage can be taken
of the low cost of mechanical excavation in bulk, the
total cost of excavating to a depth of as much as 45 m,
constructing column bases m mass concrete up to ground
level, and backfihling the soil around the bases, was
shown to be cheaper than the cost of providing the
equivalent number of 8 m long piles, together with the
pile caps and capping beams, to carry the same work-
ing load This cost comparison was made for a typical
multi-storey block of dwellings On the other hand,
for small-scale work, say for individual houses, condi-
tions are suitable for the cheap, uncased, mechanically
augered piles and these may be cheaper than conven-
tional bnck and concrete footings at a depth of 1 2 m,
but probably not cheaper than mechanically excavated
narrow strip foundations at the same depth

When excavation must be taken down into water-
bearing sands and gravels the economics may swing in
favour of piled foundations, since the cost of excava-
tion with the assistance of ground-water lowering in
these conditions may be two or three times greater than
excavation in dry ground

Another justification for piled foundations on struc-
tural and economic grounds occurs in highly variable
soil conditions such as random pockets or lenses of soft
silt and clay in sandy glacial deposits Ideally the foun-
dation should be designed for the particular conditions
at any given point of loading, i e adopting high bear-
ing pressures with small pad foundations in areas of
compact sands and low bearing pressures with large
individual or combined pad foundations for the softer
and more compressible soils However, this procedure
would require a very detailed soil investigation at a cor-
respondingly high cost, or else the foundations could
be designed individually as the soil conditions were
recorded during the excavation work The latter would
not permit any advance design or job planning and
would lead to delays due to ordenng and cutting rein-
forcement or fabricating formwork By adopting pile
foundations for all column bases or load-bearing walls,
whether in good ground or bad, the job can be designed
and planned well in advance of construction, which
will proceed without delay, and by using some form of
in-situ pile the length of the pile can be varied to suit
the varying soil conditions rather than by increasing or
decreasing the number of piles Settlements will be of a
very small order if the piles in the bad ground conditions
have an adequate safety factor; thus relative settlements

between columns will be negligible It would be dif-
ficult to achieve this with pad foundations of varying
size and bearing pressure

8.18 The choice of type of pile

Having decided that piling is necessary, the engineer
must make a choice from a variety of types and sizes It
has already been noted that there is usually only one
type of pile which is satisfactory for any particular site
conditions The following notes will summarize the
detailed descriptions already given of the various types
of pile and their particular application

8.18.1 Driven piles

Advantages

(1) Matenal of pile can be inspected before it goes into
the ground

(2) Stable in 'squeezing' ground
(3) Not damaged by ground heave when driving

adjacent piles
(4) Construction procedure unaffected by ground water
(5) Can be readily camed above ground level, espe-

cially in marine structures
(6) Can be driven in very long lengths
(7) Does not produce surplus spoil

Disadvantages

(1) May break dunng hard driving causing delays
and replacement charges, or worse still may suffer
major unseen damage in hard driving conditions

(2) Uneconomical if amount of material in pile is gov-
erned by handling and driving stresses rather than
by stresses from permanent loading

(3) Noise and vibration dunng driving may cause nuis-
ance or damage

(4) Displacement of soil dunng driving piles in groups
may damage adjacent structures or cause lifting by
ground heave of adjacent piles

(5) End enlargements not always advantageous
(6) Cannot be driven in conditions of low headroom

8.18.2 Driven and cast-in-place piles

Advantages

(1) Length can be readily adjusted to suit varying level
of bearing stratum

(2) Tube is driven with a closed end, thus excluding
ground water
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(3) Possible to form an enlarged base in some types
(4) Material in pile is not determined from handling or

driving stresses
(5) Noise and vibration can be reduced in some types
(6) Does not produce surplus spoil

Disadvantages

(1) 'Necking' or 'waisting' may occur in squeezing
ground unless great care is taken when concreting
shalt

(2) Concrete shaft may be weakened if strong artesian
water flow pipes up outside of shaft
Concrete cannot be inspected after completion
Limitations of length of driving in most types
Displacement of ground may damage 'green' con-
crete of adjacent piles, or cause lifting by ground
heave of adjacent piles

(6) Noise, vibration, and ground displacement may
cause a nuisance or damage adjacent structures

(7) Cannot be used in river or marine structures with-
out special adaptation

(8) Cannot be driven in very large diameters
(9) Camot be dnven m conditions of very low headroom

8.18.3 Bored and cast-in-place piles

Advantages

(1) Length can be readily varied to suit varying ground
conditions

(2) Soil removed in boring can be inspected and if
necessary sampled or in-situ tests made

(3) Can be installed in very large diameters
(4) End enlargements up to two or three diameters are

possible in clays
(5) Material of pile is not dependent on handling or

driving conditions
(6) Can be installed in very long lengths
(7) Can be installed without appreciable noise or

vibration
(8) Can be installed in conditions of very low headroom
(9) No risk of ground heave

Disadvantages

(1) Susceptible to 'waisting' or 'necking' in 'squeezing'
ground

(2) Concrete is not placed under ideal conditions and
cannot be subsequently inspected

(3) Water under artesian pressure may pipe up pile
shaft washing out cement

(4) Enlarged ends cannot be formed in coarse ma-
terials without special techmques

(5) Cannot be readily extended above ground level
especially in nver and marine structures

(6) Boring methods may loosen sandy or gravelly soils
requiring base grouting to achieve economical base
resistance

(7) Sinking piles may cause loss of ground in coarse
soils, leading to settlement of adjacent structures

(8) Surplus spoil produced with attendant costs of trans-
porting from site

8.18.4 Choice between types of pile m
each category

Driven piles Timber Suitable for light loads or
temporary works Unsuitable for heavy loads Subject
to decay due to fluctuating water table Liable to unseen
splitting or brooming if driven too heavily

Concrete Suitable for all ranges of loading Concrete
can be designed to suit corrosive soil conditions Readily
adaptable to various sizes and shapes Disadvantages
additional reinforcement must be provided for handlmg
and driving stresses, liable to unseen damage under
heavy driving, delay between casting and driving

Steel. Suitable for all ranges of loading Can be read-
ily cut down or extended Cut-off portions have scrap
value and they can be used for extending other piles
Can be driven hard without damage Can be driven in
very long lengths by welding on additional lengths
Some types have small ground displacement Structural
steel bracing can be readily welded or bolted on Resili-
ence makes it suitable for jetty or dolphin structures
Disadvantages subject to corrosion above the soil line
in marine structures and requires elaborate paint treat-
ment and/or cathodic protection, long and slender piles
liable to go off line during driving

Driven and cast-in-place piles Types which have a
withdrawable tube are cheaper than those where a steel
or concrete tube or shells are left in the ground for
subsequent hearting with concrete However, the latter
types are a sounder form of construction for 'squeez-
ing' soils or water-bearing sands or where rednvmg is
necessary followmg ground heave Generally, the recom-
mended procedure is to approach several proprietary
piling firms for quotations and let the issue be decided
on the basis of costs Reputable piling firms will not
hesitate to say that their piles are unsuitable for particu-
lar ground conditions

Bored and cast-in-place piles The cheapest forms
are the simple, mechanically augered piles sunk without

(3)
(4)
(5)
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any casing However, they are only suitable for reason-
ably firm to stiff fine soils The cost increases when
casing has to be mstalled and withdrawn and the slower
conventional bonng methods must be used The use of
continuous flight auger piling avoids problems with
casing

The enlarged base in favourable soils has advantages
in permitting shorter piles, so bnnging them within the
depth range of a particular type of mechanical ng.

The use of dnlhng with continuous flight augers or
under bentonite slurry has overcome many of the prob-
lems associated with ground water and the loosemng of
granular soils

Very often headroom conditions decide the type
of pile
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9.1 Site preparation

Present-day foundation construction methods involve
a high degree of mechanization Optimum working
speeds of plant are achieved only in clear working
conditions giving maximum mobility for the plant and
vehicles Therefore, an efficient and well-maintained
system of temporary roads should be provided on
extensive sites in order to achieve and maintain a rapid
tempo of construction in all weathers. Equally import-
ant is attention to site drainage to give dry working
conditions and to avoid unnecessary pumping Special-
ist operations such as piling and diaphragm wall con-
struction require stable working areas for the mechamcal

plant

9.1.1 Temporary roads

The form of construction of temporary roads depends,
of course, on the subgrade soil conditions On well-
drained sandy or gravelly soils, no construction will be
necessary other than grading to levels and rolling to
give a good running surface Sandy surfaces are liable
to rutting in very dry weather or during heavy rain If
required, increased stability can be obtained by rolling
in quarry or industrial waste.

Construction traffic can run on a clayey or silty soil
when it is dry Thus, if it is certain that all construction
requiring transport over the site can be completed in
the dry season, site roads are unnecessary However, if
the construction programme requires work to continue
through the winter and in all periods of rainy weather,
then some substantial form of temporary road construc-
tion is essential. It is also important to construct these
temporary roads before the onset of wet weather All
too often it happens that no thought is given to the need
for site roads while traffic is running unhampered over

the dry sunbaked clay Then the rains start and, witlun
a day or two, deep wheel ruts start to form The churned-
up area gets wider and wider as drivers seek fresh routes
on undisturbed ground, until eventually the whole site
is a morass Water lies in ruts, and thus aggravates the
softening and slows down the drying Drastic measures
are taken when the vehicles are floundering to a stand-
still all over the site Lorry loads of hardcore are tipped
on the site and bulldozed out to form a road Half of
this material is 'lost' as it sinks into the liquid mud and
the remainder continues to sink down as mud is squeezed
up between the interstices of the stones under the
weight of vehicles Eventually, some 1—1 5 m thickness
of material has to be spread before a rough and wavy-
surfaced road is obtained. This description is in no way
exaggerated It is inevitable when construction of site
roads is left too late It is also a false economy to make
the site roads too narrow On narrow roads passing
vehicles are forced to run off the road, when near-side
wheels become bogged and the haunches of the road
are broken down

By constructing the roads before the onset of the wet
weather, advantage can be taken of the high bearing
value of the dry clay to economize in thickness of road
material, although some allowance must be made for
softening of the subgrade due to limited percolation of
water through the surfacing The cost of providing an
impervious bitumen surfacing to temporary roads can-
not usually be justified, and in any case such surfacings
are liable to disruption by tracked vehicles

In very soft or peaty soils consideration should be
given to spreading geotextile mattresses on to the exist-
ing cleared ground surface before laying the granular
base of the site road These synthetic materials possess
considerable tensile strength which allows light earth-
moving vehicles to operate on them while spreading
and levelling the base material

'SW
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9.1.2 Site drainage
Much can be done to improve working conditions m wet
weather by attention to the surface and subsoil water
drainage This is imperative for construction in tropical
or subtropical climates where heavy rainstorms can
cause rapid flooding or erosion of a site with conse-
quent damage to partly constructed works If temporary
roads cross ditches, these should be piped beneath the
roads, and any ditches running towards the working
area should be diverted Any existing subsoil drains
which may be exposed by excavations should be care-
fuliy inspected If they appear to be 'live' they should
be intercepted by a cross drain and led to the nearest
ditch or surface-water sewer It is highly wasteful to
pump surface water from excavations which nught be
prevented from entering the excavation by a few well-
placed cut-off ditches or stone-filled drains

9.1.3 Site preparation in built-up areas

Site preparation in built-up areas should include tracing
and clear marking of existing underground telephone,
television, and power cables, gas and water mains, and
sewers This is important since many fatal accidents
have been caused by men or machines striking electric
cables and gas mains, and the cost of repairing trunk
telephone cables can run into many tens of thousands of
pounds The bursting of a water main can be disastrous
to a partly completed excavation if flooding causes
collapse of the sides Safety precautions should be taken
in consultation with the supply authorities wherever
site roads or tracks are crossed by overhead cables

If deep excavations, blasting, or pile driving are to
be camed out near existing structures, careful inspec-
tions should be made jointly with the property owners
to determine whether there are any signs of cracking or
settlement Any cracks should be photographed and
marked with tell-tales During the progress of the work,
periodic levels should be taken on nearby buildings and
measurements made of the widths of cracks at tell-tale
positions as a check on possible movement It is sur-
prising how often property owners are quite unaware
that their buildings are cracked and m all good faith
make claims against the contractor if their property is
shaken by blasting or pile dnving

9.2 Excavation methods

9.2.1 Bulk excavation

The choice of plant for bulk excavation is largely deter-
mined by the quantity and by the length of haul to the

disposal point If the tip area is close to the excavation,
say within 100 m, then the earth can be moved by load-
ing shovelorbuildozert Longer hauls (say 100—600 m)
require crawler or rubber-tyred tractor-drawn scrapers
For even longer hauls of about 600—800 m, then the
faster-moving rubber-tyred tractors are required for haul-
ing the scrapers However, the size and depth of the
excavation and the soil conditions must be favourable
for economical use of scrapers, they are unsuitable for
deep excavations covering a small area since the ramp
roads enabling the scrapers to climb in and Out of the
cut cannot be convemently arranged There must also
be room for the scraper to turn in the cut These
machines are best suited to fairly large areas of shallow
excavation They can excavate all soil types except soft
clays and silts Soft or laminated rocks, such as shales or
marl, can be dealt with if loosened by a ripper or rooter
Scrapers are unsuitable for haulage over public roads

If the haul distance for the excavated material ex-
ceeds about 800—1000 m, then excavators loading
into tipping wagons are required Types of mechanical
excavator available include the face shovel, backacter
(backhoe), grab, and loading shovel

Loading shovelsmounted on rubber-tyred or crawler
tractors are a convenient and almost umversal method
for moderate to shallow excavation in fairly small areas,
and also in deep excavations for operating beneath the
bracing frames

The face shovel is the most efficient type of exca-
vator for large quantities of bulk excavation The height
of the face is limited only by the size of the machine,
but it is uneconomical for face heights lower than about
1 m The important feature of a face shovel from the
aspect of foundation excavation is that it must stand at
excavation level and feed into wagons also standing at
the same level This requires a ramp road to enable the
machine to dig its way mto the excavation and to climb
out again For this reason face shovels are unlikely to
be suitable for deep excavations in confined areas where
there is no room to form the ramp road

Backacters are very suitable machines for deep ex-
cavation in small areas such as for column bases or for
trench excavations, Hydraulically operated machines
with long arms can stand at ground level and work in
confined areas for basement excavation without the need
for constructing ramp roads.

Grabs (clam-shell buckets) suspended from mobile
or demck cranes or from excavator-type cranes are

t The types of mechanical plant available for earthmoving are too
many and diverse for detailed descnption and illustration in this
book The reader is referred to BS 6031 Earthworks, for general
descriptions
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rather slow in operation due to the time required to
close the grab and wind it into and out of the excava-
tion However, they are a suitable type of excavator
for deep excavations in small areas in shafts and
trenches Powered grabs operating by rope suspension
or from ngid 'kelly' masts are used for deep trench
excavations in diaphragm wall construction (Sec-
tion 5 4)

9.2.2 Rock excavation

The use of explosives to break up the rock in advance
of mechamcal excavation is necessary in all but the
weakest rocks such as weathered mudstones, chalk, and
shales Explosives are sometimes necessary in shales to
loosen the layers, especially if, as is often the case, they
are interbedded with sandstones and siltstones How-
ever, the use of explosives involves noise and vibration
and the risk of annoyance to the public and possible
damage to property Much can be done to mimnuze
blasting vibrations by limiting the weight of charges
and the use of delay detonators Expert advice from
manufacturers of explosives should be sought on these
aspects of the work, and general guidance is given in
Bntish Standard Code of Practice CP 5607 Safe Use of
Explosives in the Construction Industry

Excessive overbreak in excavations in hard rock can
be avoided by adopting 'pre-splitting' techniques in
which a line of close-spaced holes are drilled along the
perimeter of the excavation for its full depth In favour-
able rock conditions it is unnecessary to charge these
holes with explosives since detonation of the main
charges placed in the normal pattern of blast-holes within
the excavated area should fracture the rock along the
line of the close-spaced holes However, to ensure effec-
tive pre-sphtting, light charges should be detonated in
the holes before finng the main charges in the holes
within the excavated area

If the proximity of buildings prohibits the use of
conventional explosives, then there is no alternative
to brealung up the rock piecemeal by hand-held
pneumatic breakers or tractor-mounted mechamcal
breakers These types of breaker inevitably cause noise
and vibration, and if these must be avoided at all costs
it will be necessary to resort to special methods of
loosening the rock These mclude freezmg water m drill-
holes by liquid carbon dioxide or the use of hydraulic
burster cartridges Holes for these methods can be drilled
without much noise or vibration by rotary core drills or,
if no noise at all can be permitted, by the thermic lance
method In the latter method drilling rates up to 9 rn/h
to a depth of 36 m have been observed in gramte The
size of the hole is 150—250 mm diameter However, all

these special methods are necessarily costly and are
only considered in special circumstances

9.3 Stability of slopes to open excavations

9.3.1 General considerations

Three main considerations govern the determmation of
stable slopes for open excavations The first of these, as
would be expected, is the type of soil The second is the
length of time over which the excavation is required to
remain open, and the third is the permissible degree of
risk of slipping For example, if important property is
close to the top of an excavation there must be no nsk
of a slip, and a high safety factor must be adopted
Similarly, there must be an adequate safety factor if a
slip could damage a partly completed basement retain-
ing wall or undermine a sewer or water main On the
other hand, if slipping causes no damage to existing or
new structures and if excavation plant is on hand to
clear away slipped material, then it is justifiable to take
some risks in the interests of economy in the total quan-
tity of excavation, provided of course that there will be
no danger to operatives This latter factor is important
in narrow excavations and will be discussed in greater
detail in Section 94

9.3.2 Slope stability infine-grained soils

It can be shown theoretically9 that an open excavation
in a normally consolidated clay soil will stand vertic-
ally without support provided that the height of the face
does not exceed the critical height (H,j, where

H
1

where ö,, is the average undrained shear strength of clay
and 1 the density of clay Values of H for clays of
various consistencies are as follows

Very soft Soft Firm

0—175 175—350 350—700
Cntical height (m) 4 4—8 8—16

However, the above critical heights can rarely be adopted
because of changes in the stability of the ground with
the passage of time as a result of changes in pore-water
pressure behind the face on release of lateral pressure
This is particularly important in fissured or laminated
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clays, the stability of which may be provided by negative
pore-water pressures which serve to keep the fissures
tightly closed when the mass of clay remains undis-
turbed However, on removal of lateral pressure by
excavation the change from negative to positive pore
pressures may take place in minutes, hours, or days,
and instead of the clay being held together at the fissures
it is liable to slide in a mass of small fragments falling
from the face or in the form of a massive bodily slip
along a well-defined fissure plane The author conducted
experiments to ascertain the 'stand-up' time of vertical-
side trench excavations at Imnungham where a shallow
fissured desiccated crust of firm to stiff alluvial clay
was overlying very soft to soft alluvial peaty clay The
following times were observed

Depth of trench (m) Tune in minutes after
commencement of excavation for

Partial collapse Complete collapse

29
41
47
52
55
55

37
27
14
33
18
26

49
39
35
40
23
34

In soft or firm normally consolidated clays (which are
generally unfissured), long-term drying will open up
cracks in the soil Water getting into these at times of
subsequent rain is liable to force off a mass of clay
from the face Thus, in all cases the excavated face
should be cut back in nonnally consolidated clays
The degree of cuttmg back is a matter of experienced
judgement, taking into account the tune over which
the excavation is required, damage to temporary or
permanent work, or danger to operatives

Where long-term stability is required in normally con-
solidated soft to firm clays the required slope for a given
safety factor can be determined with fair accuracy by
the normal slip circle analysis, provided that there is
reasonably adequate information on the drained shear
strength of the soil. The safety factor depends on the
risk involved in a major slip If this would not cause
damage to property or risks to life, then a low safety
factor, say 1 2—1 3, is suitable If it is essential to avoid
any risk of slipping then a safety factor of 2—3 would
be required It must be remembered that a rotational
slip involves the movement of a considerable body of
earth accompanied by upheaval at the toe Therefore, in
deep excavations the trouble and expense in clearing a
large mass of slipped earth must be kept in mind when

assessing the safety factor The risks of slipping are
greatly increased if spoil is tipped close to the top of
the slope The stability analysis should take account
of this possibility and, if necessary, the spoil tip must
be moved back to a safe distance beyond the top of the
slope

Stiff glacial till will stand near vertically over long
periods with only minor falls from the face as a result
of frost damage or erosion from sandy lenses in the
clay The main risk of instability of clayey glacial till
slopes lies in the possibility of lenses or pockets of
water-bearing sand and gravel in the clay and of poss-
ible massive falls from a steeply cut face where the till
is intersected by fissures

The excavation for a dry dock at South Shields,
described by Stott and Ramage,92 was an excellent ex-
ample of how a stiff unfissured glacial till (avenge shear
strength 120 kN/m2) can stand at a very steep slope
The 12 m deep excavation was cut with nearly vertical
sides, and the face at any point remained unsupported
for periods of up to six months while precast concrete
buttresses were propped against the face and in-situ
concrete panel walls were cast between them (Fig 9 1)
There is no doubt that this construction method gave
a very considerable saving in money over the then
conventional method of constructing dock walls in
a timbered trench However, it is doubtful that this
method would have been accepted under present-day
safety regulations

Stiff-fissured clays can give difficult problems in slope
stability Because of the unpredictable effect of pore-
pressure changes on removal of overburden pressure,
the safe slopes over the normal construction period for
foundation excavations cannot be calculated from a
knowledge of shear strength of the soil. Some observa-
tions collected by the author on the stability of excava-
tion slopes in London Clay are shown in Table 9 1
Slips in an unstable slope in this type of clay take
the form of a rotational shear slide of a large mass of
clay (Fig. 92) or minor falls caused by slipping or
crumbling along a well-defined fissure plane (Fig 93)
If there are no risks to structures or property above the
crest of the slopes they can be excavated at 1 in '/2 This
batter will not by any means ensure freedom from slip-
ping, but the mass of the slips should be small enough
to avoid undue trouble in clearing them or to avoid
damage to partly completed structures If slipping is
likely to undermine structures or to give risks to life,
then a slope of 1 in 2 or 2Y2 must be provided or else
the face must be strutted

The short-term risks of slipping of a steeply cut face
can be reduced by protecting the slope with tarpaulins
or polythene sheeting This was done on a site in north
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Figure 9.1 Vertical face of stiff glacial till in
excavations for dry dock at South Shields
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Table 9.1 Stability of excavations at the construction stage in London Clay

Stability of slopes to open excavations 395

Site Total height (m) Slope ver honz Stability conditions Reference

Northolt, Middx 24 1 1 Wholly in brown London Clay, unstable

Isleworth, Middx 37—43 1 ÷ Wholly in stiff blue London Clay,
stable except for minor shallow slips
5 months after excavation

Muswell Hill, London 6 1 Vertical Whoily in brown London Clay, slipped
6 weeks after excavation

Tomlinson (l954)

Mill Lane, London 6 1 1 + Wholly in stiff London Clay, slipping
arrested by covenng slopes and 1—2 m
back from crest with tarpaulins

Serota (l955)'

Bradwell-on-Sea, Essex 70 1 4- Wholly in brown London Clay, stable
4 months after excavation

Meigh (l957)

Paddington 7 6 Vertical Wholly in London Clay, stable Skempton (l954) 6

North London 85 1 ÷ Wholly in stiff brown London Clay,
stable for 6 weeks

London Airport 76—9 1 1 14- 36—46 m gravel overlymg stiff blue
London Clay, extensive slipping
about 6 weeks after excavation

Tomhnson (1954)°

Euston 9 1 Vertical Wholly in London Clay, stable Skempton (l954) 6

Bradwell-on-Sea, Essex 13 7 1 1 in overburden
1 + in London Clay

24 m fill,
27 m marsh clay,
7 3 m brown London Clay,
1 2 m blue London Clay, slipped 19
days after excavation

Meigh (l957)

Bradwell-on-Sea, Essex 148 1 1 in overburden
1 + in London Clay

3 5 m fill,
27 m marsh clay,
73 m brown London Clay,
1 2 m blue London Clay, slipped 1 day
after excavation

Meigh (1957)'

London (Fig. 9.4) where tarpaulins prevented mgress
of rain and water leakages from construction opera-
tions into fissures in the clay The tarpaulins remained
in place until the installation of ground anchors to re-
strain the sheet piles supporting the excavation had been
completed allowing the clay berm to be removed

More substantial forms of protection of steeply cut
slopes in stiff-fissured clays are needed where the
excavation is required to remain open for periods of
weeks or months An example of this is the 19.5 m
deep excavation in completely weathered granite for
Orchard Station on the Singapore Metro97 The granite
had weathered to a stiff clay consistency and a 1 to 5
vertical slope was adopted for the penod of construc-
tion as shown in Fig 95 The original intention was to
use soil nails (unstressed ground anchors) with a length
of 5 m in the upper slope and 7—10 m in the lower
slope However, movement was detected when the
excavation had been taken down about 6 m Longer
soil nails were then adopted as shown in Fig 95, and

they were supplemented by horizontal bored drains to
relieve pore pressures building up behind the slope
Shotcrete (sprayed fine concrete) was used as surface
protection

Shotcrete consists of a cement aggregate mixture in
the proportions of one part of cement to three to five
parts by weight of aggregate The maximum size of the
aggregate is 5—20 mm depending on the type and size
of gun being used for application The matenal passmg
a 0 125 mm sieve should be at least 3 per cent of the
total Before application the surfaces to receive the
shotcrete are cleaned with a water and air jet to remove
loose material. On vertical or steeply inclined surfaces
the shotcrete is then applied in successive layers of
20—60 mm. The previously sprayed layer should have
commenced to bond before applying the next layer, but
the time interval between each application should not
be more than 24 hours The amount of water used in the
mix should be just sufficient to give good bonding prop-
erties with a minimum amount of rebound Curing by
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Figure 93 Minor slipping from 1 ÷ slope in stiff-fissured London Clay, Middlesex Note smooth appearance of fissure planes

water spray should commence as soon as drying patches
are seen on the completed surface Drainage holes are
required through the shotcrete layer to prevent build-up
of water pressure

9.3.3 Slope stability in coarse-grained soils

Dry sands and gravels can stand at slopes equal to their
natural angle of repose no matter what the depth
Values of the angle of repose quoted by Terzaghi and
Peck are as follows

Angles of repose for dry sands

Round grains uniform Angular grains well graded

Loose
Dense

28 5° 34°
330° 46°

Damp sands and sandy gravels possess some cohesion
and can stand vertically for some time It is usual to

excavate these materials to a steep batter for construc-
Don periods of up to a few weeks (Fig 96) Instability
of steep slopes in these soils can be caused by erosion
from surface water or wind or by degradation from
construction operations Stability can be maintained by
spraying the excavated face with cement mortar or fine
concrete The protective layer is remforced with wire
mesh restrained from movement by short unstressed
ground anchors (soil nails) Water-bearing sands are
very troublesome m open excavations; if they are cut
steeply, seepage of water from the face will result in
erosion at the toe followed by collapse of the upper part
of the face until a stable angle of 15_200 is eventually
reached Further information on the measures to avoid
instability of slopes in water-bearing ground is given in
Sections 112 and 11 3

Water-bearing sandy soils are particularly trouble-
some when mterbedded with thin layers of silt or
clay This type of ground is not uncommon in glacial
deposits. The silt or silty sand is liable to bleed from
the face, causing undermining and collapse of the more
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Figure 9.5 Slope protection by soil nailing and drainage,
Orchard Station, Singapore (after Hulme et a!9 7)

stable layers (Fig 9 7) Because of the impenneable
layers it may not be possible to use a ground-water
lowenng system, sheet piling to exclude ground water
is often the only answer in this type of ground

Dry silt will stand unsupported vertically, especially
If it is slightly cemented For example, bess soils found
m the USA, the former USSR, and Middle Eastern
countnes are slightly cemented silts which can stand
vertically to heights of more than 15 m Indeed, excava-
tions in such soils should preferably be cut vertically to
avoid severe erosion due to water flowing over them
Uncemented dry silt is hable to flow like a liquid when
subjected to vibrations and wetsilt is one of the most
troublesome matenals which can be met in excavations
Seepage of water from a steeply cut face in silt causes
the matenal to flow outwards from the toe at a very flat
gradient, this is followed by slumping of the upper part
and the whole face is progressively undermined until it
eventually attains an overall stable angle

Figure 9.4 Berm slope 1 ÷ protected by tarpaulins while anchors are being installed in sheet piling driven behind berm,
north London
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Figure 9.6 Stable excavated face in damp fine sand, Kent

9.3.4 Slope stability in rocks

It must not be taken for granted that rock excavations
will stand with vertical slopes without trouble Their
stability depends on the angle of the bedding planes
and the degree of shattering of an unsound rock For
example, dangerously unstable conditions can occur
if bedding planes slope steeply towards an excavation
(Fig. 9 8(a)), especially if there is ground water present
causing lubrication along the bedding planes Stable
conditions are assured only when the bedding planes
are near the horizontal or slope away from the excava-
tion (Fig 9.8(b)) Shattered rocks consistmg of a large
mass of loose fragments are liable to fall from a steeply
cut face causing undermining and major collapse of
overlying sound rock (Fig 9 8(c)) Instability may
occur due to topplmg failures at re-entrants in steeply
cut rock slopes where blasting and relief of overburden
pressure cause opening of vertical fissures surrounding
large blocks of rock behind the face These conditions
are shown in Fig. 9 9

Grouting of rock bolts provides a more durable an-
chorage with less nsk of shpping than ungrouted solid
rods, which rely for anchorage solely on the friction

on the wedge. Long-term creep of the rock stressed
by the wedge can cause relaxation of the anchorage
Retightemng is then required to restore the ongmal
value Washer plates, light steel sections, or steel mesh
are used between the bolts to support the rock face The
type of supporting medium depends on the closeness of
the joints in the rock.

Risks to operatives from rocks falling from a steeply
cut face can be avoided by suspending heavy steel mesh
from the top of the rock face The mesh should be
suspended well clear of the face to allow the rock to
fall behind the mesh. Scrap anti-submarine netting has
been used for this purpose

Horizontally bedded mudstone or chalk can stand
vertically to a considerable height, but are liable to long-
term disintegration of the face by frost The falls caused
by frost action from a vertical face in chalk may be
fairly extensive, but a 600 slope will remain generally
stable for many years, although there will be a gradual
accumulation of debris at the toe. A 450 slope in chalk
will be virtually trouble-free, especially if it can be
covered with turf to bind the surface and prevent ero-
sion of frost-loosened matenal

Excavation in scree or boulder debris can be very
difficult and adequate slopes must be given in order to
avoid dangerous slides of boulders

Further information on the stability of slopes in
various types of rock formations is given in BS 6031,
Code of Practice for Earthworks This gives useful, but
dated, information on excavation and ground support

9.3.5 Computerized methods of slope
stability analysis

Slope stability analysis provided one of the earliest
areas of application of computer-based methods Many
programs have been developed to assist in the rapid
and efficient assessment of slope stability by approaches
such as that of Fellenius (Swedish circle method), and
the various methods of Bishop and Janbu Figure 9.10
shows typical plotted output from such a program, in
this instance the SLOPE program developed as part of
the Ove Arup & Partners OASYS system With some
programs it is also possible to analyse non-circular
failure surfaces

9.4 Trench excavation

An important factor in trench excavations for strip foun-
dations or for retaining walls to basements is the stabil-
ity against collapse of the trench sides Such a collapse
in a deep and narrow trench would be very likely to kill
anyone in the trench beneath the fall In Britain there is

V
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Figure 9.8 Stabihty conditions in rock excavations (a) Unstable conditions (b) Stable conditions (c) Unstable conditions

no delimte requirement in the Factones Acts to timber
trenches m all circumstances

Regulation 8(i) of The Construction (General Provi-
sions) Regulations, 1961, states

An adequate supply of timber of suitable quality or
other suitable support shall where necessary be pro-
vided and used to prevent, so far as is reasonably
practicable and as early as is practicable m the course
of the work, danger to any person from a fall or

dislodgement of earth, rock or other matenal form-
ing the side or roof of or adjacent to any excavation,
shaft, earthwork or tunnel

Provided that this Regulation shall not apply

(a) to any excavation, shaft or earthwork, where,
havmg regard to the nature and slope of the
sides of the excavation, shaft or earthwork and
other circumstances, no fall or dislodgement of
earth or other matenal so as to bury or trap a
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Figure 9.7 Collapse of slopes in waler-bearing fine sand interbedded with sill and clay layers, Co Durham
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person employed or so as to strike a person
employed from a height of more than four feet
(1 219 m) is unable to occur, or

(b) in relation to a person actually engaged in tim-
bering or other work which is bemg camed out for
the purpose of compliance with this Regulation,
if appropriate precautions are taken to ensure
his safety as far as circumstances permit

Thus, the decision whether or not to support a trench,
or the amount of support that is necessary, rests with
the engineer. The usually accepted procedure is to
provide some form of support, no matter what the soil
conditions, whenever the trench is of such a depth that
a collapse will cause death or injury to workmen This
usually requires support to the sides of all trenches
deeper than 1 2 m Having decided to timber the trench,
considerable judgement is then required on the amount
of sheeting and strutting necessary This aspect will be
discussed rn the next section of the chapter

The choice between excavating a trench with sup-
ported vertical sides or with unsupported sloping sides
is generally a matter of economics However, there are
circumstances where timbered trenches are unavoid-
able, such as in a restricted working area where space
is not available for a wide trench, or in water-bearing
sands which would cause slumping-rn of the trench sides
to a very flat angle of repose The unsupported trench has
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Figure 9.9 Re-entrant in steep rock slope showing undermining
of Coal Measures sandstone by crumbling of underlying shales,
South Wales (Sandstone blocks have fallen where vertical
joints emerge on face)
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Figure 9.10 Plotted output from computerized slope stability analysis
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the advantage of a clear working space unhampered by
struts, but a deep trench requires the slopes to be cut
well back to ensure the safety of the workmen, and the
cost of this extra excavation together with the additional
cost of carefully replacing and ramming the backfihled
soil might well outweigh the cost of supporting a
vertical-sided trench to the same depth

It must be remembered that operatives working in
excavations are at nsk from causes other than the col-
lapse of soil Equipment or materials carelessly left on
the ground close to an excavation can fall on opera-
tives, and vehicles can run over the edge of an unfenced
hole Therefore careful attention should be given to the
provision of bamers, toe boards and walkways, with a
clear space between the edge of the excavation and any
stock-piled materials or equipment

Much useful and detailed information on supporting
trench excavations is given in reports by the Construction
Industry Research and Information Association98 99

9.5 Support of excavations

9.5.1 General principles of design

The design of temporary supports to the sides of ex-
cavations is governed by the soil and ground-water
conditions, and by the depth and width of the exca-
vated area In water-bearing sands and silts continuous
support will have to be given to the face by means of
timber runners, steel trench sheets, or sheet piling
With each of these methods it is necessary to drive
the face support ahead of the excavation Firm to stiff
clays, compact dry or clay-bound gravels, compact or
cemented sands, shales and stratified rocks can stand
unsupported for varying lengths of time Therefore, in
these types of ground it is only necessary to provide
support at an open spacing sufficient to withstand in-
ward yielding of the mass of ground behind the face,
and to avoid the risk of collapse of the sides due to, say,
opemng of fissures in a stiff clay or weakemng along
the bedding planes of a dipping rock stratum

Wide excavations require heavier bracing to the
frames of walings and struts than do narrow trenches or
small shafts, and in the case of very wide excavations it
will be necessary to support the face by raking struts or
shores, or to tie it back by ground anchors

Design of support schemes in advance of construc-
tion and the ordenng of only sufficient material for the
work will ensure safety in construction and will avoid
waste and excessive cutting of the members It must
also be noted that a good design of a support scheme is
one which permits easy striking A design which neces-
sitates cutting or smashing up of valuable matenal in
heavy walings and struts in order to remove them on

completion of the temporary work is thoroughly waste-
ful Considerations of safety in restricted conditions also
require ease of striking

9.5.2 Support of excavations in loose sands and
gravels, and soft clays and silts

In these ground conditions it is necessary to provide
continuous support to the face by close sheeting, and it
is also necessary to place the members in position as
quickly as possible in order to avoid the sides slumping
in The close support can be provided either in the form
of runners, or sheet piles driven ahead of the excava-
tion or by placing horizontal laggings or sheeting
behind soldier piles driven in advance of excavation

In the following pages there are a number of ex-
amples of excavation by manual methods using timber
as support This may seem rather archaic and unecon-
omic in the present-day climate of mechanized construc-
tion and the use of mini-tunnelling to avoid the need
for trenching However, there are many situations where
manual methods are unavoidable, e g when excavating
around and beneath underground services Timber,
which can be readily cut to size, is light, and easy to
handle, is the ideal material for ground support

Timbering with runners The procedure in install-
ing timber runners or steel trench sheets is shown in
Fig 9 1 1(a)—(d) A shallow excavation is first taken out
and guide walings and struts are placed (Fig 9 11(a))
The walings are temporarily blocked off the face by
short boards (uprights) placed behind them These en-
able the struts to be tightened and cleats or lip blocks
are nailed or bolted to the ends of the struts These are
an important detail since they prevent the struts from
falling if they work loose due to shrinkage of the tim-
ber or distortion of the walings The struts are tightened
by cutting them slightly too long and then driving one
end with the other held in position, until they are at
right angles to the waling Alternatively, steel screw
struts or hydraulic trench jacks can be used Heavy
struts are tightened by folding wedges at one or both
ends or by jacking. Timber runners or trench sheets are
then pitched behind the walings In clays their lower
ends or runners are sharpened with the bevel towards
the face This keeps them hard against the face as they
are driven down However, sharpening is not advisable
in gravels because of the risk of splitting or 'brooming'
as they are driven down To facilitate pitching and driv-
ing long runners, an external guide waling is placed
about 1 m above ground level. This can conveniently
form part of a trestle used by operatives in driving down
the runners by a heavy maul A wedge or 'page' is
placed between the runners and the waling to allow the
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Figure 9.11 Support of excavations in loose soil with runners (a) First-stage excavation (b) Second-stage excavation (c) Pitching
second set of runners (d) Completed excavation

Puncheon
between walings

(c) (d)
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runners to be dnven down and then tightened against
the face of the excavation one at a time When the
excavation reaches the level of the second bracing frame
the walings are threaded through the struts of the top
frame and then set in position Longer uprights are set
between the walings enabling the struts to be tightened
against the face Puncheons are placed between wahngs
to support the top frame and lacing boards are nailed
vertically between pairs of struts (Fig 9 11(b)) The
purpose of the lacing boards is to brace the two frames
together, so preventing distortion resulting from un-
even ground movements on either side of the excava-
tion, and also to act as a safeguard against buckets or
skips catching and lifting the struts as they are lifted
out by crane The excavation may then be taken deeper
and, if necessary, a third frame is set and further pun-
cheons and lacmgs are fixed between the second and
third frames The bottom frame is supported by pun-
cheons on footblocks on the bottom of the excavation

If the excavation has to be taken deeper than the
runners, which are not usually more than 5 m long, a
second setting of runners is placed withm the walings
of the top setting and an inner guide waling is also
placed (Fig 9 11(c)) These runners are then driven
down in a similar manner to the top setting with
bracing frames of walings and struts as necessary (Fig
9 11(d)) There will, of course, be gaps between the
runners at the ends of the struts of the top setting, these
are filled with short horizontal boards or cross poling,
tacked behind the runners as the excavation is taken
down

If still deeper excavation is required, a third setting
of runners can be adopted, but this means that the ex-
cavation at the top setting will be about 1 m wider than
at the third setting with a corresponding increase in
volume of excavation Thus there is an economical limit
to the number of settings that can be used in deep ex-
cavations, at some stage the use of long sheet piles or
horizontal laggings will be more economical

Support by sheet piling Steel sheet piling driven by
a piling hammer selected from the types described in
Chapter 8 permits much deeper settings In favourable
ground conditions sheet piles can be driven in 15 m
lengths ahead of the excavation, but in unfavourable
ground such as compact gravel or soil containing cobbles
or boulders it will be preferable to drive in shorter
lengths and it may be necessary to excavate down and
remove boulders from beneath the sheet piles as they
are progressively driven deeper Attempts to drive sheet
piles too deeply m these ground conditions can lead
to parting of the sheet pile clutches with consequent
troublesome runs of water and sand into the excava-

tion The use of sheet piles also permits a much wider
spacing of bracing frames However, dnving sheet
piling can mvolve noise and vibration with annoyance
to the public in populated areas and possible damage to
property The Silent pile driver operates hydraulically
without noise or appreciable vibration (see Section 103)
Also hammers can be fitted with sound-absorbent
shrouds, or used inside a similar type of box Further
information on available sections and handling and
driving sheet piling is given in the section on cof-
ferdams in Chapter 10

Difficulties occur from time to time where sheet piles
are driven into stiff clays to some depth below excava-
tion level, either to obtam support in passive resistance
or as a cut-off against water When the sheet piles are
extracted clay wedged into the 'pans' is lifted with the
piles leaving large voids below excavation level and
possible disruption of permanent work The practice of
driving sheet piles to depths of more than about 05 m
below excavation level should be avoided if at all
possible in situations where the permanent work is
close to the margin of the excavation

Horizontal timbering The other method mentioned
above is to support the ground by horizontal laggings
between soldier piles This method is normally applied
to deep excavations The soldier piles are usually rolled-
steel broad-flanged universal bearing pile sections driven
before excavating from ground level to a level 1—2 m
below the bottom of the excavation As the excavation
is taken down timber planks are inserted horizontally
between the flanges of the piles (Fig 9 12) and held
against the face by wedges Precast concrete planks are
not satisfactory for the honzontal lagging since the
soldier piles can rarely be installed truly vertically
Thus some cutting of the honzontal members to make
them fit between the soldiers is usually necessary It is
also necessary to expose the ground over a depth of
two or three boards to provide enough space to shp one
board between the flanges In loose ground the boards
can be secured to the exposed face of the inner flange
of the piles by special clips Driving the soldier piles,
which are usually some 3—4 m apart, involves con-
siderably less duration of vibrations than driving steel
sheet piling Where pile driving vibrations must be
avoided the piles can be installed in holes drilled by a
bonng machine Below excavation level the embedded
lengths of the piles are surrounded by concrete or a
sand—cement grout

In water-bearing ground it is important to leave nar-
row gaps or louvres between the boards to allow drain-
age, so avoiding build-up of hydrostatic pressure behind
the timbering Where inflowing water causes erosion in



the soil it can be checked by temporary earth banking
and ditches to lengthen the seepage path (Fig 9 13)
The soldier pile method can also be used in conjunction
with vertical runners as shown in Fig 9 14 A waling is
placed to span between the soldiers and the runners
pitched behind Further walings are set as the excava-
tion progresses deeper Where it is essential to avoid
noise or vibration the soldiers can be set in pre-bored
holes

Honzontal timber sheeting can also be used in shal-
low excavations when short vertical walings are used
to support the ends of the planks
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9.5.3 Support of excavations in stiff clays,
compact or cohesive dry sands,
or weak rock strata

These materials can usually be relied upon to stand
unsupported for a varying length of time, but support is
eventually needed to prevent yielding and settlement
of the adjacent ground surface and to ensure the safety
of workmen Their ability to stand for a time without
support greatly simplifies procedure in timbering In
trench excavations one of the simplest forms is the open
timbering shown in Fig 9 15

After reaching the bottom of the excavation, 50—
100 mm boards are placed against the face at each end
of the walings The walings are then placed and strutted
across, further boards being placed at each intermediate
strut position and, if necessary, at intermediate posi-
tions between struts If necessary, additional packing
timbers are placed behind the boards if the face has
been cut to an irregular line If the boards are at 2 m
centres the system is known as 'open timbering' and
for this spacing the walings can be omitted, each pair of
boards being individually strutted by 'pinchers' Boards
at 1 m centres are 'half timbering' and at 05 m centres
'quarter timbering', the final stage being close timber-
ing Open timbering can be used in stiff glacial till or
sound rocky ground Half timbenng is suitable in stiff-
fissured clays or compact, cohesive sandy or gravelly
soils, and close timbering in dry sands and gravels or
crumbly shales or m glacial till to prevent dislodge-
ment of large stones

Figure 9.15 Open timbering in stiff or compact soils

9.5.4 Movable supports for trench excavations

Proprietary excavation support systems for trench ex-
cavation are widely used at the present day because of
their rapidity in installation and removal, the avoidance
of risks to operatives, and the lack of operatives skilled
in the timbering method described in the previous sec-
tions The principal types listed in CIRIA Technical
Note 9599 are

Hydraulic frames (waling frames)
Shores
Boxes
Sliding panels
Shields

All the above systems can be used m reasonably stable
ground which can stand unsupported for a sufficient
length of time to lower the members into the trench
None of them requires the operative to work within an
unsupported excavation, in fact they function more as
a means of protection for the operative than as givmg
positive support to the ground They are suitable for
work in firm to stiff clays, damp sands and gravels,
and weak weathered rocks They can be used in water-
bearing gravelly sands, sands and sandy silts if the
ground water has been previously lowered by a welipoint
or bored well system (Section 11 2)

Hydraulic frame supports are shown in Fig 9 16
The first stage consists of setting trench sheets (run-
ners) in the excavation at a spacing which depends on
the stability of the ground (Fig 9 16(a)) The sheets are
pushed into the soil below the trench bottom to a suffi-
cient depth to make them temporarily self-supporting
The lower frame consisting of a pair of wahngs connected
by hydraulically operated struts is then lowered into the
trench with the pressure hoses attached to a pump at the
ground surface (Fig 9 16(b)) The pump is then operated
to expand the struts and force the sheets against the
sides of the trench The upper frame is finally lowered
into place and secured in the same way (Fig 9 16(c))

Shores consisting of separate pairs of steel trench
sheets forced apart by hydraulically operated struts are
shown in Fig 9.17

Boxes (Fig 9 18(a)) are assembled at ground level
and lowered into a pre-dug trench, or lowered into a
partly dug trench and then sunk as a caisson to the final
level They can be adjusted in width by selecting the
appropnate strut length, and can be used in deep trenches
by stacking one box above another

Sliding panels (Fig 9 18(b)) are assembled by push-
ing two pairs of slide rails (soldiers) into a partly dug
trench (or from the surface in unstable ground). The

Additional boards where
excavation is cut to

irregular line



Figure 9.16 Support by propnetary system with linked waling
frames and hydraulically operated struts (a) Runners set in
place (b) Lower waling frame lowered down (c) Upper waling
frame in place

shding panels are then set between the rails and are
pushed down progressively with the rails as the ex-
cavation is taken deeper In deep trenches the panels
can be stacked one above the other

Shields (drag boxes) as shown in Fig 9 19 consist of
two metal panels permanently welded together, and
towed along the trench by a crane or by the excavating
machine They are best suited as a means of protecting
the operatives in stable ground when they can be set in
a trench with steeply battered sides Minor falls from
the trench sides do not cause problems, but complete
collapse can cause difficulty in extraction

Systems using boxes, sliding panels or shields can-
not be used economically if service pipes or cable ducts
cross the line of the excavation at close intervals Prob-
lems also occur if a heavy lifting effort is required to
move them in a partly collapsed trench or if the trench
has been partly backfilled and compacted m layers above
the permanent work The jerking and rocking of the
units dunng extraction may then displace and damage
the permanent work
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Figure 9.17 A movable support system for trench excavations
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9.5.5 Timbering in shafts

A system of strutting different to that descnbed above
is used in timbering shafts for piers

In the case of small shafts (Fig 920(a)) no struts
are needed since the ends of the walings are self-
supporting where they are 'caught' by the wahngs or
imers on the adjacent sides The arrangement of struts
for a large square shaft (Fig 9 20(b)) is convenient,
as the centre is left clear for hoisting matenals by
crane In the case of rectangular shafts cross struts
may be necessary (Fig 9 20(c)) The striking piece at
the end of one of the wahngs will be noted This
is provided because in a small excavation in swel-
1mg ground the walings can become tightly locked
together The provision of a striking piece, i.e a piece
of softwood which is readily pnsed out by crowbar,
avoids the necessity of smashmg a waling to pieces
to release it

9.5.6 Support of excavations in variable ground

It is quite the usual practice to vary the type of support
for varying soil conditions in a given excavation For
example, Fig 921 shows a method of timbenng suit-
able for a site where loose or water-bearing sands and
gravels or soft clays overlie stiff or compact matenal
The upper part of the excavation is supported by close-
spaced timber runners or trench sheets On reaching the
stiff stratum the support can be changed to open tim-
bering by the 'middle board' method A 'garland drain'
is placed at the base of the water-bearing stratum to
intercept water seepmg through the close timbenng, so
preventing it from accumulating at the bottom of the
excavation in the stiff stratum

The reverse method of support would be used in the
case of, say, a stiff clay stratum overlying loose sand
Open timbering would be set in the stiff material, run-
ners would then be pitched inside the wahngs of the
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upper settings and driven down with the deepemng of
the excavation into the loose matenal

9.5.7 Support of large excavations

Very large excavations can be supported by systems of
raking shores In soft clays or sands sheet piling can be
pre-driven and the excavation is taken down, leaving
a berm to support the sheet piles (Fig 9 22(a)) The
top waling is then placed and raking shores are fixed

(Fig 922(b)) The excavation is then taken deeper and
a second waling is fixed and shored up (Fig 9 22(c))
The third stage of excavation is taken out in short
lengths The third level waling is strutted honzontally
and these struts are later concreted into the floor The
second waling can then be removed to allow space for
constructing the bottom part of the retaimng wall The
ralung shores are braced together and the feet of the
shores bear on king piles, on the partly completed con-
crete floor of the excavation, or on a timber or steel
beam sill held by pins cast into a concrete floor Propn-
etary forms of tubular steel struts or shores are avail-
able They are provided with hydraulic jacks, used to
force them against the wahngs As an alternative to
sheet piling, timber runners can be driven in one or
more settings behind walings in a similar manner to
that descnbed for trench excavations The method
using soldier piles and laggings can also be used with
raking shores (Fig 923) In stable ground the soil
between the soldier piles can be faced with in-situ
concrete reinforced with bars or mesh or cut back to an
arched profile and the exposed face covered with sprayed
cement mortar or concrete This method was used for
the 246 m deep excavation for the four-level under-
ground station at Raffles Place on the Singapore

97 910 soldierpiles were set at 2 m centres in
prednlled holes The excavation was taken out in 2 m

(a)

Figure 9.18 Propnetary trench support systems (a) Box (b)Sliding panel

Figure 9.19 Shield for trench support
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Figure 9.20 Methods of timbering shafts (a) Small shaft (b) Large square shaft (c) Rectangular shaft

(c)

stages when the clayey completely weathered sandstone
was carved back m the form of an arc 045 m deep
Tius was sprayed with shotcrete to form a 75 mm thick
layer reinforced with wire mesh In weak collapsing
soils the arch supports between the soldier piles can be
formed by contiguous flight auger piles (Section 8 14 1)
or jet-grouted columns (Section 11 3 7) installed in
advance of the bulk excavation The concrete in-fill
methods descnbed above are all relatively impervious
and it is important to provide drainage to prevent
the build-up of hydrostatic pressure behind the facing
walls Information on the use of shotcrete is given
in Section 93 2 The layout of raking shores at the

corners of excavations may become rather congested
A suitable arrangement to give improved working space
is shown m Fig 923

The methods of using raking shores, descnbed above,
have disadvantages The shores obstruct the working
area on the floor of the excavation, a flat angle is re-
quired to prevent them from sliding up on the wahngs
or forcing up the walings, and ngid support to the lower
ends is needed to avoid yielding If the excavation is
not too wide it is usually preferable to carry the struts
nght across Careful design with transverse or diagonal
strutting is necessary in order to prevent buckling in
the honzontal and vertical plane of long struts, but at the

(b)

Figure 9.21 Timbenng for shaft in water-bearing sand and gravel overlying stiff clay
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(d)

Figure 9.22 Excavation support by raking shores (a) Sheet piling cantilevers from first stage berm (b) First level waling and
shores fixed (c) Second level waling and shores fixed (d) Third level waling and shores fixed, excavation completed

same time the working space within the bracing frames
should be as roomy as possible to avoid undue hind-
rance to construction operations

A typical sequence of operations is shown in Fig
9 24(a)—(d) The king piles, which may be umversal
bearing piles or column sections, are driven at the posi-
tions of joints in the struts and serve to support the
bracing frames They have a vital function in restrain-
ing the struts from buckling in a vertical direction,
and they must be dnven deep enough into the soil to
develop satisfactory resistance to compressive or uplift
forces, especially when ordy a single bracing frame is
provided

In wide braced excavations, careful consideration
must be given to the nsks of progressive collapse of the
entire support system due to failure of a single member
For example, the failure of a strut dislodged by the
accidental dropping of a load from a crane Figure 9 25
shows the consequences of collapse of a 33 x 21 x
7 3 m deep cofferdam in which the sheet piles were
supported by a system of I-section steel walings and
steel tubular struts at a single level The struts were
virtually pin-jointed at their intersections, but they were
restrained from buckling over the long spans by means
of steel I-section king piles driven to 1 1 m penetration
into the stiff clay below the base of the excavation

let stage berm

Hook bolt

UB waling, let level

UC raking shore

Steel sheet piling

Stub UC

(a) (b)

Lacing

3rd level waling

(c)

3rd level shore
cast into floor slab

Base of
excavation
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Figure 9.23 Support by soldier piles and raking shores (view at
corner of excavation)

This depth of embedment was sufficient to restrain the
king piles against vertical movement except at one
position, where an excavation was made for a sump
close to one of the piles The loss of support caused the
pile to sink downwards followed by slow collapse of
the entire bracing system and the sheet piles

Fortunately there was no injury or loss of hfe in this
case, but a more senous accident took place in 1906 in
the excavation for the entrance lock to the Alexandra
Dock in Newport9 The 11 3m wide x 134m deep
excavation was heavily braced by frames of 300 x
300 mm timber wahngs and struts at 1 2 m vertical
spacing The struts were restrained against buckling by
a row of 508 x 508 mm timber king piles along the
centre line of the excavation As in the previous case
the king piles were designed to be restrained against ver-
tical movement by their embedment below the base of
the excavation However, a layer of very compact gravel
prevented the piles from being driven below final ex-
cavation level At the lower stage of excavation it was
necessary to excavate below the toes of the king piles
which were propped by packing with timber This
prevented downward movement, but gave no restraint
against upward movement When the excavation reached
a depth of 134 m the struts suddenly buckled upwards
and the entire excavation for the lock collapsed almost
instantaneously with a loss of 39 lives and many more
injured

Sheet
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King piles driven from
ground level
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9.5.8 Support by ground anchors
The use of tied-back anchorages instead of strutting or
raking shores to support the sides of wide excavations
has the considerable advantage of providing a com-
pletely clear working area The higher cost of anchors
compared with shoring is counterbalanced by the re-
duced cost of excavation Ground anchors are installed
by drilling holes at a downward inclination to obtain a
grouted bond length beyond the zones of potential shp-
ping or yielding of the tied-back mass of soil The bond
length depends on the fnction developed between the
grouted annulus around the anchor and the surround-
ing soil High ultimate resistances of the order of

Bracing
Ii (I

(a)

(dl

Figure 9.24 Timbering to deep and wide excavation
(a) Excavate to level of second frame, fix top frame
(b) Excavate to level of third frame, fix second frame
and bracing (c) Excavate to final level, third frame fixed
(d) Halfplan of timbering
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Figure 9.25 Collapse of sheet piling due to failure of a single component in the bracing system

Figure 9.26 Arrangement of ground anchors for support of excavation

400—1800 kN are obtainable in cohesionless soils, the
highest range being in very dense sandy gravels Lower
values are obtained in clays, depending on the diameter
of the drill-hole and any local enlargements achieved
by under-reaming, or cleavages formed by the action of
high-pressure grout injections

Much useful and practical information on the
design and installation of ground anchors is given in

ES 8081 Code of Practice for Ground Anchors
and CIRIA report 65 912 Three components of an
anchor are considered m design These are (a) the
fixed (or bonded) anchor length, (b) the free (unbonded)
anchor length, and (c) the anchor head These com-
ponents are shown in Figs 926 and 9.27 BS 8081
considers four types of anchor depending on the ground
conditions
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(a)

RS channel welmg

Grout injection tube

- HTsteelbar
-9--

Thrust plate

Concrete bearing
pad cast on
to face of wall

Diaphragm wall

(b)

Figure 9.27 Arrangement at head of ground anchors (a) Load on cable anchors transferred to sheet piling through horizontal
wahngs (b) Load on bar anchor transferred to diaphragm wall through bearing pad

(1) Type A anchors are mstalled in a straight shaft hole
and the tendon is grouted through a tremie pipe,
through a tube with a packer, or by a resin car-
tndge Type A anchors are suitable for use in rocks
or stiff to hard clays

(2) Type B anchors are installed in straight shaft holes
with temporary support by lining tubes The grout
is injected at low pressure through the lining tubes
with a packer on the injection pipe or if secondary
grouting is required through a tube-à-manchette
Injection pressures are less than 1000 kN/m2 Type
B anchors are suitable for weak fissured rocks and
fine to coarse alluvium

(3) Type C anchors are installed in straight shaft
holes supported by temporary lining tubes Grout
is injected as for type B at pressures greater than
2000 kN/m2 Type C anchors are suitable for fine
sands or stiff clays

(4) Type D anchors are formed with enlargements on
the shaft (belled anchors) as shown in Fig 9 28(c)
They are grouted through a tremie pipe and are
suitable for firm to stiff clays A single enlargement
can be formed by forcing pea gravel against the
walls of the borehole (Fig 9 28(b))

The fixed anchor length should not be less than 3 m
or greater than 10 m for sands and gravels The area of
steel in the tendon should not be more than 15 per cent
of the borehole cross-sectional area for parallel multi-
strand anchors, or more than 20 per cent of the area for
single unit or noded multi-strand tendons

CIRIA report 65 gives equations for deternumng
the pull-out resistance of anchors in soils These are as
follows For coarse-grained soils

-c•

j::::::::ctttctccwccif
(a)

-. LV///////////4T"f""
L

(b)

-Oc

d

4,

Figure 9.28 Anchor dimensions for stiff clays (a) Straight
shaft (b) Straight shaft enlarged by forcing out pea gravel
(c) Belled

Ta = La tan$', (9.2)

where

Ta = ultimate pull-out resistance,
L = fixed anchor length,
n = a factor,

= effective angle of shearing resistance

For straight anchors in clays (Fig 9.28(a))

T = 0 3c icDL, (9 3)

Grout injection tube
S

Protective
sleeve

Thrust plate

p
Protective sleeve

Stool welded to sheet piles

Sheet piles

(c)
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where c,, is the undrained shear strength and D the
nominal borehole diameter

For straight shaft anchors in clays with enlargement
of fixed length by gravel injection (Fig 9 28(b));

= 0 6cJcDL + —

where N is the bearing capacity factor
For belied anchors in clay (Fig 9 28(c))

Tu = ltDuLuCufu+ (D —d2)cN + 0 3ctd1,

where Nu is the bearing capacity factor and fu the effi-
ciency factor

In equation (9.2), n is taken as 400—600 kN/m in
coarse sands and gravels and 150 kN/m in fine to
medium sands In equation (94), N is taken as 9, and
in equation (95) N,, is taken as 0 8 The efficiency factor
f,, is about 08

BS 8081 recommends an ultimate shear stress be-
tween grout and rock of 10 per cent of the unconfined
compression strength of the rock but not more than
4 N/mm2 BS 8081 also gives grout to tendon ultimate
bond stress values of:

Not more than 1 N/mm2 for plain bars
Not more than 2 N/mm2 for clean strand or

deformed bars
Not more than 3 N/mm2 for locally noded strand

Safety factors for permanent ground anchors are given
in the code as follows

Minimum safely factor

Tendon
Ground to grout mterfacet
Grout to tendon or grout to

encapsulation interfaces
Proof load factor

20
30
3 0

1 5

t This may be required to be increased to 40 to limit creep of
the ground
* A minimum of 20 may be used if the ultimate bond stress is
obtained from full-scale field loading tests

The above mimmum safety factors relate to single
isolated anchors, they do not take into consideration
group effects or the pull-out resistance of a cylinder or
cone of soil or rock as described in Section 7 16

Ground anchors may be placed at a single level, or
in deep excavations at several levels, installed at each

successive stage of excavation The anchors are usually
inclined downwards at angles of 15—20° to the hori-
zontal A steep inclination induces a high vertical com-
ponent of load in the anchored wall with a risk of failure
at the toe, particularly if the anchored wall is of sheet

(94) piling The 'free' or unbonded length of the anchor
tendon is generally arbitrarily assumed to lie within a
zone bounded by a line having an inclination of 40° to
the base of the excavation (Fig 9 26)

Earth pressure on the anchored wall is transferred
to the tendons either through honzontal walmgs (Fig
927(a)) or through beanng plates at the head of each

(9 5)
anchor (Fig 927(b)) The latter method is generally
used for stiff walls capable of distributing the load over
an area surrounding the anchor head The use of walmgs
gives greater security should one anchor fail under load

Problems in the design of anchor support systems can
occur where deep sewers or tunnels are located near the
excavation, and it is necessary to vary the inclination of
the anchors to avoid these obstructions Instability can
occur where ground anchors are located at re-entrant
faces of excavation Additional lengths are necessary at
such locations (Fig 929)

Where anchored diaphragm walls, soldier pile walls,
or sheet pile walls are terminated in a rock formation
above final excavation level, care is necessary to pro-
vide sufficient space between the face of the rock ex-
cavation and the face of the sheeted excavation to avoid
collapse of the rock face due to the vertical compres-
sion loading induced by the anchorages (Fig 930(a))
The inclination of joint planes in the rock can be a
critical factor Other methods of avoiding instability
include installing soldier piles in holes drilled to the
base of the excavation (Fig 930(b)) and installing an
anchored reinforced concrete toe beam at the base of a
sheet pile wall (Fig 9 30(c))

Installation of ground anchors may involve water flush
drilling, which can cause hydrostatic pressure to de-
velop behind the sheet piling supporting permeable soils
Also care is necessary when grouting anchors to avoid
uplift of any structures sited above the anchorage zone,
since the cumulative pore pressures induced as soils of
low permeability can be very high Some inward yield-
ing of the excavation supports is likely to occur during
the grouting operations, with a reversal of this move-
ment when the anchors are stressed Where temporary
ground anchors are required for support over a long
period of time protection against corrosion should
be provided This can take the form of sheathing the
unbonded length of the anchor tendon by a plastic tube
or encapsulating it in resin Particular care is necess-
ary in protecting the anchor head, including the zone
immediate behind the thrust plate
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Figure 9.29 Arrangement of anchors at re-entrant corner in excavation (plan view)

Figure 9.30 Excavation supports close to rock face (a) Failure
at toe of diaphragm wall (b) Soldier piles in prednhled
boreholes (c) Support to sheet pile wall by R C toe beam

Problems can occur with the removal of ground
anchors where these extend under adjacent property
Anchors used for excavation support at Raffles Place
Station on the Singapore Mass Rapid Transport9 ii) were
removed by explosive charges Detonating cord with
25 ms delay detonators was placed in a plastic tube
installed with the wire strand The detonations broke
the soil to grout bond

The installation of a ground anchor support system
should be controlled at all stages, commencing by in-
stalling trial anchors to verify the design assumptions
Preferably the trial anchors should be loaded incre-
mentally and taken to the stage of a complete pull-out
from the soil provided that the stress in the anchor is not
greater than 80 per cent of the ultimate tensile strength
of the steel Where cable anchors are used the entire
cable should be pulled rather than the individual strands.
The load—extension curve for the trial anchors should
be drawn and compared with the theoretical stress—strain

curve for the unbonded length of the tendon (Fig 931)
(A procedure for installing and testing trial anchors is
given in BS 8081)

The working anchors should then be installed The
extension of the anchor rod or cable at the design preload
and the recovery after 'locking-off' the anchors should
be measured in each case, either for the complete rod or
cable or for each strand in a cable All anchors should
be designed to be capable of withstanding a proof test
load of 150 or 175 per cent of the working load, and the
proof test load should not stress the anchor by more
than 70 per cent of the ultimate tensile strength of the
steel

Random working anchors should be selected for proof
tests to 150 per cent of the working load, and the load—
extension graph should be compared to that of the
initial trial anchors The test loads should be maintained
for at least 24 h with a check on the amount of creep
dunng that period Selected working anchors should
also be subjected to reloading tests at various intervals
of time to check whether or not there is any deteriora-
tion in the grout to soil bond resistance.

It is also helpful, as a check on the assumptions made
in estimating earth pressure, to monitor the develop-
ment of load in selected anchors dunng the stages of
excavation This can be done by inserting a load cell
between the anchor head and the thrust plate Move-
ments of the tops of the anchored wall should be
recorded by reference to a datum system well clear of
the excavated area

Mitchell913 has recommended the following form of
record for each working anchor

(1) Reference number,
(2) Diameter of borehole,
(3) Direction and depth of borehole,
(4) Date of boring,
(5) Date of groutmg,

Borehole drilled in
advance of excavation

(a) (b)

unsiressed
rock anchor

(c)
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Figure 9.31 Load—extension graph in incremental load test to failure in pull-out from soil

(6) Date of stressing,
(7) Length and diameter of temporary lining used

during boring,
(8) Consistency, colour, structure, and type of various

soil strata penetrated,
(9) Details of obstructions encountered,

(10) Details of tendon installed,
(11) Length of 'free' anchorage (unbonded length),
(12) Length of 'fixed' anchorage (bonded length),
(13) Size and spacing of any enlargements in fixed

anchorage length,
(14) Grout quantity injected and pressures employed,
(15) Grout test results,
(16) Tendon extension during load (including any proof

test results),
(17) Maximum and minimum daily site temperatures

at each day that grouting, loading, and monitoring
is carried out,

(18) Measured loads

9.6 Structural design of supports to
excavations

9.6.1 Materials

The four types discussed are timber, steel, cast iron, and
precast concrete

Timber The British Standard Code of Practice, BS
8004. Foundations requires timber members in coffer-
dams and caissons to comply with the requirements for
strength classes SC3, 5C4, and SC5 of BS 5268 The

grade stresses should be modified in accordance with
the slenderness ratio of the member

Where the excavations have to remain open for long
periods the grade stresses may have to be reduced by
a factor between 1 0 and 07 to allow for the decay
to be expected in the timber during its period of use
However, it should be noted that wetting of timber does
not, by itself, cause decay and no reduction in working
stresses need be made for timber subjected to wet con-
ditions In deep excavations where it is desired to keep
the bracing frames as wide apart as possible (for ease in
working), it may be advantageous to adopt a higher
grade of timber for the lower levels

Steel Steel trench sheets can be used as runners or
poling boards. Steel is also used for struts in the form
of light adjustable units for trench work or for raking
shores and also for walmgs and struts in deep excava-
tions, either in the form of heavy universal beam and
column sections, tubular sections, or compound girders,
or of lighter trussed sections built up from angles or
channels

Large diameter steel tubes are frequently used as struts
for deep and wide excavations where their high com-
pression strength and bending resistance enables them
to be used without the need for transverse or vertical
bracing This minimizes obstructions to working spaces
in the excavation The tubes can be butt-welded to
stub-ends fixed to the walings or embedded in in-situ
concrete walling Cone ends are sometimes welded to
the ends of the tubes to reduce the eccentricity of thrust
on the bearing face

Ultimate resistance of anchor to pull-out

Load held constant for 24 h

Extenaion at top of anchor tendon
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Propnetary forms of struts adjustable in length to suit
the excavation width are available A screw jack is pro-
vided at one end to tighten the strut against the waling
(Fig 932) BS 8004 requires the steel to be manufactured
to BS 4360 and designed in accordance with BS 449
The Use of Structural Steel in Buildings The latter code
has been superseded by the limit state code BS 5950

EC 7 (Clause 24.4) requires the design strength prop-
erties of structural matenals and the design resistance
of structural elements to be calculated in accordance
with ENVs 1992 to 1996 and 1999

Precast and cast-in-place concrete Precast concrete
is used in the form of planks or curved segments for
sheeting excavations where the support has to be left
permanently in place Precast concrete can also be used

for walings and struts, and on sites where sheeting is
required to be left permanently in place it is often con-
structed in reinforced concrete cast in situ BS 8004
requires the quality of concrete to comply with BS 8110
or Clauses 20 1—209 of CP 114 1949 Concrete stresses
should be in accordance with BS 8110 or Clause 303 of
CP 114

Precast bracing units consisting of centrally supported
short walings were used by Edmund Nuttall Ltd m sheet
piled excavations for the approaches to the Dartford—
Purfleet Tunnel914 (Fig 9 33)

Cast-rn-place concrete can be used instead of timber
sheeting rn conjunction with support by vertical steel
soldier piles as descnbed in Section 9 5 2

The use of the permanent basement floors for strut-
ting wide excavations was descnbed in Section 5 44

Figure 9.32 Adjustable steel struts for excavation support (courtesy of Mabey Hire Ltd)
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Figure 9.33 Precast concrete wahng units used for Dartford—Purfleet Tunnel

A further example of this is shown in Fig 9 34 At this
site in Zunch915 a 17 m deep basement excavation was
surrounded by a cast-in-place concrete diaphragm wall
which was supported at five levels by the permanent
remforced concrete floors Each intermediate floor
was cast on formwork propped off the ground at the
four stages of excavation. Wide openings were left for
removing the excavated soil and the floors were sup-
ported on the permanent steel tube piles which anchored
the basement against uplift

9.6.2 Calculation of lateral pressures on
supports to excavations

Excavations up to 6 m depth It is unnecessary and
unrealistic to calculate lateral pressures on supports to
excavations shallower than 6 m unless hydrostatic pres-
sure has to be taken into account Lateral pressures at
shallow depths can be highly variable an any given soil
type For example, a clay will shrink away from behind
the timbering in dry weather, sometimes forming a wide
gap down which crumbs of dry clay may fall The onset
of wet weather causes the clay to swell and, if the gap
has become filled with clay debris, the swelling forces
on the timbering may be high enough to cause crushmg
or buckling of the struts In stiff or compact soil higher
stresses can be caused in struts and walings by hard
dnvmg of folding wedges at the ends of struts than
from earth pressure Again, if dry timber is used to
support an excavation an water-bearing ground, the seep-
age through the runners on to the walmgs and struts,
and the effects of rain falling on to the struts, can cause
heavy stresses in the timbers due to swelling of the dry

Figure 9.34 Permanent basement floors used to strut diaphragm
wall in 17 m deep excavation at Zurich (Note large opemngs)

Plan End elevation

- —'

-

7'-

N
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timber Expansion of soil at times of hard frost can also
cause heavy loads on timbering

Therefore, the usual method of designing timbering
by rule of thumb for shallow excavations is fully justi-
fied The sizes of timbers given by such methods have
been based on centuries of expenence and take into
account the desirability of reusing the timber as many
times as possible, the requirement of withstanding
stresses due to swelling of dry timber, and the necessity
or otherwise of dnvmg wedges tightly at the ends of
the struts (or of jacking the ends of the struts) to reduce
yielding of the sides of the excavation They bear little
or no relationship to the stresses arising from earth pres-
sure The reader may have noticed that the sizes of
timbers used in the shallower excavations are more or
less the same on any job no matter what the type of soil
or even the depth of excavation

If steel struts and walrngs are used, the stresses in
them may be more representative of earth pressure than
with timber members However, the usual procedure is
to use the struts to apply pressure to the ground by
wedging or jacking rather than to allow earth pressure
to come on to the supports The jacking and wedging
forces depend on the extent to which it is desired to
prestress the ground to minumze yielding An example
of the large forces required to prestress the ground to
prevent settlement is given by the 10—12 m deep ex-
cavation for London's Hyde Park Underpass,916 which
was taken out within 1 m of the foundations of St
George's Hospital As a precaution against yielding and
settlement, the 9 m long steel walings were set at three
levels, each waling having three struts (twin 356 x
406 mm I-beams) Total loads jacked into each waling
frame were 837, 3198, and 4065 kN respectively, for
the three levels, i e a total jacking load of 8100 kN for
about 100 m2 of excavated face The measured settle-
ment of the hospital wall was less than 3 mm

A more general practice is to preload the struts to
some value less than the predicted earth pressure, bear-
ing in mind that some permitted amount of yielding
will reduce the active earth pressure on the support
system The 246 m deep excavation for Raffles Place
Station on the Singapore MRT9'° had six levels of brac-
ing frames The struts for the upper three levels were
preloaded to 30 per cent of the design load, and those
for the lower three levels to 50 per cent of this load

Sizes of timber struts for excavations to a depth of
about 6 m are only nominal and calculated on 'rule of
thumb' procedures One such rule which is applicable
to square struts for excavations from 1 2 to 3 m wide is

Strut thickness (mm) = 80 x Trench width (m)

It is convenient practice, though not always employed,
to use struts of the same depth as the walings and often
of the same scanthng in order to avoid too many sizes
of timber on the same job Thus, 225 x 75 mm struts are
used with 225 x 75 mm walings, 300 x 150 mm struts
with 300 x 150 mm walings, and so on The spacings
of struts are governed by the lengths of the walings
Thus, 225 x 75 mm walings are usually supplied in
3600—4800 mm lengths. Three struts is a convenient
number for a pair of 3600 mm wahngs, giving a spac-
ing of 3400 mm for the three struts, with the pair at the
abutting ends of walings at about 200 mm centres
Heavier timbers, for example 300 x 150 mm, 225 x
225 mm, and 300 x 300 mm, can be obtained up to
63 m long, or even longer by special order However,
it is often convenient to work with much shorter lengths
because of the difficulty in threading long walings for
lower settings through the previously set frames Also,
short wahngs are preferred for convenience in striking
timbering before backfilhng deep excavations, when
the lower frames have to be struck first and threaded
back through the upper frames with the added obstruc-
tion of the completed foundation structure within the
excavation

Excavations deeper than 6 m Economies in ma-
terial can be achieved by calculatmg earth pressures
m excavations deeper than 6 m It is not necessary to
do this in all cases Long experience in known ground
conditions is often a better guide than calculations
based on soil mechanics analysis However, present-
day legislation generally requires the submission of
calculations and designs for temporary works in ad-
vance of construction Also, as stated in Section 5 4 1,
the designers of substructures such as basements are
closely involved in planning the construction opera-
tions, requiring a knowledge of the design of excava-
tion support systems based on information provided by
boreholes, and the field and laboratory testing of soils
The design methods in CIRIA Report 104, as descnbed
in Section 5 4 1, can be used to calculate the active soil
pressure on the struts and walings, but the triangular
distribution of soil pressure given by these methods
does not accord with field observations of forces
imposed on struts in deep excavations with mutilevel
bracing frames Where water pressure is absent the
observations show httle or no increase in strut load
with depth

This was recognized by Terzaghi and Peck917 in their
analyses of strut forces in deep excavations m sand in
Berlin and soft clays in Chicago They showed that the
distribution of earth pressure on the bracing frames of

(96) multilevel support systems could be represented by an
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envelope, roughly trapezoidal in shape, enclosing the
maximum strut loads Empincal trapezoidal diagrams
were established separately for soft clays, stiff clays,
and sands These have been widely used in past years
for temporary works design and are currently recom-
mended in BS 8002 (Earth Retaining Structures)

Terzaghi and Peck's work has been extended recently
by Twine and Roscoe9 after analysing a much greater
number of case histones of strut load measurements in
excavations 20 m or more in depth than was available in
earlier years to Terzaghi and Peck Empirical diagrams
have been established by Twine and Roscoe which
give characteristic instead of the maximum strut loads
of the Terzaghi and Peck diagrams The new diagrams,
referred to by the authors as distributed prop loads,
are published by CIRIA in Report No CS l7 This
report descnbes the research forming the basis of the
design recommendations, and also includes much use-
ful information on such matters as ground movements
around excavations, the structural design of support
members, mstallation procedure, and contractual aspects
It is essential reading for any engineer concerned with
the planning, design, and construction of excavation
support works

The CIRIA diagrams are suitable for excavations with
single or multi-level bracing frames Separate diagrams
are shown for the following classes of soil retained by
the walls

Class A normally and slightly over-consolidated
clay soils (soft and firm clays)

Class B heavily over-consolidated clays (stiff and
very stiff clays)

Class C granular/coarse-grained soils

A further Class D for walls retaining mixed soils (clays
and sands) is covered by the report as explained below

The diagrams are subdivided to cover the cases of sup-
ports to flexible walls (sheet piling or timber lagging),
and stiff walls (contiguous and secant bored piles, and
diaphragm walls) The diagrams for the three soil classes
and their subdivisions are shown m Fig 9 35(a)—(g)
It will be noted that stiff walls supporting stiff clays
attract higher strut loads than flexible walls in the same
soil conditions The diagrams show the distributed pres-
sure at the back of the face support The pressures are
converted to strut loads for a given vertical spacing
of walings, and a honzontal spacing of struts by using
Fig 9 36

The effects of elapse of time over the penod the
excavation remains open were taken into considera-
tion in the establishment of the distributed strut load
(DSL) diagrams for Class A and B soils Negative pore
pressures are induced in the retained soil during the

period of soil removal, and the strut loads at this stage
are relatively low With time the negative pore pres-
sures dissipate causing a slow increase in strut loads
The DSL diagrams, which were based on load meas-
urements over penods of up to one year, take these
increases into account Hydrostatic pressures belund the
face support do not need to be considered for Class A
and B soils They are allowed for by taking the bulk
unit weight of the soil over the full excavation depth
instead of the buoyant weight below ground-water level
In the case of Class B soils, it is assumed that the re-
tained soil has permeability charactenstics similar to that
of London Clay Ground having a high horizontal per-
meability, e g glacial clays containing water-bearing
sand layers, requires special consideration The CIRIA
report emphasizes that water-bearing Class C soils should
not be assumed to be 'dry' even though dewatenng has
been achieved in advance of excavation Where ground
water is present, hydrostatic pressures should be allowed
for in conjunction with the buoyant weight of the soil
below water level, as shown in Fig 9 35(g)

The strut load distribution assumes that the base of
the excavation is stable, i e. that failure by base heave
does not occur as descnbed in Section 9 7 Where the
face support is in the form of sheet piling or a concrete
wall taken down below final excavation level and em-
bedded in a strong layer such as a sand or stiff clay, the
restraint to inward yielding induces a higher loading
in the struts This condtion is referred to in the CIRIA
report as enhanced base stability Its effect on char-
actenstic strut loads retaining soft clay is shown in
Fig 9 35(c). The factor of safety against base heave
due to failure in passive resistance of the soil can be
calculated by the methods described in Section 5 7 The
CIRIA report includes another method of determining
base stability, developed specifically for stabihty con-
ditions in excavations

For cases of mixed (Class D) soils, where no one type
predominates, the strut loads can be calculated for each
layer and a composite diagram produced The report
states that this approach can be used for preliminary
design purposes, but warns that it requires a good under-
standing of the geological history of the site and should
be used only by an expenenced geotechnical engineer

The diagrams in Fig 935 allow for surcharges
at ground level resulting from normal construction
operations, as represented by a nominal surcharge of
10 kN/m2 The effects of heavy surface loads, such as
cranes or stacked materials, should be calculated sep-
arately and the resulting active pressures added to the
DSL diagrams The report warns that this procedure
is valid only if the active pressure is a second-order
contribution to the load diagram The diagrams allow
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Figure 9.35 Diagrams for determining distributed strut loads (after Twine and Roscoe9 is)
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Design base of excavation
(mcludmg over-dig allowance)

Figure 9.36 Calculating individual strut loads from distnbuted
strut load diagram

for preloading the struts to take up slack in the bracing
system and to recompress the retained soil, which may
have swelled in the short term due to relaxation of lateral
pressure It is recommended that any preload should
not exceed 15 per cent of the charactenstic strut load

Expansion of steel struts due to increase of ambient
temperature can cause a significant increase in the
compressive stress in the member depending on the de-
gree of restraint provided by the wall and the backing
soil Field observations descnbed in the report indicate
a restraint of 40—60 per cent of the fully restrained
condition for stiff walls and between 10 and 25 per cent
for flexible walls There was no apparent difference
between straight and diagonal struts in plan Strain gauge
measurements in 1067 mm 0 D by 24 m long tubular
struts between diaphragm walls supportmg excavations
for Canada Water Station on London's Jubilee Line
showed that the compressive stress due to temperature
increase was up to 53 per cent of the fully restrained
condition919 The effect of compression in a strut on the
connection to the waling and on the sheeting members
behind the waling should be considered at the detail
design stage

The CIRIA report is fully compatible with the struc-
tural design codes BS 8110 and 5950 and with EC 7
When constructing the DSL diagram, the height H in
Fig 936 should be taken as the excavation depth plus
10 per cent of the height beneath the lowest support up
to a maximum of 05 m to allow for over-excavation
The characteristic loads are treated as actions and
factored in accordance with Table 2 1 for ultimate and
serviceabihty limit calculations Stresses resulting from
temperature effects and bending stresses from self-
weight and eccentricity of thrust are added to the stresses
from earth pressure to design the structural members
The report includes a method for calculating stresses in
struts due to temperature increase Earth and water pres-
sures are treated as permanent actions and surcharges,
and other incidental loadings as variable actions Water
pressures are obtained as descnbed for buoyancy cal-
culations in Section 5 11

The serviceability limit state (SLS) should be calcu-
lated to ensure that compression in struts and deflec-
tions in wahngs do not result in excessive yielding of
the face support A factor of safety of unity is applied
to characteristic strut loads for SLS calculations The
design of the support system should cover the opera-
tions of strut removal at the various stages of comple-
tion of the permanent work If these operations are
scheduled to take place over a relatively short period of
time, some reductions in the partial factors for actions
can be considered

The effects of frost m Norwegian stiff clay on strut
loads were measured by Di Biagio and Bjerrum92°
They caused a five-fold increase in strut loading in
a 4 m deep excavation accompanied by buckling of
walmgs and struts, necessitating the installation of
additional timber bracing frames The subsequent
thaw was accompanied by a large reduction in strut
loads The two upper frames showed a marked reduc-
tion in loading over the wmter period, probably due
to expansion of the ground surface adjacent to the
trench The effects of severe frost have not been included
in the CIRIA recommendations It is stated that similar
effects have not been reported from UK construction
sites

Recently the 'observational' method has been applied
to the design and installation of excavation supports.
Measurement of strut loads are continuously momtored
from the time of their installation and adjustments are
made to the spacing of the struts depending on whether
the strut loads are lower or higher than the values cal-
culated for the tmtial design Tius procedure is similar
to the use of the observational method in the construc-
tion of embankments on soft clays where the rate of
placing the fill is determined from observations of pore

CL

P1 = DSL1b1(a1 + f a2)

P2 = DSL2b2(a2 + a3)

supported by the
strut
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pressure development within the soft clay and the
settlement of the base of the fill

The method is best applied to deep excavations where
the strut spacing at the lower levels can be adjusted
from observations of loading at higher levels It is also
suited to cut-and-cover work over considerable lengths
of excavation, for example in highway and railway
tunnels It was used for this purpose in the construction
of the 1 8 km long Limehouse Link Road92' where the
18 m deep excavation was supported partly by dia-
phragm walls and partly by sheet piling with 1320 mm
o D tubular struts at one or two levels The adoption
of the observational method resulted in substantial
savings in overall construction time and in the use of
steelwork for temporary support

Instrumentation for momtonng strut loads when
using the observational method include data loggers on
the load-cells producing readings at hourly intervals It
is important that these should be reviewed by a respons-
ible person so that timely action can be taken to install
additional struts from a reserve held on site if loads
become excessive, say from temperature effects on long
steel members

It should be pointed out that the application of the
observational method to the design of excavation sup-
ports is not new It has been practised for over 100
years by experienced tunbermen who will strike timber
struts or mine roof supports by a sledge-hammer, and
will know from the sound of the blow whether or not
the member is overstressed

Water pressure on sheet piled excavations in clay
Because borings show no water present in a clay soil it
must not be assumed that hydrostatic pressure cannot
build up outside a sheet piled excavation in clay For

example, if the sheet piles are driven completely through
the clay stratum into a water-bearing sand layer, the
water may creep up from this layer into the slight gap
which is always likely to be present between the sheet
piles and the clay in the region of the interlocks The
water pressure in this gap may then force back the clay
sufficiently to cause water pressure over a wide area of
the sheet piling at the sub-artesian pressure within the
sand layer (Fig 9 37(a)) Another possible source of
water developing pressure is seepage down the back of
the piling from ponded surface water (Fig 9 37(b)) A
route for such seepage is the enlarged hole formed by
whip in long sheet piles durmg driving or shrinkage of
the clay away from the sheet piles in dry weather. This
entry of water can be prevented by keeping the clay
well rammed against the back of the piling Some stiff-
fissured clays contain water under pressure m random
fissures or pockets if such fissures are intersected by
sheet piles they form a route for water to find its way to
the back of the sheet piles This possibility of the devel-
opment of hydrostatic pressure m clays does not arise
in excavations supported by in-situ concrete with drain-
age holes or by timber face boards where the gaps
between the boards will allow the water to leak through,
thus preventing build-up of pressure

As a final word on methods of supporting excava-
tions by sheet piling or timbering, the author stresses
the need for accuracy in setting the timbers Runners
should be set truly vertical or at the specified rake,
walmgs should be set horizontally using a spirit level
and struts should be truly horizontal and at right angles
to the walings, and also vertically over one another
This need for accuracy is not merely a whim of the old
school of timbermen, it plays a vital part in the early
detection of dangerous ground movements Thus if

(a)

Figure 9.37 Development of hydrostatic pressure on sheet piling

(b)

Sheet piling'

Water level

Shrinkage
gap

pumping

C... Water bearmg sand
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walings are bulging or struts bowing at a particular
place, the movement can be readily seen if the struts
and walings have been placed in truly vertical planes
in the first instance Any tendencies to bodily ground
movements resulting in displacement of one side of the
excavation relative to the other will also be noticed if
the bracing frames show signs of racking

9.7 Overall stability of strutted excavations

In all types of ground except massive rock some
inward yielding of the sides of a strutted or anchored
excavation will take place no matter how carefully the
support system is installed The yielding is accom-
panied by settlement of the ground surface near the
excavation The magnitude of the yielding and its
accompanying settlement depends on the type of ground
and the care with which the ground is supported In soft
silts and clays there is the additional risk of upward
heaving of the bottom of the excavation accompanied
by major settlement of the ground surface, as shown in
Fig 938

The mechanics of bottom heave have been studied
by Bjemim and Eide9 who derived the following for-
mula for the critical depth of an excavation

Critical depth, D = NsI'y, (9 7)

Factor of safety against bottom heave, F = N x s
yD + P

(98)

where

N =coefficient depending on the dimensions of
the excavation,

s = undrained shear strength of soil in a zone
immediately around the bottom of the
excavation,

y =density of soil,
D = depth of excavation,
P = surface surcharge

Values of N, as given by Bjerrum and Eide, are shown
in Fig 9 39

Where vane tests are used to obtain the undrained
shear strength of a soft or firm normally consolidated
clay the vane shear strengths should be corrected by the
factors shown in Fig 1 3

Nii ii_:: ::
2 Infinitely long BIL = 0

51

Figure 9.39 Cntical depth of excavations in clay (after Bjerrum
and Eide9 22)

N rectangular = (084 + 0 l6B/L)N square

Four cases of inward yielding and bottom heave of
sheet piled excavations in a soft sensitive clay at Tilbury,
Essex, have been analysed by 923 In these cases
the tops of the sheet piles came in, or if a top frame was
fixed in time to stop this movement, the bottom heaved
and the top frame was displaced A typical case of a
46 m deep excavation is shown in Fig 940 The piling
on one side moved outwards and away from the top
frame of timbering and rose above its original level A
gap was formed between the clay and the back of the
sheet piling (which remained straight) and the bottom
heaved Ward concluded from this investigation that
in a deep deposit of normally consolidated clay the
uppermost frame of struts should be placed across a
cofferdam before the depth of excavation reaches a value

given by D = 4sIy
Wardalso made the important pomt that inward yield-

ing and bottom heave appeared to be quite unrelated to
the length of the sheet piling and to the materials into
which the sheet piles were driven In one of his cases
where heave and yielding occurred at an excavation

r Cucu1ar or square BIL =1 0
9
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4
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Piling after

Curved surface
of sliding

Figure 9.38 Base heave in strutted excavation in soft clay
Figure 9.40 Movement ofsheet piled excavations atTilbury
PowerStation (after Ward9)
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depth of only 1 8—2 1 m the sheet piles were over 21 m
long and were driven into sandy gravel or chalk The
type of inward yielding described by Ward is a form of
shear failure of the soil and should not be confused
with the smaller scale yielding resulting from soil swell-
ing. Bjerrum and Eide state that

expenence cannot yet indicate exactly how much
the danger of a base failure is reduced if sheet piles
are driven below the bottom of an excavation The
stabilizing effect of sheet piling seems, however, to
be small for the cases where the shear strength of
the clay does not increase with depth

Base failure of cofferdams or deep excavations due
to 'piping' or 'boiling' of ground water and water under
artesian pressure beneath excavations is descnbed in
Section 10 2 5

9.8 Inward yielding and settlement of
the ground surrounding excavations

The problems of inward yielding of the supported sides
of strutted or anchored excavations and the accompany-
ing settlement of the ground surface have been men-
tioned in the preceding pages of this chapter and also m
Chapter 5 This subject was reviewed comprehensively
by Peck924 and by dough and Davidson,925 who stated
that the amount of yielding for any given depth of ex-
cavation is a function of the characteristics of the sup-
ported soil and not of the stiffness of the supports Steel
structural members, even of heavy section, are not stiff
enough to reduce yielding by any significant amount
Yielding also takes place with cast-in-place concrete
diaphragm walls which can be of the same order as that
experienced with sheet pile walls

The author has reviewed 34 case histories of yield-
ing of the sides of excavations supported by different
methods and grouped into three categories of ground
conditions The results of observations at the individual
locations are shown in Table B 1 The amount of inward
movement expressed as a percentage of the excavation
depth is shown in Fig 941 Excluding one high value
in each soil category the average and range of move-
ments are

Soil type Fig no Maximum yield/
excavation depth (%)

Average Range

Soft to firm NC Clays
StifftohardOCClays
Sands and gravels

941(a)
941(b)
941(c)

030 008—058
016 006—030
0 19 004—046

The plotted points show little difference in the amount
of yielding between anchored and strutted supports
and little difference between diaphragm walls and sheet
pilmg This reinforces the view stated above that the
amount of movement is a characteristic of the soil type
not the stiffness of the support system The value of
making a finite element analysis to determine the amount
of yielding of excavation supports in all routine cases
of basement construction is questionable. In most cases
the overall excavation depth for a two-storey basement
does not exceed about 10 m Thus for the two categor-
ies of stiff to hard clays and sands and gravels the range
of maximum inward yielding is 5—30 and 5—45 mm
respectively

An important consideration is the amount of settle-
ment of the ground surface around the excavation, par-
ticularly if buildings or services are located close to the
work Recorded cases of surface settlement are fewer
than those of horizontal movement Figures for 13 case
histories are shown in Table B 2 The numbers in each
soil category are too few to draw definite conclusions
on relationship with excavation depth They can be sum-
marized as follows

Soil type Surface cettlement/
excavation depth (%)

Average Range

Soft to firm NC Clays
Stiff to hard OC Clays
Sands and gravels

08 (1 0) 02—1 7 (0—25)
03 (02) 0 1—06 (0 1—07)
0 1(0 1) 0 1—02(005—03)

Clough and O'Rourke926 reviewed 30 case histones
of settlement, a few which are included in the author's
list in Table B 2 Their average and range of settle-
ments close to the excavations are shown in brackets in
the above table and are much the same as the author's
values

The wide range of values for soft to firm clays re-
flects the time-dependent character of surface settle-
ments which are likely to be governed more by the
degree of consolidation of the compressed soils caused
by reduction in the pore-water pressure of the soil mass
during the period of pumping from within the excava-
tion than by the amount of horizontal movement (see
Section 11 4 1) These effects are not so important in
the case of stiff clays and sandy deposits which have
considerably lower compressibility, and the amount
of surface settlement can be related to the degree of
horizontal movement In the case histones shown in
Tables B 1 and B 2 the maximum surface settlement
was about 05—1.0 times the maximum inward yielding
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Key

• Diaphragm wall, anchored
oDiaphragm wall or secant pile

wall, strutted
Sheet pile, soldier pile with
concrete mfiIl, strutted

A Sheet pile, soldier pile with
concrete mflll, timber, anchored

Numbers refer to locations
in Table B 1
# Excluded from average

Figure 9.41 Observed maximum inward movement of excavation supports expressed as a percentage of the excavation depth

In all three soil categones the distance from the face
of the excavation to the point of maximum settlement
was 02—07 times the excavation depth Other factors
which mfluence the amount of surface settlement in-
clude surcharge loading around the excavation, and the
use of ground anchors Vertical compression mduced
in an anchored diaphragm wall can increase the amount
of settlement close to the wall, but grouting pressures
can cause ground heave within the anchorage zone
which may reverse the settlement caused by yieldmg of
the supports

Where sheet pile or diaphragm walls are supported
by a berm of soil followed by installing raking shores
at one or more levels (Fig 922) the mward yielding
and settlement of the surrounding ground surface can
be of a larger order than that observed for strutted or
anchored walls Some observed movements are sum-
marized in Table 92 Fimte element analyses by Clough

and Danby927 showed that the degree of settlement of
the ground surface was related to the undrained shear
strength of the clay They plotted the maximum ground
settlement as a percentage of the excavation depth
against a stability number given by

N =

where

(9 19)

= umt weight of the soil,
H = excavation depth,
Cub = undramed shear strength of the soil at the

base of the excavation

It will be seen from Fig 9.42 that flattemng the berm
had little effect in reducmg the percentage settlement
Observations of settlement agreed closely with the
Clough and Danby curves
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Inward yielding and settlement of ground surrounding excavations

Table 9.2 Observations of maximum inward defiexion of sheet pile walls supported by berms in clay

427

Location Berm a
(horiz

lope
vert)

Excavation
depth (m)

Maximum inward
deflexion (mm)

Defiexion
depth x 100

Soil type Ref

Chicago 2 1 7 64 091 2—3 m fill, then soft clay

Chicago 2 1 10 100 1 00 2—3 m fill, then soft clay

St Lows 22 1 9 45 050 3 m fill, then firm clay

San Francisco 3 1 14 200 1 43 4 m fill, then soft clay 925

San Francisco 1 5 1 8 330 4 12 5 m fill, then soft clay

San Francisco 1 5 1 11 100 091 5 m fill, then soft clay

San Francisco 4 1 14 25 0 18 5 m fill, 7 m soft clay, then dense sand

North London 1 4. 11 5 25 022 Stiff clay —

London, Moorgate 1 1 18 57 032 Stiff clay 9 28

00
'-4
x

8

5,
5,

8

8

05 00•4
x

I I6 08
Stability number, N= yHICb

1 5j

20

15

10

Distance from face of excavation

00-I

9

Wall assumed fixed
in stiff stratum

Assumed support conditions

2 Horizontal ivert berm

4Honzontal 1 vert berm

C,

a

I
1 20

02

04

depth of excavation
Distance from face of excavation

4 5

Horizontal bracing

1 2 3 4 5

06
Stiff to hard
overconsohdated clay

I I I I

Distance from face of excavation
FIgure 9.42 Settlement of ground surface adjacent to
excavations supported by berms (after Clough and Danby92')

Observed settlements of the ground surface adjacent
to excavations are plotted in relation to the distance
from the face of the excavation in Fig 943 It will be
seen that the settlements decrease to zero or to a negh-
gible amount at distances between one and a half and
four times the excavated depth As already noted the

depth ofexcavation
0 1 2 3 4

—
x /'2I

010 32

Sands and gravels

i
0 2G I

Figures on curves refer to Tables B I and B 2

maximum settlement occurs at distances between 02 Figure 9.43 Profile of ground surface settlement in relation to
and 07 of the depth Also plotted m Fig 943 is Peck's distance from excavated face
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curve obtained from his settlement observations
adjacent to strutted sheet pile supports in Chicago9
The settlement curves 7 and 8 in Fig 943 fall below
Peck's curve These were mfluenced by long penods of
pumping from the excavations The small settlements
close to the excavated face will be noted These are due
to the restraint provided by skin fnction on the back of
the retaining structure and also to the effect of uplift
relief of overburden pressure at the base of the excava-
tion causing uplift at that level

9.9 The use of finite element techniques
for predicting defonnations around
deep excavations

Prediction of ground movements likely to occur as a
consequence of deep excavation can be a matter of
crucial importance, particularly in cases where existmg
structures, which may be potentially sensitive to such
movements, are flea. by The finite element method
provides one of the very few means of predicting with
any reasonable degree of accuracy the behaviour of
deep excavations both in open cut and in cases where
support is provided by diaphragm walls, sheet pilmg, etc

Two ways by which excavation can be represented
in a two-dimensional finite element analysis are de-
scnbed in Section 3 5 of ref. 11 4 The more readily
grasped of these is illustrated in Fig 944. For excava-
tion to the surface ABCD the sequence is as follows

(i) Evaluate the stresses a, a, t which exist within
elements, a, at the boundary ABC Convert these
stresses to equivalent nodal pomt loads Px, Py

_________C D0
A : : : b b ______G c c c C H
E F

4, 4,4, 4, 4, 4, 4,7C

——I B

(ii) Reduce stiffness of elements, a, to a negligible
value This is to ensure that these elements will
then offer no restraint to any movements of the
remaimng elements

(iii) Apply the nodal point loads Px, Py in the opposite
sense and analyse the system to obtain the dis-
placement and stress increments in the elements
below ABCD

(iv) Add the incremental displacements and stresses to
those previously existing in the elements below
ABCD to obtain the net values after excavation

Supposmg that it is required to model excavation to the
deeper profile of EFC If the soil is to be considered as
behaving in a linear elastic manner, and if no changes
in boundary conditions occur dunng the course of the
excavation, then the analysis can be completed m one
stage substitutmg boundary EFC and all the elements
above it for ABC and elements, a, in steps (i)—(iv) above
However, if non-linear stress—strain behaviour of the
soil is to be modelled then the analysis involves the
following sequence of increments

(1) Perform the sequence (i) to (iv) above for elements,
a, and surface ABC

(2) From the results of (1) define new values of stiff-
ness for elements below ABCD

(3) Using these new values of stiffness repeat (i)—(iv)
for elements, b, and surface GHC

(4) From the results of (3) define new values of stiff-
ness in the elements below GHCD

(5) Usmg these new values of stiffness repeat (i)—(iv)
for elements, c, and surface EFC

Required to represent
excavation from
level surface 0 C
down to surface A B C

Evaluate stresses at
excavation boundary at
lower edges of elements a

(i) Convert these stresses to
equivalent nodal point forces

(ii) Reduce stiffness of elements a
to negligible value

(iii) Apply nodal point forces in opposite
sense and analyse system to give
displacemnt and stress changes m
elements below A B CD

Figure 9.44 Simulation of excavation in finite element analysis
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(b)

Figure 9.45 Finite element analysis of deep open-cut excavation (after Chang and Duncan9 30) (a) Finite element mesh
(b) Vanation of computed and observed rebound with excavation depth

The analysis must also be incremental if the soil is
modelled as linear elastic, but boundary conditions
change dunng the course of the excavation; for ex-
ample, if temporary props are added or removed as
various excavation levels are reached.

Figure 945(a) shows the finite element mesh used by
Chang and Duncan93° in analyses of a 49 m deep open
cut excavation for a pumping station near Bakersfield,
Cahforma Non-linear stress—strain behaviour of the soils
was allowed for, and so the excavation was modelled
in increments Figure 945(b) shows values of ground
heave, or rebound, measured at one of a number of
gauges set in the subsoil Results of the fimte element
analyses are also plotted the tenns 'fast analysis' and
'slow analysis' relate respectively to undrained and filly
drained soil properties

A second example of modelling excavation by the
finite element method is shown in Fig 946 Here
measured and predicted movements of diaphragm walls
surrounding excavation for the underground car park
at the House of Commons, London, are reported by
Burland and Hancock93' Although the soil was con-
sidered to be hnear elastic, the analysis was non-linear
in the sense that the boundary conditions were changed
by the sequential installation of five levels of props
dunng the excavation hence the analysis had to be
incremental While the analysis predicted the magni-
tude of maximum wall displacement quite well it
indicated that the elevation at which this displacement
occurred would be significantly lower than was sub-
sequently recorded

The House of Commons underground car park re-
sults were also used by Simpson et al.932 as a test case

in proving their computer-based model (Model LC) for
the stress-strain behaviour of London Clay Model LC
is a non-linear elastic—plastic formulation which de-
fines the behaviour of London Clay in terms of three
ranges of strain These are (a) very small strains, less
than 002 per cent, the 'elastic' range associated with
high stiffness values for the soil (some 10 times greater
than in the 'intermediate' range), (b) the 'intermediate'
range approximating to the linear range of strains norm-
ally measured in laboratory tests, and (c) the 'plastic'
range associated with large strains Results from the
Model LC based analysis are shown in Fig 947 for
comparison with the onginal predictions by Ward and
Burland as well as with the field measurements It can
be seen that results of the Model LC based analysis are
a good fit to the measured values not only in terms of
maximum displacement but also on the overall form
of the wall displacement curve It should also be noted
that Simpson et al used an axisymmetnc idealization
(rotational symmetry about a vertical axis), considering
that this would be more appropnate for the proportions
of the excavation than the plane strain idealization used
by Ward and Burland

Earlier in this section the study of case histones
involving the measurement of strut loads in deep ex-
cavations was descnbed This study led to the new
recommendations for calculating earth pressures on
supports set out in CIRIA Report C5 17 One of the case
histones studied was the prop load measurements made
in the excavations for Canada Water Station on Lon-
don's Jubilee Line In addition to the analysis of the
prop load records, Powne and Batten933 applied fimte
element and limit equihbnum methods to calculate

Bottom of first stage of excavation

I

West side of excavation
bowl (Gage BV — 306R)

a
'B

0
500
400
300
200
100
0
—100
—200

0 0 0 0 0 0 0 0 0 0 00 0 0 0 0 0 0 0 0 0
CD CD 0 N CD CD 0 NV V , , N N N

Distance (feet)

(a)

o 0 000 0 030
CD CD 0IN N 1')C'i
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Secant-piled wall
Slope cut back
to approx 45'
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Upper chalk
(0)

lO47mmOD tubular
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—
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Excavation to
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Figure 9.46 Predicted and measured movemeots of diaphragm
wall at House of Commons underground car park (after Burland
and Hancock931)
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Measured
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ModelLC16 - Prathctedby—
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'ii 20 - ___________

24- vi
28- //
32- /

Figure 9.47 Comparison of predicted and measured movements
of diapbragm wall at House of Commons underground car park
Computer values using model LC (after Simpson etat 932)

forces tn the props at vanous stages of excavation and
compared the results with the measured forces.

The construction of the station box mvolved ex-
cavating over a length of 150 m and a width of 27 m to
a depth, at a selected cross-section, of 22 m below on-
gina! ground level At this section the support system
consisted of 1067 x 143 mm wall thickness tubular
steel props installed at two levels, 960 m and 890 m
T D , whereT D represents Tunnel Datum The ongmal
ground level was 105 5 m T D At the measurement
location, two pairs of props were installed at 8 3 m
centres, honzontally Each prop was provided with four

V LGS

II II TS

(c)-cI IlsaOm LGC
TO LGS

TS

(d)

Figure 9.48 Stages in excavation for Canada Water Station
(a) Excavate in open-cut to 104 m T D, construct secant pile
walls, continue in open-cut to top of walls at 100 m T D
(b) Excavate to 942 m T D, install upper props at 960 m T D
(c) Excavate to 8825 m T D , install lower props at 890 m T D
(d) Excavate to 85 87/83 25 m T D, construct RC base slab
(after Powrie and Batten933)

electrical resistance strain gauges around the circum-
ference at each end Thermistors were incorporated in
the strain gauges to record temperatures in the props

The soil conditions over the depth of the excavation
are shown m Fig 948(a), which also shows the first
stage of construction which comprised first lowering
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Time (days)

Figure 9.49 Temperature adjusted prop loads versus time (after Powrie and Batten93)

the original ground level to 104 m and from this level
installing bored pile walls using the 'hard/soft' tech-
mque to construct the 750 mm secant piles as described
in Section 5 4 5 TIns was followed by open-cut excava-
tion to expose the tops of the walls, which were then
capped by reinforced concrete beams The bored pile
walls acted as face support and as a cut-off to seepage
of ground water from the permeable layers shown in
Fig 948(a), i e the Thames Gravel and the Lambeth
Group Sands The cut-off walls were terminated in the
water-bearing Thanet Sands Bored wells were drilled
down to this formation to lower the ground-water level
below the final excavation level of 83 25 m T D

The stages in excavation after completing the secant
pile walls are shown in Fig 9 48(b)—(d) Readings of
strain and temperature in the props were recorded at
two-hourly intervals The equivalent axial forces and
bending moments in the props were derived from the
strain measurements after adjustment for the effects of
temperature variations Prop loads are shown plotted
against time in Fig 949 Although major force fluctua-
tions due to environmental temperature variations were
eliminated from the records in Fig 9 49, some 'noise'
continued as discussed by Powne and Batten933

The finite element study used the program CRISP
(I3ntto and Gunn9 M) Within the analysis the various
soil strata were modelled as elastic/Mohr—Coulomb plas-
tic matenals with fully coupled consolidation The time-
dependent component of the analyses was particularly

sigmficant because of the 1 x m/s permeability in
a vertical direction of the Lambeth Group (Woolwich
Formation) Clays The first analysis represented install-
ing the secant pile walls (Fig 948(a)) Higgins et a1935
have shown for this type of wall, adoption of plane
strain behaviour tends to over-estimate wall mstallation
effects, while adoption of axi-symmetry gives results
closer to values of stress changes measured m the field
Accordingly axi-symmetry was adopted for this stage
of the analysis as shown in Fig 9 50(a) Subsequent
analyses were of plane strain form, for which the struc-
ture and soil strata were taken as symmetrical about the
longitudinal vertical centre-line of the station box Hence
all components for this finite element model were
established as shown in Fig 950(b) with the far vertical
boundary at 60 m from the secant pile wall The form
of the CRISP model consisted predominantly of eight-
noded quadrilateral elements, with six-noded triangular
elements where the geometry of soil or structure dic-
tated Each of the six soil types was modelled as elastic/
Mohr—Coulomb plastic material with fully coupled
consolidation

The overall sequence of the analyses proceeded in
the following cumulative stages

1 The mesh and restraints of the axi-symmetnc fimte ele-
ment model (Fig 950(a)) were established and analysed
for secant pile mstallation Earth pressure coefficients
derived from this analysis were applied across the
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full mesh of soil elements, as the pit-excavation
values for the subsequent plane strain analysis

2 A plane strain finite element model, as shown in
Fig 9 50(b), was used to simulate excavation in
profile down to the platform level of 100 m T D
This stage in itself consisted of three discrete sub-
stages with the progressive removal of eleven, ten,
and mne elements in the upper nght-hand corner of
the mesh At each of these substages there were con-
sequential and cumulative changes in the displace-
ments, stresses, strains, and pore-water pressures in
the model, additional to those at the end of Stage 1
(The sequence of the substages generally followed
that descnbed for the case shown in Fig 944)

3 The excavation was modelled in profile down to the
level of the upper prop This involved the effective
'removal' of two rows each of six elements Incre-
ments of displacement, stress, strain, and pore-water
pressure change were added to those existing at the
end of Stage 2

4 At the level of the upper prop, a honzontal spnng of
equivalent axial stiffness per-metre-run of half the
length of the upper prop was added to the model, i e
13 35 m per 8 3 m of honzontal spacing The ex-
cavation was modelled in profile down to the level
of the lower prop Increments of displacement, stress,
strain, and pore-water pressure change were added to
those existing at the end of Stage 3

figure 9.51 Companson of prop loads calculated from finite element analysis for Case 1 with measured values
(after Powne and Batten9 33)
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Figure 9.50 Finite element mesh (a) Axi-symmetnc for Stage I construction (b) ForStages 2—7 of construction
(after Powne and Batten933)
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5 At the level of the lower prop, a honzontal spnng
of equivalent honzontal stiffness, etc as in Stage 4
was added to the model Increments of displacement,
stress, strain, and pore-water pressure changes were
added to those existing at the end of Stage 4

6 Excavation in profile down to the underside of the
base slab was undertaken Elements representing the
permanent reinforced concrete base slab were added
to the model Increments of displacement, stress,
strain, and pore-water pressure change were added to
those existing at the end of Stage 5

7 The lower prop was removed from the model Incre-
ments of displacement, stress, strain, and pore-water
pressure change were added to those existing at the
end of Stage 6

8 Elements representing components of the permanent
structure up to the time of removal of the upper prop
were added to the model Increments of displace-
ment, stress, strain, and pore-water pressure change
were added to those existing at the end of Stage 7

In total, the fimte element analyses considered five indi-
vidual cases, differing from each other in terms of

(a) Soil shear strength — upper bound (peak) values or
lower bound (critical-state) values

(b) Young's modulus —upper bound or average
(c) Minimum or maximum permeability of Lambeth

Group Clays in both honzontal and vertical
directions

(d) Wall mstallation effects considered

Of the above the standard case was taken to be a com-
bination of peak values of (a), upper bound values of
(b), rmmmum values of (c), and the effects of (d)

In addition to the fimte element analyses, a limit equi-
libnum analysis was undertaken A comparison of these,
together with the measured prop loads after removal of
temperature effects, is shown m Table 93

A more detailed comparison of the results is shown
in Figs 951 and 952 They compare, respectively, meas-
ured and computed prop loads over time, and measured
and computed wall displacements In both mstances
there was reasonable agreement A full account of the

Case Load in upper
prop (kN)

Load in lower
prop (kN)

1

Limit equihbnum analysis
Maximum measured loadst

3450
3220
3000

1890
1740
1750

Final excavation
+ depth at walle.--v'

study has been given by Powne and Batten933 A study,
in similar form, of another section of the Jubilee Line at
Canary Wharf Station has been made by Batten and
Powne936

9.10 Example
The excavation shown in Fig 953 is to be supported
by steel sheet piling with wahngs at three levels and
struts at 40 m centres After completing the excavation
a concrete base slab is to be placed with a top level
at 825m bgl The struts at level 3 are then to be
removed to allow the remainder of the foundation to be
completed Calculate the strut loads at each level after
completing the excavation and after removing the level
3 struts The 9 5 m excavation depth is inclusive of an
over-dig allowance A surcharge of 20 kN/m2 is applied
to the ground surface adjacent to the excavation

Displacement mm (datum established on day 7)

—6 —4 —2 0 2 4 6 8 10 12 14 16 18

Upper prop-4

—5

-6

—7

—3

8

C

-10

—13

—0— Day 24 measured
-0-- Day 24 calculated

Day 81 measured
- Day 81 calculated

-'-- Day 329 measured
Day 329 calculated

Lower prop

0

—14

—15

—16

'
0

Figure 9.52 Comparison of measured and calculated wall
movements (after Powrie and Batten933)

Table 9.3 Computed and limit equihbnum results compared
with measured values

t After removal of temperature effects
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Surcharge 20 kN/m2

_______

Figure 9.53

Level 1

uts at 40 in centres
horizontally

Level 3

825 m

ase slab

Formation level
+over-dig allowance

In this example it is assumed that the sheet piles
have been driven to a sufficient depth into the stiff clay
to prevent base failure The soil to 9 5 m is about 90 per
cent soft clay Therefore we can take a distributed strut
load (DSL) diagram as that representing a Class A soil
with a flexible wall and enhanced base stability (Fig
9 35(c)) The water pressure is disregarded

Average unit weight of retained soil

— 16 x 8 0 + 195 x 1 5
95

= 165 kN/m3

The characteristic DSL diagram is shown in Fig 950(a)
The calculations to obtain the serviceability limit state
(SLS) and ultimate limit state (ULS) strut loads are
shown in Table 94 The soil pressures are taken as
permanent actions and the surcharge as a variable
action SLS and ULS loads are factored as shown in
Table 2 1

After removing the level 3 struts, the loads on the
struts are distributed as shown in Fig 9 54(c) and the
calculations to obtain the SLS and ULS strut loads in
Table 95

Table 9.4 Calculated SLS and ULS strut loads after completing excavation

Strut level Charactenstic strut load (kN) 515 strut
load (kN)

ULS strutload (kN)

Permanent actions Variable actions Total

(1019x19+1803xl l)x40=1568

1803x30x40=2164

l803x25x40=1803

20x30x40=240

240

20x25x40=200

1808

2404

2003

1808

2404

2003

1568x135÷240x15=2477

2l64x135+240xl5=3281

1803x135+200x15=2734

Table 9.5 Calculated SLS and ULS strut loads after removal of level 3 struts

Strut level Characteristic strut load (kN) SLS strut
load (kN)

ULS strut load (kN)

Permanent actions Variable actions Total

1

2
1568 240 1808

1803(1 5 + 1 875) x 40 = 2434 20 x 3 375 x 40 = 270 2704

1808

2704

2477

2434X 1 35 + 270 x I 5 = 3691

t The increase in the level 2 strut load will be noted

Level2

1 5m

45m

75m

95m

0 65 x 16 5 x 9 5 =
0 1019 kN/m2

190 in ________

1 15 x 16 5 x 9 5
950m 1803kN/m2

(a)

Figure 9.54

15Orn
1

50 in

50 in
2

50 in

50 m
3

J1 Om

(b)

Level

150 in
50 in

50 in

875 m

1 875 in

(c)

Soft, normally
consolidated clay

=160 kN/m3

Stiff over-
consolidated
clay, =
19 5 kN/m3

2
3
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10.1 Cofferdam types

A cofferdam is essentially a temporary structure de-
signed to support the ground and to exclude water from
an excavation — either ground water or water lying above
ground level A sheet piled excavation in dry ground
is not a cofferdam It should also be noted that a cof-
ferdam does not necessarily exclude all water and it is
usually uneconomical to design cofferdams to do so

Although steel sheet piling is widely used for cof-
ferdams because of its watertightness and structural
strength, it is by no means the only material, and a wide
variety of types is available Some of these are

(1) Earth embankments
(2) Rockfill embankments
(3) Sandbag embankments
(4) Single-wall timber sheet pthng
(5) Double-wall timber sheet piling
(6) flexible sheeting on timber or steel framing
(7) Rock or earth-filled timber cribs
(8) Single-wall steel sheet piling
(9) Double-wall steel sheet pilrng

(10) Cellular steel sheet piling
(11) Bored cast-rn-place piling
(12) Precast concrete blockwork
(13) Precast concrete frame units
(14) Structural steel cylinders and shells (movable

cofferdams)

The choice of type depends on the site conditions, for
example depth of water, depth and size of excavation,
soil types, velocity of flow in waterway, tide levels, and
the risk of damage by floating debris or ice The choice
depends also on the availability and ease of transport
to the site of heavy construction plant and such mater-
ials as pre-fabricated bracing frames and sheet piling
Thus, earthfill cofferdams are suitable for low heads of

water and, if given surface protection, they can be
used for half-tide work, or on sites exposed to flowing
water Single-wall sheet pile cofferdams are suitable
for restricted site areas where cross bracing or ground
anchors can be used Double-wall cofferdams or cel-
lular sheet piling are used for wide excavations where
self-supporting dams are required Rock or earth-filled
timber cribs would be suitable for a remote site in
undeveloped temtory where timber in log form or bam-
boo is available, and the cost of importing and trans-
porting steel sheet piling and the necessary plant to
handle and drive it might be prohibitively high The
foundation soil conditions are an important factor in the
choice of cofferdam types Thus, a heavy earth-filled
crib or cellular cofferdam could not be camed by deep
deposits of soft clay, and smgle-wall timber or steel
sheet piling would be required in these conditions Sheet
piling is unsuitable for ground containing numerous
boulders

The design of cofferdams which obstruct, wholly or
partly, the flow of rivers must take into account hydrau-
lic problems such as bed erosion and overtopping These
problems can often be solved with the aid of scale
models employing an erodible bed to enable the scour
tendencies to be studied The book on cofferdams by
White and Prentis'°' gives an excellent account of the
theoretical and practical considerations involved in
the design and construction of large river cofferdams
The authors have a wide range of experience of this
type of work and their account of practical difficult-
ies and cofferdam failures is especially interesting and
informative

Generally, the choice of cofferdam type and the
detailed designs should be based on a thorough knowl-
edge of the soil conditions by an adequate number of
borings and on a careful study of available materials and
statistics of the flows and hydrographs of the waterway
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10.1.1 Earthfihl cofferdams

Cofferdams formed by an embankment or dike of
earth are suitable for sluggish flyers, lakes, or other
sheltered waters not subject to high-velocity flow or
wave action Fast-flowing water causes severe erosion
of earth embankments and the cost of protection by
stone or other types of blanketing may not be justifiable
if other forms of construction are available Earthfihl
dams are usually restricted to low or moderate heads
of water The type of soil to be used depends on avail-
ability and the site conditions For example, clay fill
is unsuitable if the bank has to be formed by dump-
ing matenal under water, when the clay would soften
and stable slopes could not be achieved However,
clay fill is very satisfactory if the bank can be con-
structed in the dry, say, at a low-water season of river
flow If the clay is excavated in a fairly dry condition
and is spread and rolled in thin layers, an embankment
of considerable stability and watertightness can be
obtained. Sand is generally the best matenal for earthfill
cofferdams constructed 'in the wet' Embankinents of
sand or gravelly sand fill can be formed by dumping
from barges, by pumping from a suction dredger, or
by end tipping from the shore. Consideration can be
given to composite construction such as a clay core or
thin clay membrane (see Fig 1031) with sand fill on
both sides

The possibility of erosion due to seepage from the
inside slopes is liable to occur in sand fill embank-
ments The flow lines of seepage through permeable
matenal are illustrated in Fig 10 1(a) They emerge on

Figure 10.1 (a) Seepage through permeable embankment
(b) Controlling seepage by clay blanket and toe drainage

the inside face in a concentrated pattern and it is neces-
sary to provide a drainage ditch at this point to collect
the seepage and convey it to a pumping sunip Unstable
conditions caused by 'boils' or erosion of the sand
due to excessive velocity in the outflowmg water will
occur if the hydraulic gradient, i e the head of water
divided by the length of the seepage path, exceeds unity
The hydraulic gradient can be determined by drawing
a flow net (Fig 10 1(a)) If there is no safety factor
against erosion, the seepage path must be lengthened
by flattemng the inside slope or by blanketing the out-
side face and bed with clay (Fig. 10 1(b)) Precautions
to be observed in maintaining the inside slopes and in
designing drainage ditches, filters, and pumping sumps
are described in Chapter 11

Protection against wave action and erosion by flow-
ing water can be obtained by blanketing the slopes with
material such as large gravel, broken rock, canvas tar-
paulins, or geotextiles, but the economics of providing
and placing blanketing matenal rather than adopting
a type of cofferdam not affected by erosion must be
considered Erosion of the top and inside face by over-
topping is sometimes a cause of failure The alternative
to blanketing the inside slopes is to provide sluices
through the embankinents of sufficient capacity to allow
rapid flooding of the cofferdam if a sudden rise m out-
side level threatens to overtop it

An earthflll cofferdam consisting of an embanlunent
formed by pumped sand with a clay core was used for
the Haringvhet Sluice forming part of The Netherlands'
Delta Plan (Packshaw'°2) Protection against wave
action and tidal scour below low water was given by a
fascine mattress, and protection against wave action
above high water by a layer of asphaltic concrete, as
shown in Fig 102.

If earthfIll cofferdams are to be built across a flowing
waterway, there may be difficulties in the 'closure' of
an earth embankment as the velocity of flow through
the gradually narrowing gap may be sufficient to carry
away the filling as it is being placed These conditions
can also occur if embankinents are constructed in
tidal waters, when the water rushing in and out of the
'tidal compartment' will cause erosion through the
gap between the ends of a partly completed embank-
ment It may be necessary to dnve sheet piles into
the ends of the bank at the closure section and to
complete the closure by sheet piling only, or to adopt
such expedients as sinking barges or caissons m the
gap It is important to keep a careful watch on the state
of earthfill cofferdams during the whole period they are
in operation Any cracks should be made good and
seepages of water dealt with by stone-filled or piped
drains

Flow lines

(b)
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Figure 10.2 Earthfill cofferdam for Hanngvliet Sluice, The Netherlands

10.1.2 Rockifil cofferdams

Rockfill embankments for cofferdams are similar m con-
struction to earthfihl dams, but because of the inherent
stability of the matenal they can be formed with steeper
slopes than earthifil dams In fact, slopes equal to the
natural angle of repose of tipped rock (about 1 in V/2)
can be used and even steeper slopes of up to 1 in 11/4
may be adopted if the rock on the face is handpacked to
the required profile Rockfill dams have the disadvan-
tage of not being impervious In the case of low height
dams sufficient watertightness can be achieved by dump-
ing pf ash or loamy soil on to the outer face Seepage
will carry this matenal into the interstices of the rock
and a fair degree of watertightness will gradually be
attained (Fig. 10 3(a)) A more positive form of cut-off
is required for high heads of water, this can be achieved
by a clay or concrete core wall (Fig 10.3(b) and (c))
or by sheet piling The clay or concrete wall type of

Impermeable stratum

cut-off is usually restricted to cofferdams built in the
dry For construction under water a sheet pile wall can
be built out from the bank usmg guide walings sup-
ported by a piled trestle Rockfill can then be end-tipped
out from the bank on both sides of the sheet piling
(Fig 10 3(d))

For rockfill cofferdams constructed m the dry the
provision of a sloping watertight core or cut-off has
certain advantages For example, the rockfill of a dam
with a sloping clay core as shown in Fig 10 3(b) can be
built up in weather unfavourable to placing and rolling
clay, leaving the clay to be brought up in better weather
penods With this type of construction it is necessary to
have a reasonably high stability in the clay by using,
say, a well-compacted and fairly dry lean clay such as
boulder clay in order to avoid a slip developing through
the clay layer It is also necessary to protect the outside
face of a clay core against wave action by blanketing
with rockfill

s •
Impermeable stratum

Clay core

Permeable layer

Dumped

sodfill
Impermeable stratum —

(a) (b)

Steel sheetConcretec4ieiImpermeable stratum

(c) (d)

Figure 10.3 Types of rockfihl cofferdam
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(c)

::::
(e) (1)

xL
(d)

Figure 10.4 Types of timber sheet piling (after Fowler'°3) (a) Plain butt-jointed sheeting (b) Lapped butt-joint (c) Tongue-and-
groove joint (d) Joint formed by nailing or spiking strips to sheet piles (e) Keyed joint with keys inserted and dnven after driving
piles (J) Birdsmouth joint formed by bolting together double-bevelled planks (g) Wakefield sheet piling

10.1.3 Timber sheet pile cofferdams

Timber sheet piling was extensively used for cofferdam
work in the nineteenth century, but it has been gradu-
ally replaced by steel piling However, where timber is
readily available it can still be used with advantage and
economy m low head dams

Fowlerioi gives details of eight types of timber sheet
piles, as shown in Fig 10 4(a)—(g) He gives the fol-
lowing rule of thumb for the spacing of walings 75 mm
planks require walings every 1 8 m for less than 1 5 m
head of water, or every 09 m for 64 m head, 100mm
planks require walings every 2 m for 27 m head and
every 1 5 m for 54 m head, 225 mm planks require
walings every 2 7 m for 6 m head Timber sheet piling
of the Wakefield pattern (Fig 104(g)) is used exten-
sively in Mexico City and in Canada where timber is
readily available Timber sheet piling was also used
extensively for the Stockholm Underground Railway
extensions constructed in 1953—57 where the depth of
water was less than 3 6 m and where there was only a
small thickness of overburden to rock The cofferdam
was constructed by driving a row of H-section king
piles on each side of the excavation The piles were
supported on their outer face by raking steel H-section
struts Timber walmgs were fixed at two levels between
flanges of the king piles, and 75 mm tongue-and-groove
timber sheet piles were driven in front of these wal-
ings through the thin overburden of sand and gravel to
bedrock The thrust transferred from the wahngs to the
king piles was camed by steel trusses spanning across
the excavation These trusses also served as a working

platform for plant and matenals and to support the sheet
steel cover over the whole of the cut-and-cover excava-
tion This allowed work to continue an severe winter
conditions Soil was tipped in front of the sheet piles to
increase the watertightness The arrangement of the
timber piled cofferdam and supporting truss is shown
in Fig 105

Where timber sheet pile dams are required to retain
high heads of water it is the usual practice to use a

Granite bedrock

FIgure 10.5 Timber sheet pile cofferdam, Stockholm
Underground Railway

(b)

Ends sharpened to close Jomts
when driving

(a)

t4 c ct
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double wall and to fill the space between the two with
puddled clay This type of construction was common-
place before the advent of steel sheet piling and the
older engmeenng journals contain many examples of
this type of work

The main disadvantage of timber sheet pile dams is
their limited depth of cut-off since the piles cannot be
driven deeply into granular soils or stiff clays without
risk of splitting or 'brooming' They are most useful for
low heads of water and for cofferdams founded on an
irregular bedrock surface

10.1.4 Timber cribwork dams

Cnbwork dams are usually constructed in the form of
preassembled timber cribs which are lifted by crane or
floated into position and sunk on to the nver bed Stone
filling is then placed in the cnb to give stabihty, and
steel sheet piling or other forms of sheeting are driven
on the outer face to give watertightness. They are essen-
tially free-standing dams used for wide excavations and
are suitable for irregular and rocky nver bottoms where
the cribs can be carefully 'tailored' to suit the nver-bed
profile It is essential that they are placed on a founda-
tion of adequate bearing capacity to resist the heavy
weight of contained rockfill and the bearing pressures
caused by the water and earth pressure This form of
construction also facilitates closure in fast-flowing water,
where the cribs can first be placed and filled with rock
and the flow allowed to pass between them The gaps
between cribs can then be filled with sheet piling or
honzontal timber stoplogs

White and Prentis'°' give a detailed description of
the Ohio River type of articulated timber cofferdam
which was designed for use with the river of that
name The dam consists of two rows of timber sheeting
with earthfill between and earth banlung on both sides
to give it stability (Fig. 106(a)) Because of its width
this type of dam is stable against seepage when con-
structed on a permeable bottom as well as on a rock
foundation The distinctive feature of the Ohio dam is
its articulated construction in the form of a continuous
linked framework preassembled on a barge and 'paid-
out' as the barge is towed along the line of the dam
(Fig. 106(b)). The framework is tailored to suit the
profile of the river bed as determined by close-spaced
soundings A gang working from a second barge fol-
lows up by setting the sheeting planks which are nailed
to the walmgs above the water line, and a dredger fol-
lows behind pumping fill inside and outside the coffer-
dam Drainage holes are provided in the sheeting to
draw down the water level in the fill as the cofferdam is

pumped dry, so avoidmg excessive hydrostatic press-

Sheeting

_______ leton framework

______ EIIIiI
HH- :lIIIIlIIlI1lllluI

Barge
(b)

Figure 10.6 Constructing the Ohio-type cofferdam (after White
and Prenti&° I)

ure between the timber sheeted walls The cofferdam
is removed by a reverse process to its installation
A dredger pumps out the filling, starting at one end. A
gang takes away the sheeting, then the framework is
lifted by floating crane and dismantled section by sec-
tion The Ohio-type cofferdam is quick to install and
requires no falsework, but it is difficult to construct in a
fast-flowing current It is also sensitive to erosion, and
heavy slope protection is required at critical points such
as closure sections and corners

10.1.5 Steel sheet pile cofferdams

Steel sheet piling is widely used for cofferdams, in-
cluding the deepest types, because of its structural
strength, the watertightness given by its interlocking
sections, and its ability to be driven to deep penetration
in most types of ground The deep penetration gives
resistance to inward movement at the bottom of the
excavation and sufficient cut-off to prevent piping in
permeable ground The pnncipal types of sheet pile in
general use around the world are shown in Fig 107
The Larssen or trough-type sections (Fig 107(a)) are
widely used for cofferdam construction because of the
positive character of their 'wrap-around' clutch which
is beneficial in minimizing declutching when driving
long piles in difficult ground They have the disadvan-
tage that the interlocks are located on the neutral axis
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20mm tie rods

(a)



(a)
(b)

Cofferdam types 441a
(c)

i1
(d)us fillet
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Figure 10.7 Types of sheet pile sections (a) Larssen (b) Frodingham (c) Peine piles (d) Straight web (e) Larssen sections
clutched to Peine piles (f) Frodingham sections welded to universal beams

of the combmed section of a pair or continuous wall of
piles BS Code of Practice 8004 states that the piles
may be assumed to develop substantially the strength of
the undivided section only when they are driven fully
into the ground with the exception of the following
conditions for which the section modulus of a smgle pile
(i e not a pair of piles acting as an undivided section)
should be used

(a) Where the pile passes through very soft clay or
other weak material;

(b) Where the pile is prevented by rock from penetrating
to the required cut-off depth;

(c) Where the pile is used as a cantilever or if it is
cantilevered to a substantial height above the level
of the highest waling,

(d) If backflhling is placed against one side of the
piling after it has been driven

The properties of single Larssen sheet pile sections
are shown in Table 10 1(c)

Items (a), (b), and (c) can be overcome by welding
or pressing together the interlocks of the inner and
outer piles of each pair so that they develop the necessary
shear resistance In any event, the interlock resistance

may not be a critical factor in design because in many
cases a section modulus much higher than that required
to resist soil or hydrostatic pressure is needed to ensure
that the piles can be driven to the required penetration
depth without damage or loss of integrity of the com-
pleted wall

The Frodingham (or Hoesch) section is shown in
Fig 107(b) Tins has the advantage that the interlocks
are at the outside face of the wall, thus permitting the
development of the full bending and shear resistance of
the single pile However, the clutch is not as positive as
the Larssen section and is liable to part if the piles twist
when driven deeply into stiff or hard clays Neverthe-
less the Frodinghani section is used quite widely for
cofferdam work

The Peine pile (Fig 107(c)) consists of broad-flanged
H-sections with the tips of the flanges deformed. When
linked together by separate I-section locking bars the
piles form a wall of considerable stiffness The inter-
lock is not as positive as the Larssen pile, but the close
spacing of the locking bars on both sides of the wall
provides a good resistance to twisting

Straight web, or flat web, piles (Fig 107(d)) are
clutched together to resist tensile forces to form
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Table 10.1 Sections and properties of various makes of steel sheet piling
(a) Larssen steel sheet piling (manufactured by Corns UK Ltd)

Section b
(mm)

h
(mm)

d
(mm)

t
(mm)

I flat
of pan
(mm)

Sectional
area
(cm2/m)

Mass

(kg/m) (kg/rn2)

Combined moment
of inertia
(cm4/rn)

Section
modulus
(cm3/m)

LX8
LXI2
LXI2d
LXI2dIO
LXI6
LX2O
LX2Od
LX25
LX25d
LX32
LX32d
LX38
6W
2OWd
GSP2
GSP3
GSP4
6—42

6(122)
6(131)
6(1387)

600
600
600
600
600
600
600
600
600
600
600
600
525
525
400
400
400
500
420
420
420

310
310
310
310
380
430
450
460
450
460
450
460
212
400
200
250
340
450
440
440
440

82
97

100
100
105
125
112
135
156
190
215
225
78

113
105
130
155
205
220
254
286

80
82
82

100
90
90
100
100
11 0
110
130
14 5
64

100
86
86
97

140
140
140
140

250
386
386
386
365
330
330
351
326
340
320
337
331

333
265
271
259
330
248
251
251

1160
1360
1377
1545
1570
1770
1816
2017
2122
2428
2685
298 2
1080
1958
1530
1910
2420
3390
3700
3970
4210

546
639
649
728
741
832
855
950
999
1144
1265
1404
447
807
480
600
760

1327
1220
1310
1387

910
1064
1081

1213
1235
1386
1425
1580
1666
1906
2108
234 1
851

1537
1200
1500
1900
2654
2905
3118
3302

12861
18723
19167
19855
31175
43478
45557
57656
57246
73802
75324
87 570
6459

40574
8740

16759
38737
94680
92452

102861
111450

830
1208
1237

1281
1641

2022
2025
2507
2544
3209

3348
3807
610

2028
874

1340
2270
4208
4200
4675
5066

(b) Frodingham steel sheet piling (manufactured by Corns UK Ltd)

Section b
(mm,
nominal)

h

(mm,
nominal)

d
(mm)

t
(mm,
nominal)

fi
(mm,
nominal)

j2
(mm,
nominal)

Sectional
area (crn2lm
ofwall)

Mass

(kg/rn) (kg/rn2
ofwall)

Combined
moment
of inertia
(cm4/m)

Section
modulus
(cm3/m)

IBXN
IN
2N
3NA
4N
5

476
483
483
483
483
425

143
170
235
305

330

311

127
90
97
97
140
170

127
90
84
95
104
119

78
105
97
96

77

89

123
137
149
146
127

118

1665
1260
1430
1650
2180
3020

621
478
542
626
824
1008

1304
991

1123
1298
1708
2369

4919
6048

13513
25687
39831
49262

688
713

1150
1690
2414
3168

circular cofferdams of the types shown in Fig 10 8(g) cross straps welded to the guide waling at the rear flange
and descnbed m Section 105 section The dimensions and properties of the types rolled

The individual piles descnbed above can be corn- by the Corus Group aregiven in Table 10 1(a—c), refer-
bined in various ways to increase the section modulus ence should be made to manufacturers' handbooks for
of the wall Thus the Peine pile can be linked by the information on sheet piles from other countries
locking bars to Larssen sections (Fig 107(e)), and pairs For low heads of water and shallow excavations,
of Frodingham sections can be welded to universal the cofferdam can consist of a single wall which is
beams (Fig. 10 7(f)) In a process developed by self-supporting by the cantilever action of the piling
Dawson Construction Plant Ltd the flanges of standard (Fig 108(a)) Higher heads can be withstood ifabank
I-sections are crimped and linked together by separate of earth is left on the inside face (Fig 10 8(b)) if an
locking bars to form a wall similar to that shown in earthflll bank is built up against the inside face, msta-
Fig 10 7(c) When pitching and driving the combined bility may occur if the outside water level falls, when
sections of the type shown in Fig 10 7(f), it is essential an unbalanced pressure will develop on the inside
to restrain the beam sections from twisting by means of Single-wall construction can also be used where itis
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Table 10.1 (cont'd) (c) Properties of single Larssen sheet pile sections

Section Cross-sectional
area (cm2)

Dim
(Fig

ension A
10 7(a)) (mm)

Moment of inertia
about axis XX (cm4)

Section modulus about
axis XX (cm3)

LX8 696 70 2744 263
LXI2 814 56 3236 272
LX12d 827 55 3266 272
LX12d 10 93 1 62 3950 342
LXI6 944 72 5620 403
LX2O 1060 85 8154 531
LX2Od 1089 96 9183 601

LX25 1210 89 10499 636

LX25d 1273 87 10161 630
LX32 1457 81 11614 668
LX32d 161 1 82 12 164 727
LX38 1789 83 14074 814
6W 567 45 1247 155

2OWd 1028 82 7058 500
GSP2 612 39 1135 140
GSP3 764 50 2275 228
GSP4 968 64 4578 355
6—42 1690 83 13407 789

6(1220kg) 1554 90 12437 770

6(1310kg) 1667 85 12882 777

6(1387kg) 1768 82 13185 780

(e)

Figure 10.8 Types of sheet pile cofferdam (a) Single wall (b) Single wall with earth bank
(d) With multiple frames (e) Double wall (f) Double wall on permeable soil (g) Cellular

(g)

possible to strut across the excavation For low heads a
smgle top frame can be used (Fig 10 8(c)), but for high
heads or deep land cofferdams it is necessary to provide
multiple frames (Fig 10.8(d)) Where the excavation is
too wide for cross-bracmg an earth-or rock-filled double-

walled cofferdam is adopted (Fig 108(e)) Where such
cofferdams are built on permeable ground it is usual
to place earthfill on the inside, thus lengthening the
seepage path and preventing piping (Fig 108(f)). The
intenor earth bank also gives added stability where

External tie

(a)
(b)

Earth or rock fill

(d)

1Fill

Plan of cells

(c) With single top frame
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there is a risk of tilting due to overturning moments on
soils of moderate bearing capacity Self-supporting
cofferdams to withstand high heads of water are some-
times constructed in cellular form, the cells being filled
with rock or earth (Fig 108(g))

10.2 Design of single-wall sheet pile
cofferdams

10.2.1 Design conditions

Cofferdams must be designed to withstand the follow-
ing conditions:

(1) Hydrostatic pressure of water outside cofferdam.
(2) Hydrostatic pressure of water inside cofferdam if

the water level outside falls at a faster rate than can
be attained by pumping down or the discharge from
valves or since gates

(3) Earth pressure outside cofferdam

They must have overall stability against the following
conditions

Base failure from bottom heave
Failure from inward yieldmg
Failure from piping or blows
Failure during removal

The distribution of hydrostatic pressure on a coffer-
dam is triangular, and because hydrostatic pressure
generally provides the major proportion of the external
pressure on a cofferdam and is generally three or four
times (or more in certain types of ground) the earth
pressure at any given depth, it is the normal practice to
calculate earth pressure on cofferdams in the same way
as retaimng walls, i e a triangular pressure distribution
calculated by the methods given in BS 8002 Earth-
retaining Structures and in sheet pile manufacturers'
handbooks It must be remembered that the density of
a soil below the water table is taken as its submerged
density which is approximately half its fully saturated
density, where seepage into the cofferdam takes place
beneath the toe of the sheeting the effect of the pore
pressures on the hydrostatic pressure distribution behind
and in front of the cofferdam wall should be taken into
account as shown in Fig 5 25(c)

Much detailed and practical information on the
design and construction of sheet pile structures is given
in the recommendations of the German Committee for
Waterfront Structures 104

10.2.2 Spacing of frames

For economy of materials and fabncation costs of
bracing frames it is desirable to space the horizontal

frames so that they each carry, as nearly as possible,
an equal load from the hydrostatic pressure transmitted
to them by the sheet piling The exception is the top
frame which is provided at or just above top water level
as a guide frame and prevents inward movement when
pumping down the cofferdam before the second frame
is fixed The required spacing of the frames for equal
loading can be expressed in terms of multiples of the
spacing between the first and second frames Thus, if
the top waling is set at water level and assuming the
sheet piling to be simply supported over the walings,
then

Distance from top to 2nd waling = h
Distance from top to 3rd waling = 1 60h
Distance from top to 4th waling =2 03h
Distance from top to 5th waling =2 38h
Distance from top to 6th walmg = 2 69h
Distance from top to 7th waling = 2 97h
Distance from top to 8th waling = 3 22h
Distance from top to 9th waling = 345h
Distance from top to 10th waling = 3 67h

Where the strength of the sheet piling is the governing
factor, the distance h is determined by the moment of
resistance of the piling Allowable working stresses for
sheet piling are usually selected within a range of val-
ues depending on the grade of steel The lower figures
in each range are adopted for permanent structures and
deep cofferdams for which consequences of failure due,
say, to separation of pile clutches in hard driving condi-
tions would be serious The higher figures in the range
are used for temporary works including cofferdams in
which failure or yielding would not have serious con-
sequences The range of values corresponding to each
grade of steel are shown below Also shown is the for-
mula for calculating h,,.. assuming the sheet piling to
be simply supported at the wahngs, and values of Z.,
the combined modulus of section of the sheet piling in
cubic centimetres per metre of wall

Grade of steel Allowable tensile
stress (N/mm2)

Distance from top
2nd waling h,,, (m)

Mild steel (BS 4360 125—165 4o 1937 x
Grade 43) 2557 x

Medium tensile steel 165—1 95 ho 2557 x Z
hO 3022 X Zp

High-yield steel 175 —230 110 2712 x
(BS 4360 Grade
5OBandC)

ho 3565 x z"

(1)
(2)
(3)
(4)



This edition is reproduced by permission of Pearson Educational Limited

•0
N

I

Design of single-wall sheet pile cofferdams 445

Values of h,,. are plotted against Z, for the various
allowable tensile stresses (Fig 10 9)

A severe condition of hydrostatic pressure may oc-
cur in deep cofferdanis when the water level within the
cofferdam is lowered to allow the second bracing frame
to be fixed in the dry At this stage there is an excess
pressure between the inner water level and the point of
fixity of the sheet piling in the ground equal to the
difference in head between the inner and outer levels
Thus in a deep cofferdani the bending moments due to
this excess pressure over the long span between the top
wahng and the point of fixity in the ground may be
considerable, and may well be the most severe condi-
tion for the flexural stress m the piling and the loading
on the top bracing frames If the stresses in the sheet
piling or the loading on the top frame are too severe for
this pumped-down condition, then heavier section
pilmg can be used or the distance between the top
and second frame can be reduced It is also possible to
get over the difficulty by using divers to fix the second
frame under water In very deep cofferdams it is advis-
able to check the conditions for the top and second

frames when the cofferdam is pumped down to fix the
third frame

This problem may not arise in tidal waters when the
second frame can be fixed during neap tides, or while
the water level outside the cofferdam is at low water of
spring tides Sluices or valves of adequate size must be
provided in the walls of the cofferdam to let the water
flow out as the tide is falling, otherwise an internal
pressure sufficient to burst the cofferdam may develop
It is always advisable to provide an external walmg as a
safeguard against outward movement of the piles due
to unexpected head differences The provision of sluices
or valves to unwater a cofferdam on the falling tide
also saves a considerable amount of unnecessary pump-
ing and enables the cofferdam to be flooded rapidly if it
shows signs of distress or bottom failure

Driving in long lengths or to deep penetrations into
difficult ground will require heavy sections of sheet piling
or alternatively the adoption of medium or high-tensile
steel Thus, if the full flexural strength of the heavy or
high tensile steel piling is to be developed, the spacing
between walings will be large, with a correspondingly

12

11

10

9

8

7

B

5

4

3

2

—____
—

High tensile steel (Pit = 230 N/mm2)
High tensile steel (ps, = 175 N/mm2)

74

,0
Me um tend7 I

--
Mild steel (p = 125 N/mm2)

Mild steel (p, = 165 N/mm2)
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-
I Sheet piles/ff7ff////— — — — — — I I I

Figure 10.9
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high loading in the frames The loading may be too
great for the economical use of timber frames and it
will be necessary to use steel or reinforced concrete

10.2.3 Design of frames

Walmgs and struts are constructed from timber or steel
or a combrnation of these materials (Fig 10 10) Walmgs
are designed as beams simply supported between struts
unless they are continuous over at least three spans or
unless the joints are designed to develop the necessary
shear and bending strength In circular cofferdams on
land the walings can be designed as ribs carrying radial
thrust This arrangement, with its freedom from cross-
bracing, can give an economical design of cofferdam
Packshaw102 states that the maximum diameter of cof-
ferdams for which the frames are designed as circular
ribs without cross-bracing is 45—60 m The loads on
the walmgs from trough-section sheet piling should be
treated as a series of point loads in direct contact with
the walmg. Where walings act as struts to other walings
(i e at corners) they should be designed to carry the

combined stresses of bending and direct compression
Struts should be designed as round-ended members
between walings or cross-members If the length be-
tween cross-members is taken the connections should
be adequately braced both in the horizontal and vertical
planes The structural design requirements of timber,
steel, or concrete bracing members is given in Chapter
9 Bracing frames designed as prefabricated units must
be accurately constructed with tolerances to allow easy
fitting inside the sheet piling They should be made
25—50 mm smaller than the plan dimensions inside the
sheet piling to allow for mward deflexion of the sheet
piling during pumping down

When considenng the bending stresses on the sheet
piling below the bottom frame, the point of fixity can
be taken in good ground as one-tenth of the height of
the piling, but in weak ground such as soft mud the
point of fixity should be taken as 6 m below ground
level or the depth to a firm stratum, whichever is the
least Below the bottom frame the pressure on the sheet
piling is carried by the passive resistance of the soil
below excavation level The method of calculating this

—c-c—

/

-

C-

1'

I' -

Figure 10.10 Single-wall steel sheet pile cofferdam with steel wahngs and timber knee strutting
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Figure 10.11 Non-linear relationships for soil retained behind flexible structure (a) Probable relationship (b) Simplified
relationship (after Haliburton'°5)

passive resistance is given in BS 8002 Earth-retaining
Structures Heavy and contmuous pumping from a
cofferdam founded on permeable ground will reduce
the passive resistance of the soil below excavation level
because the upward seepage towards the pumping sump
will cause the soil to be in a partly 'quick' or live
condition Piping or incipient 'blows' will completely
eliminate all passive resistance and the active earth pres-
sure and hydrostatic pressure on the piling will be car-
ned solely by cantilever action from the bottom frame
Consideration should be given to the possibility of scour
occurnng dunng pitching the sheet piles, which will
lower the soil level within the cofferdam, thus reducmg
the passive resistance

10.2.4 Computer-aided design for cofferdams
in braced sheet pile and diaphragm
wall construction

Apart from the computenzation of routine manual design
techmques the application of computer-based methods
to this topic has been somewhat limited There has been

some use of the beam-column on non-linear horizontal
Wmlder spnngs method this is identical in principle
to the p—y approach for the isolated pile described in
Section 7 17 2, but the form of horizontal spring
characteristic is different and representation of struts
or anchors has to be introduced One approach to the
technique has been descnbed by Hahburto&Oi,iOS who
adopted Terzaghi'&°7 concept of non-imear curves of
soil lateral pressure and displacement (Fig 10 11) One
problem which arises in defimng the curves is the value
of effective width or depth to be used for a flexible
earth-retainmg structure in the evaluation of E and E5'
Hahburto&°6 suggests that the total depth of the final
embedment (after completion of excavation) be taken
as the effective depth for the soil on the excavation side
of the wall, while for the retained soil, in the case of a
strutted excavation, the effective depth should be taken
as the largest vertical distance between struts or the dis-
tance between the top of the wall and the topmost strut,
whichever is the greater Figure 10 12 shows results
obtained by Hahburton for the analysis of a strutted
excavation

Lateral
earth
pressure

At rest

Active

(0)

Structure deflection

Lateral
earth
pressure

At rest

Structure deflection



This edition is reproduced by permission of Pearson Educational Limited

448 Cofferdams

LEP — — — —

(psflft)

0 20 Defl (ft)

—500
(d)

(psf/ft)
2500

RTcurve

031 031048
—325' Defl(ft)

LT curve
(a)

Figure 10.12 Analysis of strutted sheet pile wall using non-linear spnngs to represent soil (example problem by Ha1iburto&°)

An application of the Haliburton approach was under-
taken by Clark and Prebahara&°8 for cofferdams
associated with the construction of part of the Singapore
MRT underground railway The cofferdam walls were of
steel sheet piling which was driven through soft marine
clays generally overlain by 8—12 m of hydraulically
placed sand fill Excavation within the cofferdams was
to depths of the order of 15—18 m Figure 10 13(a) shows
predicted and measured values of strut loads for one
cofferdam while Fig 10 13(b) gives a comparison of
predicted and measured sheet pile deflections for four
of the cofferdams The predictions appear to have been
very accurate However, the authors give no details of
the precise denvation of the non-linear curves of lateral
soil pressure and displacement — predicted values of
sheet pile deflections in particular could be sensitive
to assumptions m the denvation In another study
Wood and Perri&°9 reported predictions of displacements,

bending moments, and strut forces for diaphragm walls
enclosing an 11 m deep excavation, predominantly in
London Clay The site was extensively instrumented
and preliminary measurements led to the following
intenm conclusions

(a) Observed horizontal displacements were of the same
magnitude as predicted, but agreement between
measured and predicted deformation profiles was
less good

(b) Predicted bending moments were in excess of
values derived from diaphragm wall strain gauge
readings

(c) For the upper two levels of struts there was good
agreement between predicted and measured values
of compressive force, but for the third and lowest
level measured values were approximately half
those predicted

Lateral
earth 500
pressure
(psflft) 020

— — ,,'
Defi (ft)

(b)

LEP
(psf/ft)

1000

325

013 027
Defi (ft)

(c)
(a)

* Curve not to scale
Structure and soil data for example problem (a) Detail of example, (b) Curve*
at surface, (c) Curve* at H= 5ft, (d) Curve* at 15ft depth for LT Soil Mass,
(e) Curves* at 20 ft depth
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Deflection (mm)
0 100 0 100 (1 100II II II

Predicted deflection after dewatering
Measured deflection after dewatering

(b)

Figure 10.13 Comparison of predicted and measured strut
loads and sheet pile deflections in cofferdams for Singapore
MRT underground railway (after Clark and Prebahara&°8)
(a) Strut loads in cofferdam K (b) Sheet pile deflection

Application of the boundary element method to the
case of a strutted diaphragm wall has been reported
by Wood '° Both imear and non-linear analyses were
made, the latter allowing for limiting values of soil

jO FIgure 10.14 Comparison of computed and measured bending
moments in model of strutted excavation in loose sands (after
Smith and Boorman109)

10.2.5 Piping in single-wall cofferdams

Stability against base failure by heaving and against
inward yielding should be checked by the procedure
descnbed in Section 9 7 The stability against 'piping'

(a)

U

10

Bending moment (lb in 1ft4)

.5

20 )
30

pressure, and the results compared with results from
Winkler spnng linear and non-linear analyses Wood
concluded that for the particular case considered the
Winider spring approach gave a more realistic predic-
tion of the behaviour of the wall

The finite element method has been used to model
the behaviour of strutted excavations for elastic soil
properties (see Burland and Hancock'° U) and also for
non-linear and inelastic soil properties (see Simpson
et al I The method has the potential to model with

Coffdam Coffe;dam
Cofferdam

Coffdam a high degree of realism the complicated stress paths
associated with the sequence of excavation stages, the
insertion of struts or anchors, and the unloading/reload-
ing response in the soil mass Figure 10 14 shows the
results obtained by Smith and Boorman'°'3 from the
finite element analysis of a model of a strutted wall in
loose sand and gives a comparison with the model test
results obtained by Rowe and Bnggs 1014
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or 'boiling' in the base resulting from heavy upward
seepage of ground water into the cofferdani must be
checked in cases where the sheet piles are not driven
into an impermeable stratum It is important either to
prevent piping or to reduce it to an insignificant amount
since severe piping can lead to loss of ground outside
the cofferdam and even to undermining and collapse of
the sheet pile wall As already mentioned, it can cause
loss of passive resistance of the ground to the inward
thrust of the sheet piling Piping occurs when the exit
gradient, or the ratio of the head to the length of seep-
age path, at the point of outflow into the cofferdam
reaches unity, at this stage the velocity of the upward-
flowing water within the cofferdam is sufficient to lift
and displace the soil through which it is flowing Smce,
by Darcy's law,

Constant x Head
Velocity =

Length of seepage path

it follows that the tendency to piping can be eliminated
by lengthening the seepage path, for example by driv-
ing the sheet piling to a sufficient depth or if width is
available by providing a bank of permeable soil within
the cofferdam Lengthening the seepage path by driv-
ing the piles to a deeper penetration may be ineffective
in a dense granular soil, particularly if large gravel or
cobbles are present, causing the sheet piles to split at
the clutches This will cause a large reduction in the
length of the seepage path and a severe risk of piping
The other method of preventing piping is to reduce the
head of the water causing seepage, this can be done by

pumping from welipoints or deep wells placed at or
below the level of the bottom of the sheet piles This
procedure is descnbed in Chapter 11 Minimum values
for the depth of cut-off sheet piling are as follows

Width ofcofferdam Depth of cut-off D

2H or more 04H
H 05H
05H 07H

Piping is most likely to take place in loose fine
sands which are permeable enough to allow seepage
through them, but whose grain size is small enough to
be disturbed by the seepage forces Piping is unlikely
to occur in gravels since the draw-down in water level
outside the cofferdam as a result of their high perme-
ability usually lowers the head, so reducmg the hydraulic
gradient Piping does not take place in silty or sandy
clays due to their low permeability Doubtful cases can
be analysed by drawing flow nets similar to that shown
in Fig 10 15 The use of finite difference and finite
element methods of analysing flow into excavations is
descnbed in Chapter 11

If piping takes place unexpectedly, for example by
an unforeseen increase in external water head due to
abnormally high tides or flood levels, or due to split
clutches in sheet piling, emergency action must be taken
to prevent its spreading. A small localized inflow can
soon erode a large channel into the cofferdam, causmg
undermining and collapse of the wall If boiling is seen

Figure 10.15 Flow net for cofferdam

Factor of safety against piping = 1/06 = 1 7

Sheet piling 12 m long

H 7
Exitgradient= = =06

Nxa 12x95/l0
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to occur in an isolated patch of more permeable soil it
can sometimes be controlled by building a wall of clay
bags around the seepage, thus reducing the effective
head However, this procedure often results in a boil
breaking out in another place The most effective pro-
cedure is to flood the cofferdam and then take measures
to reduce the hydraulic gradient as already described

10.3 Construction of single-wall sheet
pile cofferdams

10.3.1 Pitching and driving piles
To ensure verticality in pitching piles and to prevent
them from moving off the vertical when dnvmg past
obstructions, it is most important that sheet piles should
be driven through guides In the case of land coffer-
dams the guides are provided simply by a lower pair of

guide walmgs at ground level and an upper pair at the
highest level permitted by the position of the hammer
on completion of the first stage of driving These guide
walings are supported at one end by bolts through the
partly driven piling and at the other by cross members
(Fig 10 16) Alternatively, a timber or steel trestle can
be built and moved as a unit by crane The trestle should
have sufficient stability against overturning from wind
forces on a panel of sheet piles pitched as shown in
Fig 10 16

Where sheet piles are driven over water the guide
wahngs are supported by timber or steel piled stagmgs
constructed by floating plant It is unsatisfactory to drive
sheet piling by floating plant without fixed guides for
the piles The guide walings and staging can consist of
pairs of guides at low water level and at top waling
level (Fig 10 17(a)) or the cofferdam wahngs can be
assembled in a prefabncated unit which is supported

Steel piles driven
' p p n through vertical

—— [1I>*<]I><1I1
tu walingunit

R<IF
:ii ii ii::

JvrUdA]fr$ V.7flflrYCI V,/ Sheet piles drivenngs" after placing

Bottom guide walings

(a)

Figure 10.17 Dnving sheet piling over water

(b) (c)
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First panel
to be driven
at final stage

Second panel

fl tobe driven
at intermediate
stage

Next panel being pitched

L Thirdpanel to:r be driven
after first stage
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Depth for
interlock

Figure 10.18 Methods of pitching and driving sheet piles (a) Single (successive) (b) Echelon (c)Panel
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from the nver bed (Fig 10 17(b)) Where short piles
are driven by frame the guide walings need only be at
the top waling level (Fig 10 17(c)).

Guide walings should consist of substantial timbers,
say 300 x 300 mm or H-sections placed with the web
horizontal The walings are fixed at a distance 5 mm
wider apart than the overall depth of the piles, and
this dimension is maintained by distance pieces Three
methods of pitching and driving sheet piles are shown in
Fig 10 18 For the single (or successive) method shown
in Fig 10 18(a) a single or pair of piles is clutched to
the top of the last pile driven and then driven to the full
design penetration This method is suitable only for short
piles or piles driven wholly into loose sands, because
it provides little restraint to the tendency for piles to
twist as a result of unbalanced pressure from the soil
packed into the trough of the pile and for the develop-
ment of a secure interlock with the pile already driven
Also there is no restraint to the tendency of piles to
creep and lean forward in the direction of driving

In echelon driving (Fig 10 18(b)), a panel of five—
seven piles is driven to part penetration and the next
succeeding panel is pitched. The hammer is then re-
turned to the first panel which is again driven to part
penetration followed by the second panel, and then a
third panel is pitched The hammer is again returned to
the first panel which can be driven to its final penetra-
tion, and the work continues in two, three, or more
stages of driving each successive panel The German
Waterfront Committee'°4 states that echelon driving
'especially for long and deeply embedded piles should
be required by the specification and always insisted
on', the depth of stagger between adjacent piles should
not be more than 5 m 'at extreme depths' For three-
stage driving the recommended stages are 04, 035,
and 0 25 respectively times the full penetration depth

The panel method (Fig. 10.18(c)) is descnbed in BS
8004 At the commencement of driving a pair of piles
is set up in the guide frame, carefully plumbed in two
directions and partly driven An adjoining panel of 6—
12 piles is then set up and clutched with the first partly
dnven pair. The hammer is next placed on the last pile
of the panel which is partly driven followed by the
remaining piles working back towards the initial pair
The second panel is then assembled and clutched to the
last pile of the first panel followed by part driving all
piles in this panel, again working in the reverse direc-
tion to the advance of the wall Driving is continued in
one or more stages of part driving until the first panel
and then the succeeding panels are driven to the required
penetration The panel method is slower than echelon
drivmg, but it provides the best security against the piles
becoming declutched m difficult ground conditions

Using either echelon or panel driving an important
feature is the use of a restraining device on the leading
pile to prevent deviations from line at the early stages
of penetration The Frodingham or other Z-section piles
are driven with the male clutch leading, and the flat
of the pile held against the face of the guide waling by
a spacer block hooked over the flange of the guide
(Fig 10 19(a)) The leading clutch of a Larssen pile is
similarly restrained by a cleat slotted over the two
flanges of the waling (Fig 10 19(b)) It may be neces-
sary to provide a second spacer block in the trough of
the second pile If the piles have crept out of verticality
there will be difficulty in making the closure A slope
of more than 1 in 300 will give difficulty in closing,
depending on the length of the piles, their flexibility,
and the ground conditions Corrections in verticality
can be made by driving with an eccentric blow or by
straining the piles by block and tackle If these meas-
ures cannot give enough correction it will be necessary
to use a tapered pile to make the closure. It is therefore
convenient to make the first pile to be pitched a corner
pile, when a special section riveted or welded tapered
corner pile can be provided as detailed in the hand-
books of pile manufacturers

In small cofferdams it is advantageous to pitch and
interlock all the piles before driving any of them This
is usually impossible in large cofferdams because of
the length of guide walings required and the likely
instability of a large area of unsecured piling exposed
to flowing water in a river or tidal stream

Piles are usually driven in pairs, except m hard driv-
ing conditions However, they are usually pitched as
single piles

Sheet piles may be driven by drop-hammer, single-
acting hammer, hydraulic (Fig 8 8) or diesel hammer
operating in a pile frame or with false leaders, or by
double-acting hammer with or without leaders Double-
acting, hydraulic or diesel hammers are generally pre-
ferred for speed and efficiency, and this type functions
well in most types of ground, especially in sandy and
gravelly soils

Double-acting hammers are preferred for use with
floating plant, and Type 'B' hammers have the advan-
tage of being able to work under water to depths of up
to 15 m Hydraulic or drop-hammers are preferable in
some circumstances, especially when driving in heavy
clays

Explosives can be used to loosen dense or hard soils
and rocks to facilitate the penetration of sheet piles
The Rosenstock shock blasting process,'°15 employs
low-energy explosive charges detonated simultaneously
in close-spaced boreholes located along the line of the
sheet piles Driving of the piles into the loosened ground



Cleat hooked over flanges
of waling

Figure 10.19 Spacer blocks for guiding sheet piles (a) For Frodingham sections (b) For Larssen sections

follows as quickly as possible before it has time to
reconsolidate

Vibratory hammers (Section 84) can be used for
sheet pile driving in sandy or gravelly soils Their rela-
tively low noise level is advantageous for pile dnv-
ing in built-up areas The so-called 'silent' pile-driving
equipment operates on the pnnciple of pushing sheet
piles into the soil by hydraulic rams against a reaction
provided by the skin friction developed on piles already
in place Initially this reaction is obtained by the pen-
etration of the panel of piles under the 10 t mass of
the equipment As the piles in the panel are alternately
pushed down the skin friction resistance is progres-
sively increased The maximum thrust of each of the
eight rams is 2250 kN The equipment operates with-
out ground vibrations and is virtually silent The 'Hush'
piling system employs a drop-hammer within a sound-
absorbent box, which is also effective in achieving
relatively quiet driving The Bullivant 'Quiet' hammer
achieves substantial noise reduction by eliminating

metal-to-metal contact between hammer and cushion in
addition to a sound-absorbent shroud

The noise from sheet pile driving is an important
consideration in the selection of the type of hammer.
As yet there is no legislation in Britain for specific
noise levels which must not be exceeded inareas acces-
sible to the general public Local authonties adopt their
own standards and maximum day and mght noise levels
of 70 and 60 dBA respectively are frequently stipulated
for urban areas Control of noise is also necessary to
protect the health of site operatives The Health and
Safety Executive recommends that no person should be
exposed to a noise level of more than 90 dBA for eight
hours a day in a five-day week and ear protection is
required for persons exposed to this or greater noise
levels It is recognized that pile-dnvmg noise exceeds
90 dBA, but the operations are not continuous through-
out the working day and the observed noise level can
be converted to an equivalent sound level which takes
account of the duration of noise emission
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Table 10.2 Noise from pile-driving operations

Type of hammer Type of pile Observed noise level Approx distances (m)
for noise levels of

dBA Distance from
source (m)

70 dRA 90 dBA

'Silent'
Vibratory (med frequency)
BSP Impulse
Drop (in 'Hush' tower)
Drop (internal)
Drop (5 t)
Diesel (light with shroud)
Vibratory (high frequency)
Diesel (light)
Double-acting (air)
Single-acting (air)
Diesel (medium)
Diesel (medium)

Steel sheet
H-section
Steel sheet
Steel sheet
Cased
Precast concrete
Steel sheet
Steel sheet
Steel sheet
Steel sheet
Precast concrete
Steel sheet
Steel tubes

70
90
90
70
90
98—107
95

113
97
90
90

116
121

1 5
1

3
18
18
7

18
2

18
110
140

7
7

1 5
14
45
18

170
200—400
274
287
345

1050
1350
1400
2400

0 15
1

3
1 5

18
20—50
27
29
34

110
140
150
280

Some observed noise levels from pile-driving ham-
mers are shown in Table 10 2 It will be seen that a dis-
tance of more than 1000 m is required from the noisiest
group of hammers before the sound is attenuated to a
permitted level of 70 dBA

It is important to protect the heads of sheet piles
dunng driving Where double-acting hammers are used
for driving piles singly or in pairs, a double anvil block
is supplied with the hammer For driving with smgle-
acting or drop hammers, a single or double cast-steel
driving cap should be used in conjunction with a hard-
wood or plastic dolly Driving caps are sometimes used
with the large double-acting hammers for driving heavy
sections of Larssen piling

Long lengths of sheet piling are conveniently driven
in two stages In the first stage the piles are pitched by
long jib demck or crawler crane and driven to part
penetration by a light or medium weight hammer In
the second stage a heavy hammer suspended from a
shorter jib crane is used to complete the driving Alter-
natively, the two-stage driving can be accomplished
with two pile frames, the first a tall light frame and the
second a short sturdy one Using a pile frame for the
first-stage driving facihtates placing the hammer on
the pile, which is not an easy job for a man work-
ing high on a ladder lashed to a swaying pile when
working without a frame A typical method of two-
stage driving is illustrated in Fig 10 20.

Where long runs of sheet piling have to be driven,
the two-stage method, with simultaneous driving of the
two stages, gives rapid progress Another method is
to use specially designed travelling rigs incorporating
multiple hammers

10.3.2 Driving with limited headroom

Difficult problems arise when piles have to be driven
where there is limited headroom in which to pitch the
piles and place the hammer One method is to drive
the piles in two lengths with dovetailed joints Alternate
piles are driven 1 or 2 m deeper than the adjoining
ones, the upper row of piles can then be interlocked
with the upstanding portions (Fig 1021) and the two
lengths driven down together Where watertightness
is required the butt joint must be welded up If it is
desired to utilize the full flexural strength of the piling
it may be necessary to add fishplates The dovetailing
method can also be used where the sheet piles are too
long to be handled and pitched by the available crane

10.3.3 Example of single-wall coflrdam design

The Thames Barrier cofferdams The construction
of the foundations for the abutments and piers for the

Figure 10.20 Typical two-stage pile driving
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D62 diesel hammers operating m the leaders of two
Menck MK6O piling rigs The piles were driven in
pairs with 10 per cent stitch welds along the clutches
The piles were provided with toe plates to reduce skin
friction and every eighth pile was provided with an
inclmometer tube to check verticality The closing sec-
lion of two of the cofferdams was achieved by welding
Larssen clutches to each pile on either side of the gap
and then forming a 'blister' of Larssen piles to form
the closure. The interior of the blister was scaled by
cement and chemical grouting

The stiffness of the sheet pile sections made it
possible to excavate under water to depths of 10—12 m
below river bed before fixing the bracing frame at
—1 0 m (Fig 10.22) During this penod it was neces-
sary to balance the intenor and exterior (tidal) water
level by pumping Excavation was undertaken by a com-
bination of grabbing, reverse-circulation dnlling, and
airlifting The variable gap between the waling and the
sheet piles was filled by grout bags consisting of plastic
fabric m a wire mesh container placed by diver and

Thames Bamer in 1977—80 required excavations in 11
cofferdams ranging in depth from a top level at +5 2 m
to an excavation level at —13 to —24 m 0 D Eight
cofferdams were constructed from Larssen 6 sheet piles
with bracing frames at one to four levels, but the two
deepest and one other deep excavations were supported
by interlocked Peine piles (Fig 10 7(c)) The change
from the Larssen to the Peine sections was made after
experiencing various problems with hard driving in
chalk and dense sands which resulted in numerous split
clutches was also considered that the double skin
of the piles would provide a more watertight structure
and if declutching did occur the spaces between the two
skins could be readily sealed with concrete The need
for only a single level bracing frame greatly facilitated
the excavation operations and the subsequent founda-
tion construction

As a first operation a contiguous bored pile wall was
mstalled along the centre line of the cofferdam walls
The pile boreholes were filled with a low-strength mix
of pf ash—cement The Peine piles m lengths up to 384 m
were then pitched by crane through piled trestle guides
and driven into the 'soft' contiguous piles by Delmag

Grout bag Strut

'—-

S i- Girder

Upper row pitched
ready for driving

— Hammer

Travelling chain blocks

— Pile being pitched

Bottom row
fully driven

Figure 10.21 Driving sheet piles in limited headroom

4
+5 20m

-W—1 OOm

Peine 900 S
sheet piles/

—18 75m
I

—240Dm

—27 OOm

—33 20m

I

5;. $
'c5.

/
Lowest designed
excavation level

Figure 10.22 Section through pier 4 cofferdam, Thames Bamer
(after Gnce and Hepplewhit&° 6)
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Figure 10.23 The use of grout bags to fill the gap between piles and walings, Thames Earner cofferdams (after Gnce and
Hepplewhite'° 16)

filled with a sand—cement—plasticizer mix injected into
the bag from the surface A 25 mm hole was formed
in each bag to receive a 60 g explosive charge which
was placed and detonated at the stage of removing the
wahngs The arrangement of the grout bags is shown
in Fig 1023 The rocker bearers between the bags and
the sheet piles were provided to accommodate the
deflected shape of the piles

Chalk and sand adhering to the piles was removed
by divers using water Jets and scrapers and the final
excavation to formation level was performed by a
combmation of augenng and airhfting The underwater

base slab was placed through 300 mm tremie pipes on a
7 5 m grid The concrete contained 50 per cent cement
replacement in the form of pf ash and a retarding
admixture The weight of the slab was insufficient to
counterbalance the water pressure in the underlying
strata, and pressure relief pipes discharging above
the top of the slab were provided In some cases the
tubular piles supporting the piling trestle were used to
form the pressure relief pipes A section through the
cofferdam alter completing the base slab is shown in
Fig 1022 The Thames Bamer was constructed by a
joint venture of Costain, Tarmac, and Hollandsche Beton

Rocker bearar

- Rockerbearer

_______ Batten plate

Peine 900 S
steel sheet pile.
steel
equivalent to
grade 50

'rfltIlti
Twin 914x 419 x 38UB

— —
9i4x4l9x388UBstrut.
grade 43A

waling, grade 50D

---Fabric grout bag

.n__fl___t_ — — — — —

Section



This edition is reproduced by permission of Pearson Educational Limited

458 Cofferdams

Figure 10.24 Stages in the construction of Manna Bay Station, Singapore MRT (after Clark and Prebahara&°8)
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Maatschappij to the designs of Rendel Palmer and
Tritton, consulting engineers to the then Greater London
Council

Marina Bay crossing and station, Singapore MRT
The 11 km cut-and-cover section of the Singapore MRT
railway with a 300 m over-water crossing and a station
on land reclaimed from the sea is a good example of
the complexities of cofferdam construction in poor
ground condition and the use of mathematical model-
ling techmques to analyse the effects of the construc-
tion sequence on strut loadings at each stage of the
excavation 1081017 Southwards of the bay crossing the
soil conditions consisted of about 10—12 m of sandy
reclamation fill and 8—15 m of soft marine clay over-
lying firm to stiff clay Ground-water level was about
2 m below ground level.

The full length of the section was divided into 16
cofferdams separated by sheet pile bulkheads Six stages
in the construction of the Manna Bay station coffer-
dams are shown in Fig 1024 Stage 1 compnsed driv-
ing sheet piles consisting of Frodingham I BXN sections
welded to 610 x 305 mm universal beams similar to the
arrangement shown in Fig 107(f) The sheet piles were
30 m long and were driven in lengths of 16 and 14 m to
a depth of 27 5 m below ground level The initial exca-
vation was taken out to a depth of 2 m and the top level
bracing frame consisting of twin broad-flange beam
section wahngs and struts was installed at ground level
The excavation was then deepened to 7—11 m and the
second level bracing frame was installed at 6 m depth
The cofferdam was then flooded to within 05 m of the
tops of the sheet piles and the excavation was taken out
to the full depth of 18 m by grabbing, Jetting, and air-
lifting (stage 2) At this stage bored piles were installed
to support the station structure The upper parts of the
piles were permanently lined with steel casings vibrated
into place The exterior of the casings was provided
with shear connectors to provide a restraint to uplift of
the base slab

The slab which was placed under water by tremie
pipe (stage 3) was only 1 5 m thick and of insufficient
weight to overcome hydrostatic uplift In addition to
restraint by the piles pressure relief pipes were installed
through the slab and a compressible void former made
up from five layers of corrugated steel sheets (Fig 1025)
was placed on a 300 mm sand bed before placing the
tremie concrete The purpose of the void former was to
permit swelling of the stiff clay by about 50 mm, thus
reducing further the uplift pressure on the slab The
cofferdain was dewatered at stage 4 and the lower part
of the station box was constructed At stage 5 the tops
of the already constructed walls were strutted by the

Figure 10.25 Compressible void former beneath base slab,
Manna Bay Station, Singapore MRT (after Clark and
Pmbahara&o')

permanent intermediate floor slab which allowed the
second level bracing frame to be removed This was
followed by completing the walls and top slab (stage
6) The high modulus combined section sheet piles were
needed to span the 8 m depth of wall between the
second bracing frame and the tremie slab

The tunnels on either side of the station were con-
structed in the same sequence except that it was possible
to construct the complete tunnel box below the level of
the second bracing frame

10.4 Double-wall sheet pile cofferdanis

10.4.1 Design principles

Double-wall sheet pile cofferdanis are essentially free-
standing walls used for wide excavations where cross-
bracing would be uneconomically long Cofferdams of
this type are not used for land excavations since in
these conditions support to a single wall can be given
by raking shores, or by components of the permanent
structure, as descnbed in Section 95 7 Double-wall
cofferdams consist of two lines of steel sheet piling (or
for low heights an outer hne of steel and an inner line
of timber sheet piling) driven into the ground and tied
together at the top by walings and tie bolts For high
heads it may be necessary to install sets of wahngs and
tie bolts at lower levels Dams on impermeable soil
need not have an inner banking but, on permeable soils
and soils of moderate bearing capacity, an inner bank-
ing is a desirable addition (Fig 10 8(f)) The space
between the piling is filled with sand, gravel, crushed
rock, or broken bncks The depth of penetration of the
piles depends on the pressure exerted by the filling and
on the need to prevent horizontal shding Each line
of sheet piling is considered to be anchored at the top
or intermediate levels and restrained at the bottom by
the passive resistance of the soil Where cofferdams are
constructed on permeable soils, the depth of penetration

layers
corrugated steel
sheet thickness 0 4mm
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of the piles is also governed by considerations of piping
White and Prentis'°' have made an extensive study of
double-wall cofferdanis on such ground and they take
the view that lengthemng the seepage path m a horizontal
direction is more effective and is more economical than
lengthemng it by deeper penetration of the sheet piling
They regard inner earth banking as an essential feature
in the stability of double-wall cofferdams against col-
lapse following on piping Another important feature
is the wide drainage ditch (Fig 10 8(f)) carefully laid
to falls with check weirs as necessary to keep the ditch
full of water and the velocity of flow low enough to
avoid erosion

White and Prentis state that the inner row of sheet
piles contributes nothing to the watertightness of the
dam and that its maui function is to prevent collapse in
the event of overtopping causmg erosion on the inside
face Their double-wall cofferdams for the work on the
Mississippi River were designed to be overtopped dur-
ing the flood season and they make the point that it is
important to provide adequate sluices through the walls
to allow the intenor to be flooded as the water level
outside rises, so reducing the risk of erosion or piping
under high external heads The need for rapid lowering
of the internal water level during the period of a falling
river level is also important, as the reverse head may
cause collapse of a cofferdam which is not designed
for this condition Generally, the detailed and practical
observations of White and Prentis on these double-
wall cofferdams are of absorbing interest and should be
studied carefully by engineers concerned with major
cofferdam construction

10.4.2 Filling materials

Where double-wall dams are constructed on unstable
soils it is necessary to excavate between the sheet pile
rows and remove the soft material before placing the
filling This procedure is facilitated by providing dia-
phragms between the rows at a spacing of four to eight
times the width Individual cells between diaphragms
can then be pumped down and excavated Clay and
other materials which must consolidate before they
offer much resistance to external pressure should not
be used as filling Watertightness is given by the outer
row of sheet piles and not by the fillmg material Weep
holes should be provided at various levels in the inner
wall to drain down the filling, thus avoiding internal
hydrostatic pressure Rubber washers can be provided
around the tie bolts between the external walings at the
face of the sheet piling for added watertightness

The sheet piling of double-wall cofferdams founded
on rock must be restrained from outward movement by

banks of earth or rockfill or by bagged concrete on both
inner and outer faces The pressure exerted by the filling
can be reduced by using concrete in the lower part The
nsk of sliding on a sloping rock bottom can be pre-
vented by a bank of rockfill on the inner face or by
dowelling a base slab of concrete to the rock by means
of short steel rods or old rails fixed into holes drilled in
the rock

The double-wall cofferdam shown in Fig 1026 was
constructed by George Wirnpey & Co for the Pitlochry
Dam and Power Station Scotland, in difficult condi-
tions of bedrock covered by gravel and large boulders
Rock level in the bed of the River Tummel fell steeply
towards the excavation The cofferdam was constructed
at a low stage in the river and diaphragms permitted
individual cells to be pumped out and excavated to
rock level Sealing concrete was rammed under the piles
and dowel bars were used to key the dam to the rock
Further concrete was placed beneath the mner row of
piles Records of the flow in the river showed the depth
tovarybetweeno3and38m Flowshigherthan24m
were infrequent and the cofferdam was designed to be
overtopped at this level

10.5 Cellular sheet pile cofferdams

Cellular cofferdams for work in nvers and the sea
consist of complete circles of interlocking piling con-
nected by short arcs (Fig 1027(a)) or a series of arcs
in a double wall connected by straight diaphragms
(Fig 1027(b)) or modified circles (Fig 10 27(c))

They have the advantage that little falsework is re-
quired in their construction, the only requirements are

Rock fill

Rubble flU

Figure 10.26 Double-wall sheet pile cofferdam for Pitlochry
Dam
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(b)

(c)

Figure 10.27 Layout of cellular sheet pile cofferdams
(a) Circular cells (b) Diaphragm cells (c) Modifiedcircular
cells

Driving sheet pilesCompleted cells
Template

Pumping

11011 I I

fill

Guide piles

Figure 10.28 Constructing cellular cofferdams

top and bottom templates for pitching the piles They
can be constructed working out from land, each suc-
cessive cell, after filhng, forming the working platform
for dnving the next (Fig 1028) Trough-shaped piling
is unsuitable and special straight web sections must
be used Sand, gravel, crushed stone, or broken bncks
are swtable matenals for filling Clay is unsuitable for
the reasons already stated for double-wall cofferdarns.
Cellular cofferdams can be used on an irregular rock
bed when the sheet pile lengths can be tailored to suit
the rock profile They are also suitable for founding on
stiff clays or sandy or gravelly soils In the latter two
cases it is usually necessary to provide an mner earth

banking to give the necessary length of seepage path to
avoid failure by piping

Cellular cofferdains suffer from an important hazard
in that a major failure at any interlock may result in
complete failure of a cell with serious consequences
Thus it is inadvisable to use cellular construction on
ground contauung boulders or other obstructions which
might cause splitting of the piles or parting of the inter-
locks Great care must also be taken in the accurate
pitching and driving of the piles Packshaw'°2 states
that the ratio of the average width (i e the area of a cell
divided by the distance between centres of cells) to the
height should be 085 or 09 if the filling is sand, or
08—085 if the filling is rock

The design of a cellular cofferdam requires consid-
eration of the following factors

(a) Resistance to overturning (Fig 1029(a)),
(b) Resistance to sliding where there is little or no

penetration of the sheet piles (Fig 1029(b)),
(c) Resistance to tilting provided by vertical or

horizontal shear resistance of fill material
(Fig. 10 29(c));

(d) Resistance to tilting provided by shear resistance
on a curved rupture surface at or near the base of
the cell (Fig 1029(d)),

(e) Resistance to failure by interlock separation
(Fig 10 29(e)),

(f) Resistance to shear failure provided by the soil
beneath the base (Fig 10 29(f));

(g) Resistance to tilting due to escape of soil from
beneath the base (Fig 10.29(g)),

(h) Resistance to general shear slide of the structure
and soil retained by and beneath the structure
(Fig 10 29(h))

The failure modes in Fig. 10 29(c—g) havebeen ana-
lysed by Dismuke failure modes m Fig 10 29(a,
b, and h) can be analysed by conventional methods

10.6 Concrete-walled cofferdams

10.6.1 Bored cast-in-place piling

A cofferdam formed by a row of bored and cast-
in-place piles sunk in close contact with one another is
a useful construction expedient for situations where
headroom limitations prevent the driving of steel sheet
piling or where it is necessary to avoid vibrations from
pile driving Bored pile cofferdains can also be used in
ground containing boulders which would split steel sheet
piles or cause them to come out of interlock However,
bored piles sunk in bouldery ground are in themselves
a costly form of construction

(a)



This edition is reproduced by permission of Pearson Educational Limited

462 Cofferdams

(a)

Figure 10.29 Modes of failure of cellular cofferdams

The size of the piles depends on the pressure exerted
by the retained water and soil and the spacing of the
walings Diameters of 300 mm to 1 m are commonly
used and the piles are reinforced against bending
stresses Figure 1030 shows a deep excavation sup-
ported by contiguous bored piles Where this form of
support is used in cofferdams to exclude a heavy flow
of ground water, the 'secant' system of alternate 'hard'
and 'soft' interlocking bored piles must be used m
permeable soils, as descnbed in Section 545

10.6.2 Continuous diaphragm (membrane) walls

The use of grabbmg and drilling methods to excavate
trenches supported by bentomte mud for the construction
of basement walls has been descnbed in Section 5 44
Similar techniques can be used for the construction of
concrete-walled cofferdams The ground within the cof-

(b) Hard layer

ferdams is subsequently excavated and support given to
the concrete walls by strutting or tied-back anchorages

Another method of forming a bamer to surround an
excavation or to form a bamer within an embank-
ment is the ETF process This employs a heavy steel
H-section which is driven with a gwde device to the
required penetration Clay—cement grout is then injected
at the bottom through a pipe fixed to the web of the
H-section The section is withdrawn while injection
is continued, thus the grout fills the void left on with-
drawal to form a section of the continuous membrane
(Fig 10 31) In a process developed by Keller a vibra-
ting umt with wide fins is used to form the slot m the
ground If the soil is suitable, a diaphragm wall can be
made by stabihzmg the soil insitu withcement using a
churn drill or a rotary drill fitted with a fish-tailed dnll-
ing bit This method can be used for small excavations
in sands or gravels.

(h)

_—-J
— Surface of shear

slide
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Extraction Dnvmg

tcp
51H-sections
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Figure 1031 Continuous diaphragm constructed by the
LIT process

10.6.3 Precast concrete blockwerk

Precast concrete blocks can be used to form gravity
dams This method is limited to special circumstances,
such as repetition work in short lengths of cofferdam
where it is undesirable to use bracing or where for
one reason or another the double-wall steel sheet pile
cofferdam cannot be adopted As blockwork dams are
heavy and sensitive to fairly small differential settle-
ments which might cause the blockwork to open at the
joints, they cannot be used on ground of low bearing
capacity

It is normally necessary to construct the blocks to
fine tolerances with joggled or dovetailed joints to give
water-tightness and stability against sliding They must
also be set on an accurately screeded tremie concrete
bed, and successive tiers must be carefully placed to
ensure close joints This involves much work by divers
and the slinging and setting of heavy umts Therefore
blockwork dams are generally a costly expedient only
used m special circumstances

Figure 10.30 A contiguous bored pile retaining wall supported by ground anchors and reinforced cast-in-place wahngs
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10.6.4 Cofferdani construction by jet grouting

The jet grouting process consists of forming a cylin-
dncal hole in the soil by jetting followed by injectmg
a sand—cement mix to fill the void It can be used to
produce a wall of overlapping grout columns to enclose
an excavation The process is described in Section
11 3 7 It has the advantage of being capable of form-
mg a plug across the base of an excavation in addi-
tion to the cofferdam walls This avoids the need for
underwater concreting for a tremie concrete slab, or a
ground-water lowenng system to enable the base slab
to be placed in dry conditions The jet groutmg pro-
cess can also be used to seal openings in a sheet pile
wall caused by declutching, particularly at corners of
cofferdams

Jet grouting was used to form cofferdams for con-
structing buoyant foundations to support the viaduct
piers of a new expressway at Monte Barro m northern
Italy '°'9A 450 m length of the viaduct crosses a valley
where 8—10 m of peat were found to be overlymg a
great depth of sand and clay Ground water was at 1 m
below the ground surface. A circle of 1 2 m diameter x
25 m deep jet grouted columns was installed around the
site of the foundation, followed by forming a 5m thick
jet grouted base slab Then a second nng of columns
was formed outside the first to depths between —13 and
—25 m The excavation within the grouted nng was taken
out m 2 m stages and lined with 300 mm of reinforced
concrete at each stage After reaching the bottom of
the foundation, a PVC watertight liner was fixed to the
concrete hmng and a second 300 mm wall was con-
structed followed by placing a 25 m thick concrete base
slab and a capping beam The completed foundation is
shown m Fig 1032

10.7 Movable cofferdams

Where there is a considerable amount of repetition work
in underwater foundations, such as in the piers of multi-
span nver bndges or in long jetties, it is economical to
design the cofferdam to be moved as a single umt from
one foundation to another These consist typically of a
nng of steel plate segments or an assembly of sheet
piles which are secured to the top of a caisson forming
the permanent foundation of the bndge pier After sink-
ing the caisson to founding level the bridge pier is then
constructed within the cofferdam which is then dis-
assembled or floated off as a single unit to be used for
the next pier of the bridge An example of the movable
cofferdam used for construction of the piers of the
Sjaelland — Faro—Falster Bridge in Denmark is shown
in Fig 626

Figure 1032 Jet grouted cofferdam for viaduct pier, Monte
Barro, Italy

10.8 Underwater foundation construction

10.8.1 Working conditions

The following are some notes on methods of con-
creting under water and on underwater construction
generally Typical circumstances for the adoption of
underwater construction are in relatively small scale
or non-repetitive foundation work in deep water where
the cost of cofferdams or other temporary work might
greatly exceed that of the permanent foundation struc-
tures, or on sites where stability conditions for coffer-
dams or caissons are such that security against 'blows'
or pipmg can only be obtained at a high cost Other
underwater work includes fixing bracing to piles driven
from floating plant or stagings, cutting off sheet piling
or bearing piles when removing temporary structures
or in site clearance, and underwater drilling and shot
firing for rock removal

One of the ways to overcome the problems of under-
water working is to construct as much as possible of
the permanent work above water level and then to sink
it into place The technique for performing such opera-
tions for over-water bridge foundations was descnbed

RC capping

Jet grouted base plug
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Figure 10.33 Lowenng jacket for pumphouse structure of Toi
Mci Tuk B Pumping Station, Hong Kong (after Calkin and
Mundy1020)

in Chapter 6. An example of the method for construct-
mg a pumping station in deep water is descnbed by
Calkin and Mundy 1020 The pumpmg station is located
m the land-locked Plover Cove Reservoir in Hong Kong
where water levels could vary between the operating
levels of +14 and —3 85 mP D The reservoir bed after
removing soft silt was at —12 m As an alternative to
constructing a very deep cofferdain the contractor, the
Gammon—Keir Joint Venture, proposed to construct the
pumphouse above water on a piled staging while pro-
gressively lowenng it on to piles which had been cut
off about 1 m above bed level. The 24 1 5 m piles were
taken down to sound rock by dnlling methods through
permanent casing and 13 of the pile casmgs remained
to provide supports to a construction platform at +12 m
which was the prevailmg reservoir level at the time
Previously the jacket structure (Fig 10 33) had been
assembled around the foundation piles The four sets
of jacks at the corners of the jacket had a total lifting
capacity of 8500 t Each of the 16 centre hole jacks
were threaded with suspension cables consisting of 37
18 mm Dyform strands

The stages of lowenng the structure are shown in
Fig 1034 The 27 m thick base slab was constructed
on the platform and holes were formed in the slab to
match the positions of the piles (stage 1) The slab
was then lifted off the staging, which was dismantled,
and partly lowered into the water to reduce its effec-
tive weight (stage 2) The walls were then commenced
and were constructed in 3 5 m lifts dunng which time
the structure was lowered in stages to conform to con-
struction progress and changes in the reservoir level
(stage 3). Finally the base slab was lowered on to col-
lapsible cyhndncal forms surrounding the pile heads
These formed a seal with the base slab, allowing an
underwater connection to be made between the slab
and the piles (stage 4).

Underwater construction demands a special technique
and the permanent work should be designed with this
in view Simplicity is the essential feature, for example
mass concrete instead of reinforced concrete and
simple outlines to avoid complex underwater formwork
Although underwater work can proceed with little hin-
drance in sheltered waters, such work in the open sea is
entirely at the mercy of the weather. The scheme should
allow for the occurrence of the worst predicted storms
dunng the construction penod It is folly merely to trust
to luck that such storms will not occur if their effect
would be to wreck the construction plant and partly
completed work. The safe method is to design the work
so that construction vessels can be quickly disengaged
and taken to shelter, leaving the partly constructed foun-
dations in a stable condition Adequate fendering should
be provided to the permanent and temporary structures
and to the floating construction plant It is impossible to
make a hard and fast programme for work undertaken
in open waters Even if storms do not occur, the follow-
ing are limiting factors:

(a) Transfer of men from launches or small ships to
fixed stagings is difficult in wave heights of more
than 1 m and virtually impossible in wave heights
of more than 1.5 m unless special devices are used

(b) Lifting heavy matenal by crane on a fixed staging
from the deck of small ships or handling matenals
by a pontoon-mounted crane is difficult in wave
heights of more than I m and dangerous in waves
more than 1 5 m high 'Snatching' of the crane rope
can result in a temporary load of the crane of sev-
eral times the dead weight of the load bemg lifted

(c) It is difficult to bnng divers wearing conventional
diving suits out of the water on to a launch or fixed
ladder in wave heights of more than 1 m, although
they can work in rather more severe conditions in
self-contained equipment
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Figure 10.34 Stages in the construction of Tot Met Tuk B Pumping Station, Hong Kong (after Calkin and Mundy'°2°)

(d) Diving operations are difficult in currents of more The above factors are, of course, appltcable to ordmary
than 2 knots construction work Very large crane barges, including

(e) Divers cannot undertake long spells of work tn semt-submersible work platforms, remote-controlled
water deeper than about 15 m without long decom- underwater vehicles, anddeep-water diving equipment
pression periods during their ascentor in decom- have been developed for construction work in the open
pression chambers on the site seas and in deep water for the North Sea and other
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offshore oil fields These facilities as described in detail
by Gerwick'°2' are capable of operating in sea condi-
tions of greater seventy than those listed above

10.8.2 Excavation

Excavation in limited areas on foundation work is
normally camed out by grabbing and airhiting with
the cranes operating from pontoons or stagings Large
hydraulically operated backacter excavators have been
adapted for mounting on barges and working in water
depths of 15—20 m Small quantities of excavation can,
however, be dealt with by divers using airlift equip-
ment of the types illustrated in Section 646

Where it is necessary to drill and blast rock under
water, the work is camed out wholly by divers if the
area to be excavated is small Divers can drill with
hand-held jack-hammers in depths of water up to 15 m
without modification to standard tools, but it may be
desirable to carry a large-diameter exhaust pipe up to
the surface to prevent exhaust bubbles from obscunng
the diver's vision and to overcome back pressure on the
tool In deep water it is advantageous to increase the
pressure of the air supply to ensure efficient operation
of the tools Underwater drilling with hand-held jack-
hammers is not difficult in hard rocks, but in weak
rocks, such as weathered sandstone, marl, or weak lime-
stone, the tools are liable to clog and jam and the diver
has not the sensitivity of touch nor the ability to ease
up a heavy drill to free the drill steel Excavation by
divers in weak rock produces such turbidity in the
water that visibility is nil and the divers rely entirely on
feel. Soft and slurned material should be cleaned off
by air/water jet and raised to the surface by an ejector
For drilling and blasting in large areas the most effic-
ient method is to drill from pontoons or barges with
multiple drills mounted on them, or from transportable
stagings lifted and moved from point to point by floating
crane The final stage of trimming the rock excavation
for the anchorage pier of the South Bisan—Seto Bndge
(Fig 656) was undertaken by a honzontally rotating
millmg cutter operated from a jack-up barge

10.8.3 Underwater concreting

Concrete deposited under water is never as sound as
that placed in the dry There is always a tendency for
cement to be washed away or for the fine aggregate to
become segregated from the coarse Therefore, under-
water concrete should normally be regarded as a seal-
ing layer to enable a cofferdam, caisson, or hollow box
foundation to be pumped dry for subsequent placing
of the main structural concrete However, where the

circumstances are such that the whole of the concrete
work must be camed out under water, every care must
be taken to ensure a sound job Extra cement over
and above that required for compressive strength alone
should be added to the mix, but too much cement results
m excessive laitance forming on the surface of the layers.
It is also important to place underwater concrete on a
clean firm surface After dredging, the surface should
be levelled by dragging a heavy steel beam across it If
the surface is on rock, any high spots shown by the
drag should be dressed down by a diver If the surface
is on clay, mud, or loose sand, a blanket of crushed
graded rock should be placed and levelled by drag
Where the surface has to be levelled accurately to re-
ceive a box caisson or blockwork, it should be screeded
by divers working with a strike-off template across a
pair of carefully levelled steel screed rails A blmding
layer of concrete or sand—cement grout over the crushed
stone layer is advisable where blockwork or reinforced
concrete has to be placed.

Formwork For small thicknesses of concrete where
the outhne need only be rough, such as sea-bed protec-
tion to piles or piers, the formwork can consist of con-
crete in bags (Fig 10 35(a)) Greater heights of lift, or
successive lifts, can be achieved with formwork pro-
vided by precast concrete blockwork (Fig 1035(b))
Steel formwork is required for high lifts and for all
underwater structures where regularity of outhne is re-
quired The forms should be designed to be assembled
in units above water, preferably with the reinforcement
fixed within them before the whole assembly is low-
ered to the bottom Gaps between the bottom of the
forms and the crushed rock bed or blinding layer can
be filled with bagged concrete or heavy plastic sheet-
ing The forms should not be designed to be shored up
externally but as self-supporting units with the thrust
on the panels camed by cross ties above or below the
finished surface (Fig 10.35(c)) Any underwater con-
nections made between formwork units should be as
simple as possible with pins or toggle connections rather
than bolts

Placing Underwater concreting is camed out by the
following methods

(a) Bags
(b) Bottom-dumping skips
(c) Trenue pipe
(d) Grouting pm-placed aggregate (prepacked concrete)

Concrete placed by divers emptying it from bags is
limited to small quantities since the work is slow and
laborious The bags are made of canvas or polythene
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Figure 10.35 Types of underwater formwork (a) Concrete bagwork (b) Precast concrete blocks (c) Braced steel panels

about05mmdiameterandl2mlong Thebottomis
closed by a length of chain, or rope, with a slip knot
which is released by the diver Where the concrete is
built up in bagwork the bags should only be partly
filled (two-thirds to three-quarters). The diver builds
the bags up m bonded courses with the mouths of the
sacks away from the face The bags are rammed flat
while laying them Steel spikes may be dnven through
successive courses to hold them together

Bottom-dumping skips are designed to discharge their
contents after being lowered on to the bottom The door-
release mechamsm can be actuated by the skip coming
to rest on the bottom, or the skip can be provided with
an outside latch operated by diver or by a tnp wire to
the surface The skips should be provided with covers
to stop cement being washed away as they are lowered
through the water The concrete must not be dropped
through the water, and the mechanism should be checked
to ensure that the door has opened before the skip is
raised through the water

A tremie pipe is made up from a number of lengths
of 200—300 mm diameter steel pipes with quick-release
joints A receiving hopper is fixed to the upper end
The tremie pipe is slung from a crane or gantry and
lowered until the lower end is almost touching the bot-

tom A stopper of expanded polystyrene, cut ma roughly

sphencal shape, or an expendable steel plug, is placed
in the top of the pipe and concrete is dumped into the
hopper. This forces down the stopper until it is expelled
from the bottom of the pipe and the concrete flows out
Another method of preventing segregation in the first
charge of concrete is to introduce a bubble of com-
pressed air into the tremie pipe just below the concrete
A plug of vermiculite granules can also be used as a
stopper The granules become dispersed in the con-
crete As it is essential to keep the bottom of the pipe
buned in concrete the hopper must be kept well charged
and, if there is any sign of the pipe emptying, it must be
lowered quickly to close the bottom If there is any
tendency for the concrete to jam in the pipe, the tremie
must be 'dollied' up and down to release it For con-
cretmg in large areas a number of tremie pipes are set
at 25—75 m centres, the object bemg to limit the flow
of concrete in a honzontal direction so preventing the
build-up of excessive laitance. Concrete is placed in the
hoppers one by one in turn, moving to the next one as
soon as the level of the concrete has been raised by
0.5—1 m The tremie pipe should be emptied after each
turn and the stopper used for the refilling If the area is
not large enough to warrant a number of pipes, it should

I

Concrete placed by
tremie pipe or skip

Concreteinb
(a) /77/

Lifting hook
3rd lift -%

2nd lift ' ' • Precast concrete-- - kN
blocks set by diver
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Figure 10.36 Layout of underwater concreting equipment for the Thames Bamer pier foundations (after Once and
Hepplewhit&° 16)

be compartmented by steel or precast concrete slab
panels to ensure that the concrete does not have to
flow laterally by more than about 3 m Concrete pumps,
either discharging into the hoppers or directly into the
tremie pipes, are useful equipment for dealmg with large
volumes of concrete under water

The layout of the tremie pipes used for placing con-
crete in the Thames Bamer cofferdam&°'6 is shown m
Fig 1036 The largest underwater pours had a volume
of 6600 m3 which was completed in a three-day penod
The rate of placing was hunted to a nse of not more
than 2 m in 24 hours

The Dutch Hydrovalve system can be used for fairly
shallow pours The tremie pipe consists of a collapsed
rubber pipe A dry concrete mix with a slump of about
80 mm is fed into the hopper in batches which expand
the pipe in discrete amounts and are allowed to dis-
charge on to the surface of the concrete already placed
The cohesive character of the mix prevents the cement
from being washed out. The pipe is allowed to rest on
the concrete and is moved honzontally to keep a fairly
level surface on the pours

Concrete for placing by tremie should have adequate
workabihty (125—200 mm slump) to allow it to flow
readily Bouvier'° has made a detailed study of mix
design and operational techniques for tremie concrete

Prepacked concrete has its advantages m underwater
construction, since the volume of matenals to be passed
through the mixer is only one-third of the total volume
of concrete placed. This can give worthwhile savings
in the size of the mixing and batching plant which, in
turn, saves in the size of pontoons or barges or tempor-
ary stagmgs. These savings are important in work over
water, where the cost of purchase or hire of floating plant
represents a high proportion of the cost of the work

Grout pipes in the form of perforated steel or PVC
tubes or cylinders made up from expanded metal are
placed at intervals over the area to be concreted. Then
coarse aggregate of 12 5 mm or preferably 25 mm
minimum size is dumped inside the formwork by skip or
chute The grout injection pipes are lowered down the
perforated pipes until their ends are nearly touching
the bottom Alternatively, the injection pipes can be
used without the perforated outer casings Grout is then
pumped in and displaces the water as the level nses
The injection pipes are slowly raised until the whole
mass has been grouted Soundings are taken in inter-
mediate perforated pipes to check that an even flow is
being maintained The grout consists of a mixture of
cement and sand and sometimes pulvenzed fuel ash
(fly-ash) Workability aids are often added to improve
flow charactenstics The grout is mixed in an ordinary

Crane handling
tremie pipes

Transverse beams
supporting tremie pipes Mobile concrete pump

Trenue

of

Chk
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grout pan and transported by cementation pump, or in a
colloidal mixer with an attached displacement pump

The method must be used with caution m flowing
water, or in water containing silt or organic matter,
since there is a risk of the grout being washed away
from the aggregate or of the latter becoming coated
with silt or other material which would prevent a proper
bond with the grout Silty coatings on aggregates are
liable to occur when underwater excavation has been
undertaken in weak rocks such as chalk or marl Al-
though the silt tends to settle slowly and eventually the
water will clear, subsequent placing of the aggregate
would stir up the silt layer on the bottom and cause it to
be deposited on the lower layers of the aggregate Dnll-
ing inspection holes into the prepacked concrete of a
pier of the Arthur Kill Bridge in New Yorkion showed
that the 2300 m3 pier base consisted of layers or pockets
of loose aggregate surrounded by hard concrete The
mass of the material could not be relied upon to carry
the loading from the bridge structure and it was neces-
sary to drill large-diameter holes through it to enable
the pier base to be underpinned by piles

The 6 m thick floor of a graving dock in Scaramanga,
in Greece,'°24 was concreted by 'prepacked' methods
In spite of injection points on a 3 m grid and great care
in the selection of the 80—100 mm 'single-size' aggre-
gate and in the design of the cement—sand grout with

added plasticizer, extensive areas of leakage were ex-
penenced when the dock was fIrst pumped out

In tropical waters there is a risk of marine growth
around the aggregate occumng in a relatively short
period and therefore the grouting should be done within
a few days of placing the aggregate

Because of troubles with excess of laitance or of the
hkelthood of patches of aggregate remaining ungrouted,
the author would not recommend the prepacked method
for structures constructed entirely underwater where
external water pressure must be resisted or for any struc-
ture where high-strength concrete is required The pro-
cess is best suited to mass concrete work, such as the
hearting of piers or piles, where the material is placed
within a structural shell In all cases careful selection of
materials and close supervision of the work are required,
ensunng a uniform rise in grout level over the whole
area being concreted

In some circumstances it is advantageous to place
mass filling as a pumped sanded grout without any
coarse aggregate

10.9 Examples
Example 10.1 The cofferdam shown in Fig 1037 is
required for an excavation to a design depth of 7 5 m
The sequence of construction will be

Figure 10.37 Sections through cofferdam and soil conditions (a) At second stage excavation (b) At final stage (c) Soil conditions
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(1) Dnve sheet piles to form the cofferdam and ex-
cavate to 1 5 m

(2) Fix upper level bracing frame above water level
(3) Excavate to design depth under water and fix lower

level bracing frame at 7 m depth (Fig 10 37(b))
(4) Pump-out cofferdam, trim excavation and place

base slab
(5) Complete permanent work within cofferdam

A fairly stiff sheet pile section will be required to
prevent damage during driving of 12—15 m long piles.
Try a Larssen LX16 section Table 10 1(a) shows a
section modulus Z of 1641 cm3/m From Fig 109 the
maximum depth from the upper to the lower waling is
about 7 5 m for Grade 43 steel (f, = 175 N/mm2 for
temporary work)

The required depth of embedment of the sheet piles
into the stiff clay will be determined by limit equilib-
rium methods usmg the strength factor method of CIRIA
Report 104 described in Chapter 5 An excavation depth
of 8 m will be adopted to provide for over-excavation
below the design depth

From the standard penetration test N-values in
Fig 1037(c) take a characteristic N-value of 8 blows/
0 3 m Figure 2 13 gives 4)' = 29°. The safety factor in
the sand is taken as 1 35 to allow for disturbance and

the safety factor in the clay as 1 2 Drained soil con-
ditions will be assumed m the clay with an effective
angle of shearing resistance of 24° From Fig 5.28 the
coefficients of active earth pressure and passive earth
resistance are

Unfactored 4)' values

Sand (4)' = 29°) Ka = 0.31 for 6= 19°,
=449 for 6 = 145°

Clay (4i' = 24°) Ka = 0375 for 6 = 16°,
K=326for8= 12°

Factored 4)' values

Sand(4) = tan'(9) = 22 30)

K=040for8=15°,KPF=29for6= 11°

Clay(4 = tani(tan 240) = 2040)

K =043 for 6 = 14°, KPF = 26 for 6= 10°.

The active and passive pressures are tabulated in
Table 103

Taking moments about the upper waling frame and
using the pressures given by the factored soil strengths

Area Force (kN/m) Lever arm about upper waling (m) Moment about upper waling (kN—m/m)

4x 15=60 70—725=--025 —15

fxlo8xtS=81 70—70=0 0

In 148x75=1110 05+21=425
2

472

IV ÷ x240x75=900 05+ 2x75
495

417xd=41 7d 05+75+=8+-
2 2

3336d÷2085d2

vi

vii

4- x39xd2= 185d2

Total = 2151+41 7d+ 1 85d2

4.x232x1=116

05+75+-=8+067d
3

05+65+067=767

148d2+ i24d3

Total =9655 + 3336d+ 3565d2+ 1 24d3

89

VIII 208xd=208d 05+75+ 4-d=8÷05d 1664d-i-104d2

ix 4- x293dxd= 1465d2

Total= 116+ 20 8d+ 14 65d2

05+75+ Id=8÷067d 1172d2+98d3

89 + 166 4d+ 127 6d2 + 9 8d3
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Table 10.3 Pressures and resistances at second stage of excavation

Level Actwe pressure (kNIm2) Passive resistance (kN/m2)

Unfactored Factored Unfactored Factored

031x10= 31
031x18x15= 84

a+b= 115
031 x8x75= 186

0375/031(115+ 186)=367
0375x9xd=34d

0401313140
040/031x84=108
040/031x 115= 148
040/031 x 186=240

043/040x(148+240)=417
043/0375x34d=39d

449x8x1=359
326x8x1=261
326x9xd=293d

291449x359 =232
261326x261 =208
26/326x293d=234d

For equihbnum between active pressure and passive resistance

9655+3336d+3565d2+124d3=89+1664d÷1276d2+98d3

Equthbnum is given by a depth d013 5 m
Checking for factor of safety on moments (Method 3) using unfactored soil strengths

Area Force (KN/m) Lever arm about 71m) Moment about T (kN—m/m)

I

II

III

IV
V
VI

VII

VIII
IX

31x15= 47
+x84x15= 63

115x75= 863
+x186x75= 698

364x35=1274
+x34x352= 208

Total =3Jj
+x359x1= 180
261 x35= 913

+x293x352=172j
Total =2i

—025
0
425
55
975
1034

767
975
1034

—I

367

1242

Total overturning moment = 2201

138
890

J$i
Total restonng moment = 2884

2884
Therefore the factor of safety on moments = — = 13 12207 —

Table 5 1 shows this to be satisfactory for temporary work
The overturning and resisting moments, using unfactored soil strengths, are in equthbnuxn for a depth d of

approximately 26 m (toe level —3 6 m) Thus

Area Force (kN/m) Lever arm about T (m) Moment about T (kN—m/m)

1—IV
V
VI

VII

VIII

IX

167 1
364x26= 946

.- x34x262= 115
Total=

+x359x1= 180
261x26= 679

4-
x293x262= 990

Total= 1849

(449)
93
97

767
93
97

750
880

112

Total = 1742

138
631

960

Total= 1729

0

a
b
c
d
e
f
g
h
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Figure 10.38 Conditions at second stage excavation (a) Soil pressures and resistances (b) Shear forces (c) Bending moments

Equating the overturning and resisting forces

Load on upper waling = 2732— 1849 = 883 kNIm

The shear forces and bending moments corresponding
to the pressures and resistances in Fig 10 38(a) are
shown in Fig 1038(b) and (c) respectively from which
the maximum bending moment is 228 kN—m/m

The allowable stress for temporary work using Grade
43 steel is 175 N/mm2

228 x 106
Required section modulus =

175

= 1303 x 10 mm3/m,

compared with the modulus provided of 1641 mm3/m
for the Larssen LX16 pile Checking for the individual
pile.

Bendmg moment on smgle pile
=228x060= 137kN—m

Table 10 1(b) gives moment of inertia about axis of
5615 x iO mm3 and centroid of pile is 190 — 72 =
118 mm from centre line of wall

Moment of inertia about centre line of wall

=5615 x 104+94x 102x 1182
= 18704x i04 mm4

Modulus of section provided

— 18 704 x 10
— =984x103mm3

190

Modulus of section required

— 137 x 106
— =783x103mm3

175

The conditions for the second and final stages of
excavation taken down to +05 m plus 05 m for over-
excavation, and with the cofferdam pumped down to

GL Surcharge 10 kN/m
0)

1 0 (+7 0)
WL— 15(+65)

Max bending moment
=228 kN—m/m

8 0(000)

,Active soil ...J.......Passwe soil ______
pressure resistance

(b) (C)
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1 0 (+7 0)___GW.L 15 (+65) 115
mo 254x254
x 73 kg/rn strut

Larssen /
LX 25 sheet
piles

Reqwred Zno 533 x210
formation level x 92 kg/rn walings

70(+10) _____________
1— +051

80(00) WL

Deepest

Sand -

92 83

t
— (—1 0) permitted

2 no 254 x 254
x 73 kg/rn struts26 31 excavation

Clay

Pile toe level____________ L________ 92 115 (—45)
26 129

Net active soil pressure Net passive soil
resistance

(a) (c)

A B .—2no533x210x92kg/inwalings——-.._.

f41
— 36 36

30

—- j_trutc
x73kg/mstruts

Diagonal struts am omitted ofcofferdarn
rn upper bracing frame (b)

Figure 10.39 Conditions at second stage excavation (a) Soil plus pore-water pressures and resistances (b) Arrangement of lower
bracing frame (c) Bracing at final stage excavation

zero datum with the lower waling set at +1.0 m are r2(4 5 + 65) x 451
shown in Fig 1039(a) Pore pressure at 126 m =[ 2 45 + 6.5 j

Porepressures are calculated for conditions of steady
state seepage around the toe of the sheet piles using x 10
Fig 5.25(c) For a final excavation level at zero datum
(8 m b g.l.) = 64 kN/m2
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Rate of mcrease m pore pressure behind wall

64= =5 82 kNIm2Im
110

Rate of decrease m pore pressure in front of wall

65
144 kNIm2Im

4.5

Calculating combined soil pressures and pore pressure
on wall

From equation (5 8)

Active pressure at

+65m=031(18 xli + 10)—0= 11 SkN/m2,

+10 m = 0 31[(18 x 7 + 10) —5.82 x 55]
+ 5 82 x 5 5 = 64kNIm2,

—1.0 m (in sand) = 0 31[(18 x 9 + 10) —582
x 7 5] + 5 82 x 7 5 = 83 kN/m2;

—1 0 m (in clay) = 0 375[(18 x 9 + 10) —5 82

x 75] + 5 82 x 7 5 =92 kN/m2,

—4.5m(inclay)=0375[(18x9+ 19x35+ 10)
—582x 115}+582x 115

= 131 kN/m2

In front of wall

Passive resistance in sand at

—10=449(18 xl — 144x l)+ 144x 1
= 31 kN/m2,

Passive resistance in clay at

—10=326(18 xl — 144x 1)+ 144x 1
=26kN/m2,

Passive resistance in clay at

—45=326(18 xl + 19x 35— 144x45)
+ 144 x45= 129kN/m2

The above combined soil pressures and resistance and
pore pressures are shown m Fig 10.39(a)

Taking moments about and below lower waling at
+10

Overturning moment
= 64 x 2 x I + + x 19 x 2 x * x 2 + 92

35(2
+

21.)
+ + x 39 x 3.5 x (2 + 4 x 3 5)

= 1656 kN-m/m

Resisting moment

=fx3lxlx(fxl+1)+26

35(2 +2) + + x 103 x 3 5(2 + 4 x 3 5)

= 1148 kN—m/m

Bending moment to be camed by sheet piles

= 1656— 1148 = 508 kN—m/m

Required modulus of section

— 508 x 106

175
= 2903 x io mm3/m

This is excessive for the Larssen LX16 section Use

sheet piles in BS 4360 Grade 50A steel, reqwredz,,

508 x 106= =2258x103mm3/m

Provide Larssen LX25 section

(Z= 2507 x iomm3/m)

Checking for individual pile bending moment
= 508 x 06 = 305 kN/m

Centroid of pile is 225 — 82
= 143 mm from centre line of wall

Moment of Inertia of pile about centre line of wall

=9607x io+ 120x 102x 1432
=34 146x i0 mm

Modulus of section provided

34146 x 10= =3035x103mm3
112.5

Modulus of section required
305x106 3= =1355x103mm

Load on the lower waling is calculated by taking mo-
ments about the upper waling (Table 104). Thus

Load on lower waling

— (1770+3139+704)—(119+887+1861)
6

=458 kN/m

Equating horizontal forces,

Load on upperwaling=(155+910+ 1802+458)
— (332 + 322 + 68 2)

=225 kN/m.
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Table 10.4

Area in Fig JO 39(a)

I

11

in

Force (kNIm)

+x83x8=3320
92x35=3220

4x39x35=682

Lever arm about upper waling (m)

*x8= 533

8+35/2= 975

8÷x35=1033

Moment (kN—m/m)

1770

3139

704

iv
V

vi

fx3lxl= 155
26x35= 910

4x103x35=1802

7++xl= 767
8x35/2= 975

8++x35=1033

119

887

1861

Therefore the maximum load on the upper waling is
88 kM/rn for the first stage of excavation

The above high values of the bending moment in the
lower part of the sheet piles and the high forces on
the lower wahngs after pumping-out the cofferdam
are the result of assumption of 'long-term' drained
conditions in the clay stratum with steady seepage
into the excavation below the toes of the sheet piles
If it is accepted that 'short-term' undrained conditions
are maintained in the penod between pumping-out the
cofferdam and completing the lower part of the perman-
ent works then it is evident by inspection that the resist-
ing moments on the sheet piles below the lower walmg
are potentially higher than the disturbing moments The
decision to assume either drained or undrained con-
ditions in the clay is a matter of judgement by the
engineer possibly aided by instrumentation to observe
changes in forces camed by the lower walmgs and struts

The general arrangement of the walings and struts
forming the upper and lower bracing frames is shown
in Fig 1039(b).

Desigrnng the frames

For lower waling AB fixed at B and freely supported
at A

Maximum bending moment

— 458x362 — 742 kN—m—

8
—

For 165 N/mm2 allowable stress, Z, required

— 742 x 106 = 4498 x 10 mm3—

165

Use 2no 533 x 210 x 92 kg/rn UB Sections (1? = 2 x down

2076 x iO = 4152 X iO mm3),

which is sufficiently close for temporary work

Bntish Steel handbook shows that two 254 x 254 x
73 kg/m UC sections carry a safe load of 1948 kN over
a length of 5 m Take upper walmg as strutted at centre
pomt only and assume to be simply supported at end
and centre

88 x 7 22
Bending moment =

8
= 570kM/rn

570 x 106
Modulus of section required =

165

=3454x i0 nun3

Use2no 533x210x
92 kg/rn UB Sections (Z = 4152 x l0 mm3/m)

Load on centre strut in upper frame = 88 x 72

= 634 kN

Use single 254 x 254 x 73 kg/rn UC section (allowable
load = 974kN)

Web stiffeners will be needed in lower wahngs where
struts are abutting

The waling and strut loads can be checked using the
CIRIA Report C5 17 method described in Section 9.62
However, it should be noted that the empincal relation-
ships descnbed in the report are not strictly applicable
to this worked example because they were based on strut
load measurements where water pressure, if any, was
apphed only to the retained face of the wall, and where
any water within the excavation was pumped out before
assembling the wahngs and struts

At the first stage (Fig 1040(a)) before pumping

Distributed strut load (DSL) 0—1.5 m

=0.2(10+ 18x8)=308kN/m2
Strut C cames load of 458 x 3 6 = 1649kM DSL from 1.5 to 8 m =02(10 + 8 x 8) = 14 8 kN/rn2
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Figure 10.40 Distributed strut loads on sheet piling (a) First stage before pumping down cofferdam (b) Final stage after fixing
bottom waling and pumping down cofferdam

From Fig 9 36, total DSL on upper waling

=308x l0+30.8x05+ 148x35
=980 kN/m

The preceding calculation by CIRIA Report 104 method
gave a load on the upper walmg of 88 3 kN/m

At the final stage (Fig 1040(b)), with the cofferdam
pumped down (no seepage below sheet piles) and the
lower waling fixed

DSL on upper waling

=308x15+ 148x25-i-fx10x252
=1145kN/m

DSL on lower waling
= 148x30+ 148x05+4(10x25+ 10x60)
= 3068 kN/m

The above distributed loads can be compared with
225 and 458 kN/m for the upper and lower wal-
mgs respectively, calculated by the CIRIA Report
104 method The sum of the loads on the upper and
lower walings of 421 3 kN/m is not greatly different
from the sum of 4805 kN/m calculated by the Report
104 method

Example 10.2 The 21 x 9 m cofferdam for the piers
of a nver bndge shown in Fig 1041(a) is sited in 15 m
of water at highest estimated flood level The nver bed
consists of 5 5 m of soft silt overlying water-bearing
dense sand Bonngs show that the maximum head of
water in the sand layer is 122 m abbve river-bed level It
is necessary to found the pier in the dense sand stratum,
taking the foundation level 1 0 m into the sand

In the conditions shown m Fig 1041(a) it will clearly
be impossible to unwater the cofferdam to place the
base-concrete m the dry In the first place, pumping
down the level to fix the first bracing frame will give
excessive bending moments in the pilmg unless an un-
economical close spacing of frames is adopted, and in
the second place, the sheet piles would have to be driven
to at least 15 m below excavation level in order to avoid
piping after pumping down This would be impossible
in the ground conditions. Therefore the cofferdam must
be designed for the base slab to be concreted under
water The sheet piling can be driven around a prefab-
ncated bracing frame hung on to bearing piles dnven
through the soft silt into the dense sand stratum

A heavy section of high tensile steel pilmg is re-
quired in view of the length to be handled and to
economize in the underwater work in fixing the bracing
frames

lOkN/m2 surcharge

308 CL 0Dm

I GWL

L1L1 5m

10 kN/m2 surcharge

308 0Dm
Upper

1Dm level
walmg

Upper level waling
4 /

_LWL

E
I',

E
In'
In

80m

Deepest ,
excavation
level I

Lower
level
waling

14 8

14 8m

11 5 m

(a) (b)
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It will also be desirable to work to the lower range
of stress for high-tensile steel in view of the serious
consequences of failure

If Frodmgham No. 5 is adopted, from Table 10 1(b)

Z = 3168 cm3/m run

Maximum height between top and second waling from
Section 1022 is

h,,..=I(02712x3168)=95m
Depth from top wahng to third frame

= 16x95= 152m

Depth from top waling to fourth frame
= 203 x 95 = 19 3 m

The fourth frame will have to be raised to 15 m level to
bnng it above the nver bed and no further frames can
be fixed until after the base slab has been concreted and
the cofferdam pumped down

From pressure diagram (Fig 1041(b)) Average
pressure on second frame is

375x981+975x981 =662kN/m2
2

Therefore total load on second waling is

662 x 60=3972kN/m run of waling

For struts at 3 m centres, it will be satisfactory to assume
a uniformly distributed load Bending moment for
simply supported spans is

+15 000 m H H W of river

000
Is,

9 000x21 000m

long

750Dm

+7 500m
I -9

4500m

+3 00Dm
I -9

3 000 m
0 000 m

Head of water
in sand layer-=-
'8I00
Ic

I -Riverbed

71' Soft silt
c = 4 5 kNIm'

Water-bearing
dense sand

/////

(b)

1 000m

(a)

3000m 300Dm 21000m 300Dm 3000m

/2°0°'1,\.
II

-
II

2/3S9mmxl54mmx67kgUB

-

II II
s

)/2S4LxJ4mmJ73kti

•8•000
I,,
8000

• C,,

8000

800C
ci

(c)

Figure 10.41 (a) Cross-section (Note Vertical bracing members and other details not shown) (b) Pressure diagram (c) Layout of
walings and struts
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3972x32
=447kN/m.

Taking two-thirds of this value for continuous spans,
bending moment is

x 447 = 298kN/m

For 165 NInmi2 safe working stress in mild steel brac-
ing, required modulus of section = 1 81 x 103 cm3

Structural steel handbooks show that two 389 mm x
154 mm x 67 kg umversal beams can be used (net Z =
2x 1095x 10=2 19x 103cm3)

Checking shear stress, maximum shear on walings is

397.2 x 3 = 596kN,
2

shear stress on webs of walings is

596 x iO
78 9N/mm2,

2 x 97 x 389
=

which is within safe limits
If two rows of longitudinal struts are provided, effec-

tive length of cross struts will be about 27 m Maximum
load on struts is 595 x 2 = 1190 kN It will be conven-
ient for detailing the steelwork not to have the struts
deeper than the walings A universal column 254 mm x
254 mm x 73 kg in mild steel will support a safe con-
centric load of 1240 kN with an effective length of 27 m

It will be necessary to provide web stiffeners to the
walings at the Junctions with the struts and diagonal
bracing in a vertical plane between the four frames to
give the necessary stiffness against distortion Diagonal
bracing in a honzontal plane is undesirable in this case,
since it will obstruct the 3 m square bays through which
underwater grabbing and concreting must take place
The frames should be designed to be assembled and
lifted from a barge on to the river bed by floating crane
The number of units into which the whole assembly is
divided will be governed by the capacity of the crane
The general arrangement of the completed bracing
frames is given in Fig 1041(c)

It will also be advisable to check the overall stability
of the cofferdain against overturning from the forces of
winds, waves, and currents

We will now consider the problems concerning the
trenue concrete slab Its thickness is given by the weight
required to hold down 18 7 m artesian head of water in
the sand stratum after the cofferdam has been pumped
down Maximum uplift pressure on underside of slab is

981 x 187= 183kN/m2

Required thickness of concrete, assuming density of
240 Mg/m3, is

183 = 7.80m
240 x 981

This will come above the fourth frame which will have
to be either left buried in the concrete or raised above
tremie concrete level Checking stresses in sheet piling
between the fourth frame raised to 1 8 m above silt level
and bottom of excavation before placing tremie concrete

Hydrostatic pressures are balanced (assuming water
levels inside and outside cofferdam are kept the same)

Earth pressure at the fourth frame is zero
Earth pressure at excavation level (by Bell's equa-

tion) is given by

yz—2c=88x65—2x45=482kN/m2
Total pressure on sheet piling is

+ x 48 2 x 65 = 157 kN/m run of piling

Approx maximum bending moment is

0128x 157x83=167kN/m

Required modulus of section is

167 x 10 = 09 x 103cm3/m run
175

The modulus of section of Frodingharn piling is
3168 cm3/m run, which is adequate for this condition
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11.1 Ground improvement by geotechnical
processes

Vanous processes are available whereby the character-
istics of the ground can be improved either to facilitate
construction operations or to permit the adoption of
increased allowable beanng pressures or to reduced
settlements under a given foundation loading

The control of ground water in excavations either by
pumping, freezing, or grout injections is an example
of how construction operations can be facilitated by
one or more of a number of geotechmcal processes
Others include various compaction techniques for
ground improvement

11.2 Ground water in excavations

11.2.1 The seepage of water into excavations

Ground water is usually regarded as one of the most
difficult problems in excavation work Heavy and con-
tinuous pumping from excavations is a costly item and
the continual flow from the surrounding ground may
cause settlement of adjacent structures Heavy inflow is
liable to cause erosion or collapse of the sides of open
excavations In certain circumstances there can be in-
stability of the base due to upward seepage towards the
pumping sump, or instability can occur if the bottom of
an excavation in clay is underlain by a pervious layer
containmg water under artesian pressure However, from
a knowledge of the soil and ground-water conditions
and an understanding of the laws of hydraulic flow, it is
possible to adopt methods of ground-water control which
will ensure a safe and economical construction scheme
in any conditions It is important to obtain all the neces-
sary information before commencing work, and this
aspect should not be neglected at the site investigation

stage (see Section 1 6) All too often it happens that
after an excavation is commenced ground water is met
in larger quantities than anticipated, more pumps are
brought to the site, and with a great struggle the excava-
tion is taken deeper until the inflow is so heavy that the
sides start collapsing with imminent danger to adjoin-
ing roads and buildings, or 'boiling' of the bottom is
so widespread that a satisfactory base for foundation
concreting cannot be obtained. At this stage the con-
tractor gives up the struggle and calls for outside help
in installing a wellpointing or bored well system of
ground-water lowenng or resorts to underwater con-
struction The ground-water lowenng systems may do
the work efficiently, but the overall cost of abortive
pumping, extra excavation of collapsed matenal, mak-
ing good the damage, and standing tune of plant and
labour will have been much higher than if the ground-
water lowenng system had been used m the first in-
stance There have also been cases where, due to lack
of knowledge of the capabilities of modem ground-
water lowenng systems, caissons have been used for
foundations in water-bearing soils where conventional
construction with the aid of such systems would have
been perfectly feasible and much less costly

The flow line of ground water under a fairly low
head into an open excavation in a permeable soil is
shown in Fig 111(a) The water surface is depressed
towards the pumping sump and, because of the low
head and flat slope, the seepage lines do not emerge on
the slope and the conditions are perfectly stable If,
however, the head is increased or the slopes are steep-
ened, the water flows from the face, and if the velocity
is high enough it will cause movement of soil particles
and erosion down the face leading to undermining
and collapse of the upper slopes (Fig 111(b), see also
Fig 9 7) The remedy is to flatten the slopes and to
blanket the face with a graded gravelly filter matenal

LjSI



This edition is reproduced by permission of Pearson Educational Limited

482 Geotechiucal processes

Original water level

(c)

Figure 11.1 Seepage into open excavations (a) Stable
conditions (b) Unstable conditions (c) Increasing stability
of slope by blanketing

which allows the water to pass through but traps the
soil particles (Fig 111(c)) The design of graded filters
is referred to an Section 11 3 4 This form of instability
by erosion is most liable to occur in fine or uniformly
graded sands There is much less nsk of trouble with
well-graded sandy gravels since these materials act as
filters in themselves, and the draw-down given by their
higher permeability prevents the emergence of the flow
lines on the excavated face

In the case of close-timbered or sheet piled excava-
tions, the flow lines run vertically downwards behind
the sheet piling and then upwards into the excava-
tion (Fig 11 2) l'his condition of upward seepage is
particularly liable to cause instability, referred to as
'piping' or 'boiling', when the velocity of the upward-
flowing water is high enough to bring the soil particles
into suspension (Section 102 5)

The foregoing cases are mamly applicable to ground-
water flow an permeable soils such as sands and gravels,
or similar materials containing fairly low proportions
of silt and clay Little or no trouble occurs with excava-
tion in clays Where ground water is present it will

Figure 11.2 Seepage into sheeted excavation

Figure 11.3 Concreting adjacent to water-bearing rock
formation

usually seep from fissures and it can be dealt with by
pumping from sumps The velocity of flow is usually
so low that there is no risk of erosion Silts, on the other
hand, are highly troublesome They are sufficiently
permeable to allow water to flow through them, but
their permeability is low enough to make any system of
ground-water lowenng by weilpoints or bored wells a
slow and costly procedure Ground water in rocks usu-
ally seeps from the face in the form of springs or weeps
from fissures or more permeable layers There is no
nsk of instabihty except where heavy flows take place
through a weak, shattered rock Generally, water in rock
excavations can be dealt with by pumping from open
sumps, and the only trouble is given when foundation
concrete is designed to be placed against the rock face
If the spnngs or weeps are strong the water will wash
out the cement and fines from the unset concrete and
flow out through the surface of the concrete layer The
usual procedure is to construct the pumping sump at
the lowest point in the excavation and continue to pump
from it until the concrete has hardened, while at the
same time allowing seepage to take place from the face
towards the sump through a layer of 'no fines' con-
crete, or behind corrugated sheeting, or bituminous or
plastic sheeting fixed to a wire mesh frame (Fig 11 3)
After completion of the concrete work the space behind
the sheeting is grouted through pipes left for this pur-
pose Occasional weeps can often be dealt with by plas-
tering with qwck-setting cement mixtures, or by placing
dry cement on the face before placing the concrete

11.2.2 Calculation of rates of flow of seepage
into excavations

In large excavations it is necessary to estimate the quan-
tity of water which has to be pumped to draw down
the water below formation level This quantity must be

(a) (b)

Open jointed pipes led to sump
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known so that the required number and capacity of
pumps can be provided

In the case of trench excavations which are long
relative to their width, the calculation of the quantity
of flow can m most cases be treated as a condition of
gravity flow to a partially penetrating slot (Fig 11 4(a)).
For this flow condition the ground water in the per-
vious layer is not confined under artesian head by an
overlying impervious stratum, and the trench does not
extend completely through the pervious water-bearing
layer Also the source of ground water is remote from
the excavation, that is, there is no large body of water
such as a river or the sea in close proximity to the
trench For the conditions in Fig 11 4, flow to the trench

Equipotentials

(b)

Figure 11.4 Gravity flow to trench excavation (partially penetrating slot)
from trench (b) Flow net for conditions in (a)

from both sides of the excavation is given by the
equation

q =[o 73 + 027(H_— ho)]k(H2 —

where

(11 1)

q = quantity of flow per unit length of trench,
k = coefficient of permeability of the pervious

layer,
H, h0, and L are dimensions as shown m Fig 11.4

The dimension L can be obtained by drawing a flow net
as shown typically in Fig 11 4(b) or approximately by
substituting L for R0 in equation (11 6) (see below)

(a) Draw-down for gravity flow from line sources remote

(a)

Relatively impermeable stratum
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Where the draw-down H — h has been measured in a
thai excavation at a distance y from the slot, L can be
obtained from the equation

H2—h2 L_Y(H2h2)

Where the trench penetrates fully the water-beanng
layer, as shown in Fig 11 5, the flow to the trench from
both sides of the excavation is given by the equation

q=.(H2_h)
If there is a large body of water such as the sea or a
nver close to one side of the excavation, the flow to the
opposite side from a remote source of water will be
small in comparison with that to the side close to the
line source and it can be neglected The flow from the
nearby source, assuming this to be a line source of
mfinite length compared to the length of the trench, is
equal to half the quantity as calculated by either equa-
tions (111) or (11 3), and the distance L is the distance
from the trench to the nearby source

ick[(H — s)2 — t2] 1 (0 3 + l0r) 1.8sl= 11+ sin—I,
log(R.ji) L H H J

(114)

dimensions are as shown in Fig 11 6
Where a pumping test has been made in the excava-

tion and the draw-down H — h is measured at a radius r
from the well, the dimension R0 for gravity flow can be
calculated from the equation

H2—h2= (H2—h)
log !2. (115)

log(R0/r) r
Alternatively R0 can be obtained by drawing a flow net
or it can be obtained approximately from the empincal
equation

Figure 11.6 Gravity flow to well from circular source remote from well

Small excavations, say for a shaft, can be treated as a
well For the case of gravity flow from a circular source
of seepage remote from any large body of water in
contact with the pervious stratum, the flow to a fully or

(11 2) partially penetrating well can be calculated from the
equation

(11 3) where k is the coefficient of permeability and the other

Figure 11.5 Gravity flow to trench excavation (fully penetrating slot) Flow from line sources remote from trench

water level

H

Relatively impervious stratum
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R0=CHJi, (116)
where

C = a factor equal to 3000 for radial flow to
pumped wells and between 1500 and 2000
for line flow to trenches or to a line of well
points,

H = total draw-down in metres,
k = coefficient of permeability in metres per

second

It is often necessary to determine the shape of the
drawdown curve to a well, for example to assess the
nsk of settlement of existing structures near the ex-
cavation The draw-down in uniform soils can be
obtained by means of Fig 11 7

In the case of large rectangular or irregularly shaped
excavations, the flow can be calculated by drawing a
plan flow net of the type shown in Fig 11 8, when for
gravity flow to a fully penetrating excavation the flow
per unit thickness of the pervious layer is given by the
equation

q = k(H — he)!!_,

0-

1:::
60-

a
80

0a
I I I100o 0 10 20 30 40 50 60 70 80 90 100

Percentage distance from well to limit of cone (rIB %)

Figure 11.7 Determination of shape of draw-down curve

or for a thickness D of pervious water-beanng soil, the
total flow to the excavation is given by

Q=k(H_he)D!_, (118)

where

k = coefficient of permeability,
(11 7) N1 = number of flow lines,

N = number of equipotential lines

Figure 11.8 Plan flow net for gravity flow to fully penetrating excavation for dry dock In above example, H = 120 m, Iz = 0,
k=8x 104m/s,D= 120m,N1= l4,N=5 Therefore
Q=8x 104(12—0)12x 14/5

= 032 m3/s = 19200 1/mm

Sea

Sea .... Sheet piling driven to
cut-off at —9 0 m
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Equation (11 8) cannot be applied to partially penetra- practical difficulties in installing the pumping wells for
ting excavations for which the flow is three-dimension- the dewatenng installation Where pumping tests are
al, since upward flow takes place at the base of the made in rock formations a large-diameter pumping
excavation as in the case of the partially penetrating well can be used as a means of facilitating geological
slot (Fig 11 4(b)) The flow as calculated from the examinations or plate-loading tests on the rock (see
plan flow net will not be greatly underestimated if Section 1.5 3)
the excavation penetrates the water-bearing layer by, In the case of wellpointing schemes, it will normally
say, 90 per cent, but for lesser penetrations the error is be found that firms hiring the various wellpoint sys-
in inverse proportion to the square of the percentage tems will, from their knowledge and experience, be

It is important to note that the equations (11 1)—(l 1 8) able to give a fairly close estimate of the required
are for the quantity of flow when steady-state condi- number of wellpoints and pumping capacity, pro-
tions have been obtained A higher pumping capacity vided that they are supplied with borehole records and
will be required in large and deep excavations if the particle-size distribution curves of the soil strata CIRIA
time required to achieve the necessary draw-down is Report FR/CP/50, Ground water control, design and
not to be unduly protracted The volume of water to be practice,"'includes graphs for determining the spacing
pumped out from standing water level to full draw- of welipoints for a given depth of ground-water lower-
down conditions in the excavation should be calculated ing in soils of different gradings This publication pro-
and divided by the time required by the construction vides a wealth of information on ground-water lowering
programme This will give the initial pumping capacity and exclusion systems and is essential reading for any
to achieve the planned draw-down engineer concerned with designing and operating these

It is necessary to know the coefficient of per- systems
meability of the ground In loose umfonn soils it may Manual drawing of flow nets as described above
be calculated approximately by Hazen's formula is an accepted method of dealing with simple two-

dimensional problems of ground-water seepage How-

Coefficient of permeability, k = (D,0)2 m/s, ever, as problem geometry becomes more complicated
and for soils having anisotropic permeability (e g hon-

(11 9) zontal permeability not equal to vertical permeability)
manual methods become unacceptable in terms of time

where C, is a factor varying between 100 and 150, and taken and accuracy Three-dimensional flow through a
D,0 the effective grain size (mm) (Effective grain size porous medium is governed by the differential equation
is the sieve size through which 10 per cent of the ma-
tenal passes on the grading curve of the soil) (1110)

More accurately the k-value can be obtained from
Fig 11 9 where it is related to the D0 size and the
uniformity coefficient of the soil The uniformity coef-
ficient is the ratio of the sieve size through which 60
per cent of the matenal passes to the D,0 size

In variable or irregularly stratified soils it may be
sufficient to make a rough estimate of k from the aver-
age grading of the deposits On more important work

where is the water head or potential and k, k, k the
coefficients of permeability in the x, y, and z-directions

Many flow problems can be considered as two-
dimensional, and in cases where permeability has the
same value for all directions equation (11 10) reduces
to Laplace's equation

field tests for permeability are justified The most reli-
able information on the mass permeability of the soil is (11 11)

given by in-situ tests made in the site investigation
boreholes using the methods listed in Section 1 63 A For problems having orthogonal geometry and to which
number of these tests made at different locations and Laplace's equation applies, such as flow round an am-
various depths over a site can provide better informa- pervious bamer as shown in Fig 11 10, the finite
tion on the average permeability than a single full-scale difference technique provides a ready and accurate
pumping test, the results of which may not represent means of solution This mvolves replacing the continuous
the average conditions on the site A full-scale pump- soil cross-section bounded by ABCD by a pattern of
ing test requires an array of observation standpipes discrete points on an orthogonal grid within the cross-
around the pumping well, and is therefore rather costly section At each of the grid points the governing dif-
to perform However, the cost can be justified on un- ferential equation can be expressed approximately in
portant projects if only as a means of assessing the terms of values of a at the particular grid point and at
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I) grain size (mm)

Gravel Coarse Medium Fine Silt and
sand sand sand clay

(b) Medium-dense soils

Figure 11.9 Determination of permeability coefficient from the
grading curve (after Preene et a!" I)

GA is equal to the hydrostatic potential, while along
impervious boundaries BC, EF, and FG the conditions
of zero flow across the boundary defines the values of
at imagmary grid points outside the boundary required
to complete the equation (1112) Consideration of this
equation at each oi the grid points where u is unknown
results in a set of linear simultaneous equations If the
problem is to be solved with reasonable accuracy then
a considerable number of grid points have to be consid-
ered and hence a considerable number of simultaneous
equations need to be solved, for which a computerized
method is a virtual necessity As an alternative to solu-

________________________________ tion of simultaneous equations by matrix inversion
routines, Wilhams etal)'2 have described how the finite
difference form of Laplace's equation may be solved
iteratively by use of a spreadsheet program of the type
readily available for use on desktop computers

For more complicated cases (such as amsotropic
permeability, non-orthogonal boundaries and multiple
strata) the finite difference method becomes increas-
ingly cumbersome even when computerized In such
instances the finite element method is probably the

(1112) most powerful technique available The porous medium
within which the flow is occumng is modelled by sub-
division mto a number of zones or elements, each of
which can have its own values of permeabihties in the
principal directions Boundary conditions in terms of
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adjacent grid points For example, considering the five
grid points a to e shown in Fig 1110, the finite dif-
ference form of Laplace's equation at point C is

1
V2fl = j (ü + Ub — 4u + Ud + U,),

where h is the grid point spacing
Certain known values of will exist for some grid

points on the boundary, i e on lines AB, CD, DE, and

20 10 05 025 01 005
Dii grain size (mm)

0 01

Gravel Coarse
sand

Medium
sand

Fine
sand

Silt and
clay

(c) Loose soils



This edition is reproduced by permission of Pearson Educational Limited

488 Geotechnical processes
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potential
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Figure 11.10 Finite difference grid and results for seepage flow beneath an impermeable wall
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k = k, = 3k

k= Icy = k

NS_ impervious

known head or flow quantity across a boundary are
defined and solution of the problem leads to values
of head at the nodal points within the element array
Figure 1111 illustrates a comparatively simple example
of the finite element method applied to computation of
seepage under a dam Note the difference in permeability
between the two strata under the dam, this presents no
problem m a finite element idealization, but is awkward
to handle in a finite difference approach

The examples discussed so far have been for what is
known as confined flow where all parts of the external
boundary are defined by either a specified head or an
impermeable boundary A further class of problems in-
volves flow having a free or phreatic surface, the post-

lion of which is not known at the outset This feature is
known as unconfined flow and examples are draw-down
curves in aquifers and in nver banks or dam embank-
ments Here an assumption must be made for the posi-
tion of the free surface and the solution proceeds
iteratively One approach involves specifying the trial-
free surface as an impermeable boundary and then, when
the first analysis has been made, adjusting the element
mesh so that the top elevations equal the computed
potentials on the first trial-free surface Further itera-
tions are made until mesh adjustments become negli-
gible The first two stages of the process are illustrated
in Fig 1112 It will be appreciated that this techmque
can readily be applied to the investigation of problems

Assumed
boundary

Equivalent
potential
= 100

H

Th.
.e;:
Equivalent
potential of base of dam

0.
75N H501
25 I

0I

(b) (c)

Figure 11.11 Seepage flow through layered soil system under dam (after Desai' i ) (a) Dam on layered system (b) Finite element
idealization results (c) Uplift on base of dam
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(a)

F—
Well

I ¶flSXctee!aSe/l_/
.—

Figure 11.12 Finite element analysis of free surface flow for
flow of ground water to well (after Snuth"4) (a) Undeformed
mesh (1,)Deformed mesh (Reprinted by permission of John
Wiley & Sons Ltd)

such as the assessment of ground-water flow into
excavations

Detailed discussion of the use of finite element
methods in seepage problems is given in references
113—11.6

The reader should note that the Laplace equation
is the governing differential equation for certain other
engineering problems, notably that of heat flow The
majority of general-purpose finite element programs
that are available include a capacity to analyse thermal
problems Hence, if the reader has access to such a
general-purpose program it should be possible to use it
for seepage problems with the program parameters for
temperature, thermal flux, and thermal conductivity
representing potential, seepage, and permeability its-
pectively However, in such instances trial problems
with known solutions should always be run first to
ensure that the alternative phenomenon is being rep-
reseated correctly

11.3 Methods of ground-water control

11.3.1 Effects of site and ground conditions

The following methods of ground-water control and
associated geotechnical processes can be used in excava-
tion work

(1) Pumping from open sumps
(2) Pumping from wellpomts
(3) Pumping from bored wells
(4) Pumping from horizontal wells
(5) Electro-osmosis

Elimination or reduction of ground-water flow by

(6) Forming impervious bamers by grouting with
cement, clay suspensions, or bitumen

(7) Chemical consolidation
(8) Compressed air
(9) Freezing

The choice of method depends to a great extent on
site conditions For example, pumpmg from open sumps
can be used in most ground conditions provided that
the site area is large enough to permit the excavation to
be cut back to stable slopes, and that there are no im-
portant structures close to the excavation which might
be damaged by settlement resulting from erosion due to
water flowing towards the sump Wellpointing or bored
wells can be used in more restricted site conditions, and
the special processes such as grouting, chemical con-
solidation, and freezing are used where it is necessary
to safeguard existing structures, or in particular ground
or rock conditions where pumping is impracticable

The soil characteristics, and especially the particle-
size distribution of the soil, also influence the choice of
method The range of soil types over which the various
processes are applicable have been classified by Glossop
and Skempton, and are shown on the particle-size
distribution curves in Figs 1113 and 1114 To use
these curves, the particle-size distribution of the soil
is obtained by sieving tests and the grading curve is
plotted on one or other or both of the charts For ex-
ample, the coarse gravel (soil A in Fig 1113) may be
unsuitable for weilpointing because of the heavy flow
through the highly permeable ground However, refer-
ence to the chart in Fig 1114 shows that the gravel is
amenable to treatment by cement grouting to eliminate
or greatly reduce the flow into the excavation The coarse
to fine sand (soil B) is suitable for wellpointing, but if
there should be a risk of damage to adjacent structures
due to lowering of the ground-water table, Fig. 1114
shows that chemical consolidation can be used to
solidify the soil and greatly reduce or prevent inflow

Well

Thai free surface i

(b)
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Figure 11.14 Range of particle size for various geotechnical processes (after Glossop and Skempton11 7)

The sandy silt (soil C) is too fine for welipointing, but
we could use electro-osmosis, or the freezing process,
or compressed air

Environmental considerations may rnfluene the choice
of method for ground-water control. In the UK, permis-
sion is required from the Department of the Environ-
ment to abstract water from wells or open excavations,
and for the discharge of effluent into sewers or water-
courses If control measures for effluent discharge are
unduly onerous, it may be more economical to use
methods that do not require pumping

11.3.2 Pumping from open sumps
This is the most widely used of all methods of ground-
water lowenng It can be applied to most soil and rock

conditions, and the costs of installing and maintaining
the plant are comparatively low However, it has the
disadvantage that the ground water flows towards the
excavation, with a high head or steep slopes there is a
nsk of collapse of the sides There is also the nsk in
open or timbered excavations of instabihty of the base
due to upward seepage towards the pumping sump

The essential feature of the method is a sump below
the general level of the excavation To keep the floor
of the excavation clear of standing water a small ditch
is cut around the bottom of the excavation, falling
towards the sump The ditches should be sufficiently
wide to keep the velocity low enough to prevent erosion
Further safeguards against erosion can be given by check
weirs (boards placed across the ditch), by stone or con-
crete paving, or by laying open-jointed pipes surrounded
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Figure 11.15 Types of garland drain

by graded stone or gravel filter material Where the
ground water is present in a permeable stratum over-
lymg a clay, with the excavation taken down into the
latter material, it is preferable to have the pumping sump
at the base of the permeable stratum This procedure
reduces the pumping head, and avoids softening of the
clay in the base of the excavation The drain at the base
of the permeable stratum above excavation level is
known as a garland drain Typical details of a garland
drain for (a) open excavation over a timbered excava-
tion, (b) a wholly timbered excavation, and (c) in rock
excavation are shown in Fig 1115 The greatest depth
to which the water table may be lowered by the open
sump method is not much more than 8 m below the
pump, depending on its type and mechamcal efficiency
For greater depths of excavation it is necessary to rein-
stall the pump at a lower level, or to use a sinking
pump or submersible deep well pump suspended by
chains and progressively lowered down a timbered shaft
or perforated tube It is sometimes a useful procedure
to sink the pumping sump for the full depth of the
excavation by means of a shaft with spaces between
the sheeting members to allow the water to flow mto the
shaft Gravel filter material can be packed behind the
sheeting members if excessive fine material is washed
through This method ensures dry working conditions
for the subsequent bulk excavation, and it also provides
an exploratory shaft for obtaining information on ground
conditions to supplement that found from borings Shal-
low sumps can be excavated below water level by back-
acter excavator Perforated precast concrete manhole
rings can then be lowered through the water to form the
sump hmng Ingress of sand or silt through the base of
the sump and through the perforations can be prevented
by wrapping the units with porous nylon filter cloth
before lowering them into the excavation

Pumping plant Whenever flooding of an excavation
can cause damage to partly constructed works, or where
pumps have been installed below ground-water level, it
is important to provide adequate standby pumping plant
of a capacity at least 100 per cent of the steady pump-
ing rate It will often be found that the pumping ca-
pacity required to lower the ground water is greater
than the capacity required to hold it down at a steady
rate of pumping, depending on the time allowed in
the construction programme If, for example, double the
required steady rate capacity is installed, the full instal-
lation can be used in the initial draw-down period, and
then half the pumps can be shut down and used as the
emergency standby and for regular maintenance If the
main pumps are electrically driven, it is useful to have
the standby pumps driven by diesel engines in case of
failure of the main electricity supply

Types of pumps suitable for operating from open
sumps are as follows

(a) Hand-lift diaphragm. Output from 20 I/nun for
30 mm suction, up to 250 I/nun for 100 mm suc-
tion Suitable for intermittent pumping in small
quantities

(b) Motor-driven diaphragm Output from 350 I/nun for
75 mm suction up to 6001/nun for 100 mm suction
Can deal with sand and silt in limited quantities

(c) Pneumatic sump pumps At 7 bar air pressure out-
puts range from 450 1/nun against 15 m head to
900 I/nun against 3 m head Useful for intermittent
pumping on sites where compressed air is available
Can deal with sand and silt in limited quantities.

(d) Self-priming centrifugal Widely used for steady
pumping of fairly clean water Smallest umts can be
camed by one man Outputs range from 750 I/nun
for 50 mm suction to 2000 1/mm against a 15 m
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head for a 305 mm suction Sand and silt in water
cause excessive wear on impeller for long periods
of pumping, therefore desirable to have efficient
filter around sump or pump suction

(e) Rotary displacement (Monopump) Can deal with
considerable quantities of silt and sand Output for
75 mm pump is 550 1/mm against 6 m head

(f) Sinking pumps Suitable for working in deep shafts
or other confined spaces where pumps must be
progressively lowered with falling water table

The usual type for present-day use is a self-contained
pump and electrically driven motor umt capable of
working below water and discharging through flexible
armoured hose up to the ground surface Outputs range
from about 200 1/mm against a 10 m head for 50 mm
discharge hose, to 14000 I/aim against the same head
for 250 mm discharge hose The maximum head for
this type of pump is about 70 m

11.3.3 Pumping from welipoints

The wellpoint system of ground-water lowering com-
prises the installation of a number of filter wells, usu-
ally about 50 mm diameter and 05—1 m long, around
the excavation These are connected by vertical riser
pipes to a header main at ground level which is under
vacuum from a pumping unit The water flows by grav-
ity to the filter well and is drawn by the vacuum up to
the header main and discharged through the pump The
weilpointing system has the advantage that water is
drawn away from the excavation, thus stabilizing the
sides and permitting steep slopes Indeed, slopes of 1
in /2 (vertical to horizontal) are commonly used in the
short term when weilpointing in fine sands, whereas
with open-sump pumping where the water flows to-
wards the excavation, the slopes must be cut back to 1
in 2 or 1 in 3 for stability Thus, wellpointing can give
a considerable saving in total excavation and permits
working in fairly confined spaces The installation is
very rapid and the equipment is reasonably simple and
cheap There is the added advantage that the water is
filtered as it is removed from the ground and carries
little or no soil particles with it once steady discharge
conditions have been attained Thus the danger of sub-
sidence of the surrounding ground is very much less
than with open-sump pumping One disadvantage of the
system is its limited suction lift A lowering of 5—6 m
below pump level is generally regarded as a practical
limit Attempts at greater lowering result in excessive
air being drawn into the system through joints in pipes,
valves, etc with consequent loss in pumping efficiency
For deeper excavations the wellpoints must be installed

in two or more levels Also, in ground consisting mainly
of large gravel, stiff clay, or sand containing cobbles or
boulders, it is impossible to jet down the wellpoints and
disposable units have to be placed in boreholes or holes
formed by a 'puncher' with consequent increase in in-
stallation costs The use of a puncher can compact the
soil around the wellpoint, thus reducing its capacity

The filter wells or wellpoints usually consist of a
0 5—1 m long and 60—75 mm diameter screen surround-
ing a central riser pipe Where wellpoints are required
to remain in the ground for a long period, e g for
dewatenng a drydock excavation, it may be econom-
ical to use disposable plastic wellpoints These consist
of a nylon mesh screen surrounding a flexible plastic
riser pipe Water drawn through the screen falls in the
space between the screen and the outside of the riser
pipe to holes drilled in the bottom of this pipe and
thence to the surface The wellpomnts are installed by
jetting them into the ground, when the jetting water flows
freely from the serrated nozzle The flexible nser of
plastic wellpoints is lowered down a metal tube, jetted
or drilled into the ground Various proprietary systems
concentrate the jetting water through the nozzle rather
than allowing it to be dissipated through the filter

The capacity for a single wellpoint with a 50mm
riser is about 10 I/nun Their spacing around the excava-
tion depends on the permeability of the soil and on the
time available to effect the draw-down In clean fine to
coarse sands or sandy gravels a spacing of 1 0—1 5 m is
satisfactory In silty sands of fairly low permeability a
1 5—2 0 m spacing will be satisfactory In permeable
coarse gravels they may need to be as close as 0 3 m
centres As noted in Section 11 22, CIRJA Report FRI
CPI5O" contains graphs for determining weilpoint
spacings for a range of depths of draw-down and soil
gradings The normal set of wellpointing equipment
compnses 50—60 points to a single 150 or 200 mm
pump with a separate 100 mm jetting pump The well-
point pump has an air/water separator and a vacuum
pump as well as the normal centrifugal pump

If the annulus surrounding the riser pipe can be effect-
ively sealed near the ground surface, the vacuum induced
by the pump in the soil around the filter screen will in-
crease the efficiency of the system enabling draw-down
to be achieved in sandy soils with a high silt content

Installation Water at a pressure of about 8 bar and
at a rate of 1200 1/mm is required for jetting down
wellpoints If a layer of clay overlies the water-bearing
stratum it is often more convenient to bore through the
clay by hand or power auger rather than to attempt
jetting through it When the wellpoint has been jetted
down to the required level, the jetting water supply is
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cut down to a low velocity sufficient to keep the hole
around the point open Coarse sand is then fed around
the annular space to form a supplementary filter around
the point, and the water is then cut off. This process,
known as 'sanding-in' the points, is an important safe-
guard against drawing fine material from the ground
which might clog the system or cause subsidence A
weilpoint with a gauze fine enough to screen out the
finest particles would have rnsufficient capacity Sanding-
m also increases the effective diameter of the wellpornt
and hence its output Therefore, sanding-in should never
be neglected There may be difficulty rn sanding-in a
wellpornt in highly permeable gravels when the Jetting
water is dissipated into the surrounding ground and does
not reach the surface around the riser pipe Normally, a
wellpornt does not need sanding-rn in these conditions

but it sometimes happens that coarse gravels are over-
lying sand with the wellpomts terminating m the latter
In such cases the wellpoint must be inserted in a lined
borehole, the hmng tubes being withdrawn after the
filter sand is placed Wellpornts act most effectively in
sands and in sandy gravels of moderate but not high
permeability The draw-down is slow in silty sands, but
these soils can be effectively drained There have been
instances of silts and sandy silts being drained by the
'vacuum process', where the upper part of the nser
pipe is surrounded by clay to maintain a high vacuum
surrounding the wellpoint by means of which the soil is
slowly dewatered

Wellpornts are installed m the 'progressive' or 'nng'
systems The progressive system is used for trench work
(Fig 1116) The header is laid out along the sides of

PumpHeader
Valve \ :=L:::1=j1 j Valve 'onnexion

# P# # # # # #f/'#t tllpornts
*— Trench excavation

-IC C C DC
Back filling Excavation open Excavation being

weilpoints being pumping from commenced wellpomts
pulled up wellpomts bemg installed

Figure 11.16 Single-stage weilpoint installation by the progressive system (a) Weilpoints on one side of trench (b) Wellpoints on
both sides of wide excavation
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Figure 11.17 Single-stage weilpoint installation by the nng system

the excavation, and pumping is continuously in progress
in one length as further points are jetted ahead of the
pumped-down section and pulled up from the completed
and backfilled lengths For narrow excavations it is often
sufficient to have the header on one side only (Fig
1116(a)) For wide excavations or in soil contaimng
bands of relatively impervious matenal, the header must
be placed on both sides of the trench (Fig 1116(b)).

In the ring system (Fig 1117) the header main sur-
rounds the excavation completely This system is used
for rectangular excavations such as for piers or base-
ments Continuous horizontal weilpoints consisting of
80—100 mm perforated plastic pipe wrapped with nylon
mesh can be laid to depths of up to 6 m by a tractor-
drawn machine which excavates a trench, lays the flex-
ible filter tube at the base of the trench, and backfills
the trench in a continuous operation This techmque
is most suitable for dewatermg long trenches, but the
method can be used for large excavations such as dry
docks It has the advantage of a clear working space
around the excavation, and the installation is not ex-
posed to damage by construction operations However,
the depth of draw-down is limited to about 4 m The
filter pipes are hable to clogging if the soil contains
layers of silt or clay and they cannot be readily lifted
for cleaning The costs of mobihzmg and demobilizing
the large and heavy trenching machine are high, and
trenching to the required depth by a conventional back-
acter may not be practicable in the water-bearing soils

As an alternative to weilpoints with surface pumps,
consideration can be given to the use of an eductor well-
point system. This requires the provision of a double
header main at ground level. Water pumped under
pressure around one main flows down to the eductor at
the bottom of each wellpoint where discharge from a
nozzle creates a vacuum Water is drawn towards the

vacuum from the surrounding soil and flows up a nser
pipe to the second header main in which water is col-
lected for discharge by gravity to the outlet point The
method has the advantage that the draw-down of the
ground water is not limited in depth by the suction lift
of a pump at ground level and it operates effectively
m silty soils, especially if the annulus around the
riser pipe is sealed at the surface Only clean water is
pumped through the pressure main with reduced prob-
lems of pump maintenance compared with conventional
wellpointing systems. However, because of the low
efficiency of the system, pumping costs are about four
times greater than that of conventional wellpointing'
and the filter units are more expensive Nevertheless,
the eductor system can be economical for excavations
deeper than 10 m when the ground-water lowermg
can be achieved by a single-stage installation instead
of three or more stages required for conventional
wellpointing

Welipointing of deep excavations The limitation
in the draw-down of water level to 5—6 m below pump
level has already been mentioned, if deeper excavation
below standing water level is required, a second or
successive stages of wellpoints must be provided A
section through a three-stage installation is shown in
Fig. 1118 There is no limit to the depth of draw-down
in this way, but the overall width of excavation at ground
level becomes very large The upper stages can often be
removed or reduced when the lower ones are working

It is often possible to avoid two or more wellpoint
stages by excavating down to water level before install-
ing the pump and header The procedure in its simplest
form is shown in Fig 11 19 A more complex case was
provided for the excavation for the intake pumphouse
for the Ferrybridge 'B' Power Station At this site there
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Ground level

Figure 11.19 Reduction in ground level before installation of
wellpoints

were two aquifers, the upper one in a layer of ash and
clinker fill being separated from deeper water-bearing
sands and silts by a stratum of impervious soft clay.
The head of water in the lower strata was 4 3 m above
excavation level The upper water table was cut off by
light section sheet piling driven into the clay. Excava-
tion was then taken down into the clay until a level was
reached at which the weight of clay just counter-
balanced the head of water in the underlying silty sands
and sandy gravels. Wellpomts were installed at this
level and the head in the water-bearing strata was
lowered before the excavation was completed A cross-

Weilpoints used in sheet piled excavations are placed
close to the toes of the sheet piles The risers being
placed either inside or outside the sheet piles. l'lus is
done to ensure lowenng the water level between the
sheet pile rows It is not necessary to lower the water
table down to the tops of the weilpoints Wellpomts are
provided m conjunction with the sheet piles either to
prevent 'boiling' of the bottom when the piles are of
limited penetration, or to reduce hydrostatic pressure
on the back of a sheet pile cofferdam, thus allowing
lighter bracing to be used. If weilpoints are provided for
the latter purpose it is essential that standby pumping
plant is provided, otherwise collapse of the cofferdam
would quickly follow if pumping were to cease In very
permeable soil the water can nse to its original level in
a matter of minutes For this reason on completion of a
dewatenng scheme the wellpoints should always be shut
off one by one to allow the water table to come gradually
back to its normal level

Very thin impervious layers of silt or clay are often
met in water-bearing sandy soils. Layers as thin as 2 mm
if continuous can be very troublesome in a dewatenng
scheme, causing breaks m the draw-down curve These
troubles can largely be overcome by jetting holes on
the side of the wellpoints away from the excavation
and filling them with coarse sand These sand columns
provide a path down which the water can seep to the
wellpoints more readily than towards the sides of the
excavation; thus weeping from the sides of the excava-
tion is prevented Difficulties can also be caused by
layers of highly permeable material when the water
will tend to bypass the wellpoints This situation can be
dealt with by jetting at close intervals in a row around
the excavation to cause intermingling of the various
layers

Where the base of the excavation is in an imperme-
able stratum there is no point in installing the wellpoints
below the interface between the pervious water-bearing
layer and the impermeable stratum It must be expected
that some water will flow between the wellpoints over
the top of the impermeable layer and emerge on the
face of the slope Erosion at this point can be checked
by placing a row of sandbags along the line of the

Figure 11.20 Wellpomt installation for intake pumphouse, Ferrybndge 'B' Power Station

Separate pumps provided
for each stage

3

N
Lowered ground-water
level

FIgure 11.18 Three-stage wellpomt installation

section through the site is shown in Fig 11 20

Water level in
ffll+1006m +1128m
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Figure 11.21 Wellpoint installation for the dry dock at Nigg, Scotland (The upper stage has been removed, only the lower stage is
working, note the garland drain at rockhead level)

seepage with a garland drain (Fig 1115(a)) to collect
the water. This arrangement was adopted for the ground-
water lowenng scheme used for constructmg a large
dry dock at Nigg in Scotland A relatively impervi-
ous marly sandstone outcropped above the base of the
excavation over the northern half of the dock, and a
two-stage wellpomt installation was used in this part of
the 15 m deep excavation The upper stage was with-
drawn leaving the lower stage in operation with a gar-

land drain in the form of an open ditch on a berm at the
base of the pervious sand layer (Fig 11 21) The rock
dipped below the southern half of the dock and in this
area the ground water lowering was achieved by a row
of deep bored wells on each side of the excavation
These can be seen in Fig 11 22 A narrow strip of sand
dunes separated the south side of the dock excavation
from the sea At this location the 20 m deep excava-
tion for the entrance gate sill was dewatered by a
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c

Figure 11.22 Ground-water lowenng installations for thegraving dock at Nigg, Scotland, (The two-stage welipoint installation
is in the background of the photograph, the bored wells can be seen in the foreground A three-stage wellpoint system is operating
across the entrance)

three-stage wellpomt installation and because of the
close proximity of the sea simultaneous pumping was
necessary from all three stages The de-watering instal-
lation remained in commission throughout the penod
of constructing three oil production platforms for the
North Sea, and during this time the sandy slopes were
protected against wind erosion by a thin blanket of
bitumen—sand

11.3.4 Pumping from bored wells

Pumping from wells can be undertaken by surface
pumps with their suction pipes installed in bored wells
(suction wells) The depth of draw-down by this method
is not much more than 8 m The main uses of pumping
from wells are when a great depth of water lowermg is
required or where an artesian head must be lowered in
permeable strata at a considerable depth below excava-

tion level In such cases electrically powered sub-
mersible pumps are installed in deep boreholes with a
nsing main to the surface Wells can be installed in a
wider variation of ground conditions than is possible
with wellpoints, since heavy boring plant is used to
sink the wells enabhng boulders, rock, or other difficult
ground to be penetrated The cost of installation of a
deep well system is relatively high Therefore, the pro-
cess is generally restricted to jobs which have a long
construction period such as dry docks or access shafts
for long sub-aqueous tunnels, when the simplicity and
trouble-free runmng of a properly designed deep well
installation is advantageous

The procedure in installing a bored well is first to
sink a cased borehole having a diameter some 200—
300 mm larger than the inner well casmg. The diameter
of the latter depends on the size of the submersible
pumps It should be noted that sinking a large-diameter
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well by cable percussion methods results in consider-
able loss of ground, resulting in subsidence around the
well It is preferable to use rotary reverse circulation
drilling Bentomte used for supporting unimed boreholes
can cause clogging of the walls, but proprietary fluids
can be used to break down the gel after completion of
dnlhng Nevertheless, large-diameter bored wells should
not be installed close to existing structures without
the provision of an effective recharge system (Section
11 42) After completion of the borehole the inner well
casing is inserted This is provided with a perforated
screen over the length where dewatenng of the soil is
required and it terminates in a 3—5 m length of unper-
forated pipe to act as a sump to collect any fine material
which may be drawn through the filter mesh The per-
forated screen may consist of ordinary well casing with
slots or holes burned through the wall and brass mesh
spot-welded round the outside A cheaper and quite
effective well screen consists of slotted PVC tube sur-
rounded by a filter in the form of a nylon or terylene
mesh sleeve. Slots are preferable to holes, since there is
less risk of blockage from round stones The effective
screen area can be increased by welding rods longi-
tudinally or spirally on to the easing to provide a clear
space between the mesh and the casing. As an alterna-
tive to the mesh screen, purpose-made slotted casing
with fine opemngs is marketed and is advantageous in
many cases For long periods of pumping the slotted
casing can be constructed from bitumen-coated mild
steel, stainless steel, or rigid PVC tubing

After the well casing is installed, graded gravel filter
matenal is placed between it and the outer borehole
casing over the length to be dewatered The outer cas-
ing is withdrawn in stages as the filter material is placed
The remaining space above the screen is backfilled
with any available material The water in the well is
then 'surged' by a bonng tool to promote flow back
and forth through the filter, and at the same time any
unwanted fines which fall into the sump are cleaned
out by baler before the submersible pump is installed
This is the last operation before putting the well into
commission The completed installation is shown in
Fig 1123

Design of filter The grading of the filter matenal is
determined from the average grading of the soil to be
dewatered Sieve analyses are made on a number of
samples, and an average gradmg curve is drawn or, in
the case of a variably graded soil, the grading curves
of the coarsest and finest layers are drawn. Then by
Terzaghi's rules the filter material should be selected
so that its grain size at the 15 per cent 'finer than' size
(D13) should be at least four times as large as the 15 per

__ LJLi
Fit

Figure 11.23 Bored well installation

cent size of the coarsest layer of soil in contact with
the filter, and not more than four times as large as the
85 per cent 'finer than' size (D85) of the finest layer of
soil in contact with the filter The maximum size of the
filter material should be at least twice that of the open-
ings in the mesh screen (or perforated pipe if no mesh
is provided) To avoid too great a loss of head through
a filter it is frequently necessary to provide more than
one layer of graded filter material with a minimum thick-
ness of 150 mm for each layer An example of the de-
sign of a two-layer graded filter is shown in Fig 11 24
This was used at Trafford Park, Manchester, for bored
well dewatering of a glacial clay interbedded with thin
seams of a water-bearing fine sand

Great care is required in the placing of the filter and
in avoiding damage to the perforated screen, since sub-
mersible pumps are very susceptible to clogging and
breakdown if they have to pump dirty water

Pumping plant Reference should be made to manu-
facturers' catalogues for the sizes and power require-
ments of submersible pumps for various duties As
examples, a pump in a 150 mm borehole can deliver
350 1/nun against 30 m head, or a pump in a 350 mm
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BS sieves (mm)
5 10 20 375 75

borehole can raise 7500 I/nun against 30 m head CIRIA
Report FRICP/50"' gives pumping capacities and a
range of operating heads for submersible pumps with
outlet diameters from 51 to 200 mm Bored wells can
be spaced at much wider intervals than wellpornts, since
the pumps can be installed at greater depths below ex-
cavation level, thus giving a wide area of draw-down
for each individual well The depth of the well depends
on the depth to a lower impermeable stratum Thus, in
Fig 11 25(a), the impermeable stratum is at a great
depth, the pumps can be placed well below excava-
tion level, and a wide spacing can be adopted In
Fig 11 25(b), the impermeable stratum is at a shallow
depth below excavation level and there is no point in
placing the filter screen below the penneable stratum
TIus limits the depth of draw-down, hence a close spac-
mg must be adopted The shape of the draw-down curve
depends on the permeability of the soil For a coarse
sandy gravel the draw-down curve is fiat (Fig 11 26(a)),
and the free water surface is drawn well down towards
the pumping level in the borehole, so a wide spacing is
possible (though the pumping rate is correspondingly
high). In the case of a soil of fairly low permeability,
say a silty sand, the free water surface is not drawn
down to the pumping level in the well, necessitating a
closer spacing of wells, but with a lower output per
well (Fig 11 26(b)).

The spacing of the wells should not be so wide that
shutting an individual well down for repairs to the pump
will cause the water level to rise above excavation level.
In fact, the installation should be designed so that mdi-

vidual wells can be shut down as required for cleaning
out the wells and maintenance of the pumps There can
be a tendency for mcrustations and bactenal slimes to
accumulate on pumps and well screens The latter need
to be cleaned by brushing and swabbing after lifting
out the pumps Where the electric power is supplied
from the mains, standby diesel generators should be
provided if the installation has its own generating plant

Excavation level -
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Impermeable stratum
(a)

Ground level - Bored well
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ø// /////// /

impermeable stratum
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Figure 11.25 Spacing of bored wells
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Figure 11.26 Draw-down in permeable and semi-permeable
soils (a) Draw-down in sandy gravel (b) Draw-down in
silty sand

there should be ample standby capacity for the gener-
ators and prime movers This standby capacity need not
be 100 per cent of the maximum power requirements
As already mentioned in the case of pumping from
open sumps, maximum power is only required during
the time of lowering the water from its standing level
to the fully drawn-down state Thereafter the power
required is considerably less and might be as little as
50 per cent of the maximum

11.3.5 Pumping from horizontal wells

This process is applicable only in the special circum-
stances where well-pointing or bored well water lower-
ing cannot be used. Typical of these conditions is where
a deep excavation is to be sunk through heavily water-
bearing ground and founded on or just within an imper-
meable stratum (Fig 11 27). Because of the great depth
or possible obstructions, sheet piling cannot be driven
to give a cut-off in the impermeable layer Bored wells
cannot lower the ground water completely down to the
rock stratum because of the shape of the draw-down
curve The procedure is then to sink a lined shaft by
boring methods into the clay layer The shaft is large
enough to allow operatives to go down and install
horizontal wells which are jacked or jetted out into the
ground These wells consist of an outer and inner cas-
ing, the space between them being filled with a gravel
filter They are provided with valves where they pass
through the wall of the shaft, to allow them to be shut
off until all are installed The valves are then opened

and pumpmg takes place from the shaft using a sinking
pump or submersible pump

This method of dewatenng has also been used as a
permanent drainage measure where leakage was occur-
ring an a large and deep basement constructed in a rock
excavation A deep shaft was sunk near the basement
and radial wells were drilled from it to intercept a layer
of crushed stone which had, fortunately, been provided
beneath the basement

11.3.6 Ground dewatering by elecfro-osmosis

The various methods of ground dewatering described
in the previous pages are used mainly in gravels and
sands Soils of finer particle size, i e silts and clays, are
more troublesome to drain because capillary forces act-
ing on the pore water prevent its flowmg freely under
gravity to a filter well or sump The vacuum process of
weilpointing in silts has already been mentioned, but
if this process is ineffective and if, for some reason
or another, sheet piling cannot be used then electro-
osmosis is a possible expedient and may well prove to
be less expensive than the last resort of freezing the
ground In the electro-osmosis system direct current is
made to flow from anodes which are steel rods driven
down into the soil, to filter wells forming cathodes The
positively charged particles of water flow through the
pores in the soil and collect at the cathodes where they
are pumped to the surface. Casagrande"9 has shown
that the equation of flow is similar to Darcy's law, the
rate of flow being dependent on the porosity of the soil
and the electrical potential In the few recorded instances
of the process a current of 100 A has been used, the
power requirements being some 05—1 3 kW/m3 of soil
dewatered for large excavations and as much as 13 kW/m3
for small excavations

Shaft sunk outside limits
I ofexcavation
p

Area tc be excavated

'N

i-IPumping ieve
in shaft

Rock or impermeable\ stratum

Radial horizontal wells

Figure 11.27 Horizontal well installation
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Figure 11.28 Electro-osmosis installation

A typical layout of an installation is shown in
Fig 11 28 The anodes are placed nearest to the exca-
vation causing the ground water to flow away from the
slopes, which effectively stabilizes them and permits
steep slopes even in soft water-bearmg silts The anodes
corrode and require constant replacmg, but the cathodes
remain serviceable for long periods The process was
developed in Germany dunng the Second World War,
and was used to stabilize a railway cutting at Salzgitter
and in the construction of U-boat pens and other works
at Trondhjem 119 More recently, electro-osmosis was
used to stabilize an embankment of sandy soil in the
excavations for a dry dock at Singapore 1110 In this
matenal the power consumption was 05 kW h/rn3 of
soil dewatered The power was supplied at 25 A from
portable welding generators

Generally, electro-osmosis has been employed to
remedy a difficult situation where other methods have
failed rather than as a construction process in its own
nght The main drawback is its high installation and
initial running costs, but the power consumption, and
hence running costs, decrease considerably after the
ground is stabilized

11.3.7 Reduction or elimination of ground-water
flow by forming grouted barriers

In ground where the permeability is so high that
weilpointing or bored wells need a very high pumping
capacity, or in water-bearing rock formations where
wellpointing cannot be used and bored wells are very
costly, other expedients must be sought to control the
ground water One method is to inject fine suspensions
or fluids into the pore spaces, fissures, or cavities in the
soil or rock, so forming a bamer of reduced permeabil-
ity The type of mjection material is governed by the
particle size distribution of the soil or the fineness
of fissunng in rock strata Reference to Fig 1114 will
give a guide to the suitability of various injection
processes for soils Another guide for the suitability of

suspension grouts is given by the 'groutability ratio',
thus for a soil to accept a suspension grout the ratio of
the D15 size of the soil to the D size of the grout
particles must be greater than 11 25 for cement grouts
and greater than 5 15 for clay grouts

The most reliable index is the permeability coeffi-
cient of the soil Practical lower limits of the coefficient
for various grouting materials are

Grouting is a fairly costly process The aim should be
to keep the volume of the basic material to a mimmum
In this respect chemical grouts have certain advantages
Whereas they cost considerably more than cements
or clays per tonne, they can be considerably diluted
and still work effectively m their role of reducmg the
permeability of the ground. Various additives can be
employed to control the viscosity and gelling properties
of suspensions and fluid chemical grouts, thus hmiting
their spread in the ground and keeping the thickness of
the impermeable bamer to a mimmum Fluid grouts
can be more effective than suspensions in reducing the
permeability of the ground because all the pore spaces
are filled, whereas suspensions may only fill the larger
voids A great deal of useful information on the prm-
ciples and practices of grouting are included in the Pro-
ceedings of the Symposium on Grouts and Drilling Muds
in Engineering Practice and in the Code of Practice
Foundations BS 8004

Care is needed in the adoption of injection processes,
especially when working close to existing underground
structures, since large quantities of materials injected
mto the ground under pressure must inevitably cause
some displacement The injected material tends to travel
along the more permeable layers or along planes of
weakness, often emerging at a considerable distance
from the point of injection Thus, a watch must be kept
on sewers or cellars if any are existing in the vicinity
of the work, and continuous records must be kept of
surface levels The effect on the site and its surround-
ings of injecting polluting material must be considered
Some chemical grouts are toxic and even relatively
inert materials such as cement and bentonite have a
low pH value and can alter the oxygen balance of the
ground water with a possible detrimental effect on
the environment

Three principal methods are used for injecting grout
into the soil. The simplest is the open-hole method in
which the grout injection pipe or lance is driven into
the ground with its lower end closed by an expandable
plug and the upper part sealed at the ground surface by

Cement grout
Clay—chemical grout
Chemical grouts (non-particulate)

5 x 104m/s
lx 105m/s
1 x 106m/s
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a ring of caulking material Grout is injected in a single
shot through the pipe to force out the plug The method
is best suited to very coarsely graded soils or rocks
with wide fissures where the grout will enter the ground
rather than by flowing back to the surface around the
lance

Stage grouting is performed by lowenng the lance
into a pre-dnlled borehole and injecting the grout in
stages This can be done by top-down methods when
the drill hole is taken down at each stage through the
previously grouted zone after the latter has set In the
bottom-up method the hole is drilled to the full depth
and a packer is used around the lance to seal off the top
of the length to be grouted

Sleeve grouting is best suited to grouting in soils It
employs the tube-à-manchette which allows grouting
or regrouting in stages of varying length and at various
intervals of time and using a range of different ma-
terials The tube-à-manchette is shown in Fig 11 29 A
cased borehole is first drilled to the required depth, and
the sleeve pipe is lowered into the hole and surrounded
by a semi-plastic grout The casing is then withdrawn
The sleeve pipe has openings at 300 mm spacing closed
by an external close-fitting rubber sleeve The per-
forated injection pipe is lowered into the sleeve pipe
with a double packer sealing the top and bottom of the
length to be grouted When the grouting material is

Figure 11.30 Layout plan of grout injection holes to form a
grout curtain around an excavation o, Pnmary injection holes,
x, secondary injection holes

pumped down the injection tube the pressure pushes
off the sleeve and grout flows through the openmgs and
ruptures the plastic grout and then permeates the sur-
rounding ground Normally, grouting commences at
the bottom of the hole and proceeds upwards in stages,
but by using the double packer selected zones can be
regrouted, varying the fluidity or viscosity of the mixes
to suit the permeability of the ground

Cement grouting Cement is suitable for injection
where strengthening is required in addition to a reduc-
tion in the permeability of soil or rock strata It is
necessary for soil to have a very coarse grading (see
Fig 1114) to permit effective grouting with cement
The process is largely ineffective in sands, except for
its consolidating or compacting effect when injected at
close intervals In coarse materials or rocks the excava-
tion is surrounded by a 'grout curtain' consisting of
two rows of primary Injection holes at 25—5 m centres
in both directions, with secondary holes (and possibly
ternary holes) between them (Fig 11 30)

Cement grouting was used for the foundation ex-
cavations for extensions to the North Point Generating
Station, Hong Kong This site was on ground which
had been reclaimed by tipping granite—rubble sea walls
and filling up the ground behind them with sand and
clay A series of such reclamations had been made on
the generating station site, which was crossed by three
buried rubble walls These walls intersected at right
angles a wharf wall of granite masonry built on a
rubble mound (Fig 11 31) It was necessary to smk a
number of shafts through two of the buried walls to
enable piles to be driven for the foundations of the
generating station buildings and plant It was clearly
impossible to drive piles through the rubble, which
included 5 t boulders It was equally impossible to drive
sheet piles around the shaft excavations to exclude the
ground water Accordingly, it was decided to excavate
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Figure 11.29 Tube-à-manchette for sleeve grouting
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in timbered shafts The site investigation showed that
ground water in the rubble mounds had a connection to
the sea in the harbour through the wharf wall There-
fore, in order to avoid pumping large quantities of
water from the shafts, a grout curtain was formed across
the two buried rubble walls close to their intersection
with the wharf wall A single row of 9 m deep holes
was drilled at 3 7 m centres to form each curtain The
first holes drilled took about 30 t of cement, but the
quantities for succeeding holes became less and, in all,
over 150 t of cement were used for the two grout cur-
tains To economize in cement a sanded grout was used
in the proportions of three parts cement to one part of
sand The effectiveness of the grout curtain can be
judged from the fact that only two 150 mm pumps were
needed to dewater the shafts nearest the harbour, with
a single 150 mm pump for the shafts further away A
total of 22 shafts was excavated to a maximum depth
of 85 m

Jet grouting with cement Jet grouting provides a
means of forming a series of columns of cement or
cement-stabilized soil in the ground to produce an im-
pervious or semi-pervious bamer or load-bearing ele-
ments To form a column a borehole is drilled to the
required depth by water flush Then a valve is operated
to direct an air-shrouded high-pressure water jet in a
honzontal direction while simultaneously rotating the
drill pipe The Jets erode the soil, forming a cylindrical
cavity, and the soil is flushed to the surface through the
annulus around the drill pipe Cement grout is then
jetted horizontally at a pressure of 20 MN/m2 either
from the water jet nozzle or from a separate nozzle
The double tube equipment (Fig 11 32(a)) employs a
grout or water Jet and an air jet while the triple tube
equipment (Fig 11 32(b)) has separate air, water, and
grout jets In suitable conditions the grout jet can be
used to cut the soil, but this method results in more
contamination of the grout with soil than the triple tube

Wharf wall
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Plan
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Figure 11.31 Grouting operations for shaft excavation, North Point Generating Station, Hong Kong
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Figure 11.32 Forming a Jet grouted column (a) By double-
tube equipment (b) By triple-tube equipment

system Pairs of jet outlets are provided to cut and grout
the column in diametrically opposite directions

The soil can either be wholly removed and replaced
by cement to produce a strong column with a diameter
in the range of 08—2 m, or there can be partial mix-
ing of the soil with cement to form a stabilized soil
column Typically clayey silts can be stabilized to give
an unconfined compression strength of 2—15 N/mm2 and
sands or sandy gravels produce strengths in the range
of 5—25 N/mm2 The columns are installed at centre to
centre spacings of 075 times the cavity diameter to
form single, double or triple overlaping rows, depend-
ing on the particular requirement Applications of the
jet groutmg process include

(a) Forming a bamer to eliminate or reduce ground-
water flow into an excavation,

(b) Forming a cofferdam around and beneath an excava-
tion (see Fig 10 32),

(c) Sealing gaps around a contiguous bored pile wall
(see Section 5 45),

(d) Sealing gaps between declutched sheet piles,
(e) Forming load-bearing elements (as individual

columns),
(f) Forming struts at one or more levels to support a

sheeted excavation,
(g) Forming an arched support over a tunnel excavation,
(h) Strengthemng soft clays in advance of excavating

at a tunnel face,
(j) As underpinning supports (Fig 1223)

The process can be costly relative to conventional
cement grouting because of the large quantities of
cement used. However, the process can be more effective
than groutmg to produce a bamer to ground-water flow,
particularly in layered pervious and semi-pervious soils
It also has the advantage of providing load-bearing ele-
ments in the ground However, careful control is neces-
sary to ensure that the required objectives are aclueved.
The jetted cavity can be irregular in shape where easily
erodible soil layers alternate with strongly cohesive
layers, producing fins of grout which reduce the load-
bearing capacity of the column Borehole calipers can
be used to check cavity dimensions

A sigmflcant problem is the heave of the ground
surface which is caused by pressure developed in the
cavity when the upflow of jetting fluid and soil be-
comes throttled or completely blocked m the annulus
around the drill pipe above the cavity. Other problems
concerned with the use of the process in an urban en-
vironment are the space necessary for the bulky equip-
ment and the disposal of large quantities of water and
soil slurry ejected at the surface Another possible prob-
lem is the heat generated in the ground by the hydration
of the cement

The use of jet-grouted columns to form watertight
bamers around excavations for station boxes on the
Cairo Melro2 was found to be somewhat ineffective
The soil conditions along the route consisted of 2—4 m
of fill overlying 8—12 m of silty clay and clayey silt
followed by deep deposits of water-bearing sand The ex-
cavations were up to 40 m deep, and when excavating
below about 15 m seepages occurred through 'windows'
of untreated sand It was thought that the windows
had been caused by deviations in the verticallity of the
columns in spite of a tight tolerance of 1 in 100 being
specified Also, gaps in the treatment were probably
due to variations in the grain-size of the sand and the
inability of the jet to cut through hardened soil in the
primary columns when forming the intermediate col-
umns Remedial treatment by cement grouting had to
be undertaken to achieve the required watertightness

A notable example of the use of the jet groutmg
process to stabilize soft clays in advance of tunnellmg
for the Singapore MRT is descnbed by Berry eta!."3
The work comprised the installation of 4700 columns
to form a 1.5 m grouted annulus around a 1 km length
of the twin 6 m diameter tunnels near Raffles Place in
the city centre. Surface heave gave considerable prob-
lems An average surface heave of 70 mm was recorded
over the eastbound tunnel driven at 10—15 m below
street level and an average of 140 mm above the
westbound tunnel at depths between 15 and 25 m The
maximum heave was 550 mm

(0) (b)



This edition is reproduced by permission of Pearson Educational Limited

Methods of ground-water control 505

Trials showed that heave could be reduced by
precutting the zone to be treated by high-pressure water
jetting, then re-entenng the borehole and cutting the
remaining clay in the cavity by high-pressure grout
Heave was also reduced by using triple-tube instead
of double-tube eqwpment and by eliminating as far as
possible the installation of holes at angles greater than
100 from the vertical Heat generated in the ground
produced temperatures up to 45°C in the tunnels, and
cement slurry reacted with ammonium salts in the soil
to produce free ammoma as the tunnels were being
driven. In spite of these drawbacks the use of the
process greatly facilitated progress in tunnel driving
compared with adjacent sections where it could not
be used because of the congestion of underground
utihties

Jet grouting has been used to underpin existing build-
ings as descnbed in Section 12 3 7.

Clay grouting Injections of bitumen emulsion or
slumes of clay or bentonite, sometimes with added
chemicals to aid dispersion and suspension of these
materials, have been used in ground where the grading
is too fine for cement grouting, and in gravels where
reduction in permeability is required without the need
for any strengthening of the ground Grouting with a
slurry of chemically treated bentonite clay has been
used extensively for creating impermeable cut-offs in
alluvial strata beneath dam foundations, and to create
impermeable bamers around excavations in water-
bearing alluvial strata The principle of the method is to
use bentomte clay in combmation with Portland cement,

soluble silicates, and other agents in diffenng propor-
tions to produce a grout, the characteristics of which
can be varied to suit the permeability of the ground into
which it is injected. The larger voids are first filled with
clay—cement grout followed by clay—chemical grouting
to fill the spaces in the finer materials

The construction of the Auber Station on the Pans
Metro is a good example of the use of several grouting
techniques to enable excavations to be performed in
very difficult ground and site conditions An adit was
first driven at the level of the crown of the station
tunnel Clay cement grout was injected from radial
drill-holes to treat the ground surrounding a further adit
which was then driven at spnnging level on each side of
the station tunnel (Fig 11 33). Second-stage injections
of clay cement were made above the level of the crown
adit to form an 'umbrella' of treated ground above the
tunnel, and from above and below the side adits to
complete the curtain of grout around the excavation
Simultaneously with the first stage grouting an ethyl-
acetate grout was injected beneath the existing tunnel
of No 3 Line of the Metro to form a strengthening gel.
The work has been described by Glossop1 14 and Janin
and le Sciellour

S Jeffens, at a meeting of the British Geotechmcal
Society, described methods of producing cut-off walls
by trenching with a backacter and pumping in a bentomte
slurry to prevent the sides of the trench from collapsmg
A trench width of 600 mm is suitable Guide walls may
be needed to prevent water from bleeding away, and
the top of the slurry should be covered as soon as poss-
ible to prevent drymg and the formation of shrinkage

Figure 11.33 Grout injection pattern around excavations for Auber Metro Station, Pans

20 metres
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cracks The following mix proportions will provide a
strength in the range of 100—300 kN/m2

100—350 kg
200—600kg

Up to 60 or 75 per cent of the cement can be replaced
by granulated blast furnace slag or up to 30 per cent
by pf ash The wall is constructed in panels and the
backacter is used to cut back into the previously placed
matenal when forming the joint between panels Gen-
erally the aim should be to produce a barrier with a
permeability of 10_8_10_9 rn/s

Chemical consolidation The chemical injection
process or chemical consolidation is applicable to sandy
gravels, and sands of all but the finest gradings (see
Fig 11 14) The chemical most commonly used is so-
dium silicate which in conjunction with other chem-
icals forms a fairly hard and insoluble 'silica-gel' In
the 'two-shot' process, pipes are driven into the ground
about 05 m apart and calcium chionde is injected down
one and sodium silicate down the other as the pipes are
slowly withdrawn in stages Alternatively, one chem-
ical can be injected as the pipe is driven down followed
by the other chemical as it is withdrawn

The 'two-shot' method has been largely superseded
by the 'one-shot' technique in which all chemicals are
mixed together immediately before injecting them The
grout is formulated so that the gel formation is delayed
for a sufficient time to allow for complete penetration
of the ground Many other chemical processes based
on the 'one-shot' principle have been developed with
the aim of obtaining a very low viscosity at the time
of injection with only a slow increase in viscosity until
gelation occurs, thus ensuring maximum penetration The
chemicals include acrylic polymers, resins and ligrnns
Chemical consolidation has applications in underpin-
ning work and an example is given in Section 12.3 7

Complete cut-off of water by chemical consolidation
or clay injection can only be obtained by repeated in-
jections at close spacing over a considerable width of
treated ground The cost of such work is rarely justifi-
able, and in most practical cases a partial cut-off, say
80—95 per cent, is all that is required It must be re-
membered that permeable water-bearing soils contain
some 30—40 per cent void spaces, which must be filled
with expensive chemicals Thus, considenng the volume
of ground to be treated in a grout curtain some 2—2.5 m
thick, the process is necessarily an expensive one The
cost of groutmg with resins or chemicals is likely to be
ten times more than grouting with cement in terms of
the cost per volume of ground treated

11.3.8 Excavation under compressed air

The use of compressed air for excluding water from
foundation excavations in caissons and shafts has been
descnbed in Chapter 6

11.3.9 The freezing process

Because of its high cost, freezing of the ground to pre-
vent inflow of water into excavations is usually regarded
as a last resort when all other expedients have failed or
are impracticable for one reason or another The high
cost of the freezing method is due to the necessity of
sinking a large number of boreholes at close spacing
around the excavation The boreholes must be drilled
to a high order of accuracy in verticality to avoid the
nsk of a gap in the enclosure of frozen ground, and the
refrigeration plant is costly to install and maintain The
system also has the drawback that it takes several months
to drill holes, install the plant, and freeze the ground,
also, freezing certain types of ground causes severe
heaving There are difficulties in operating compressed-
air tools in the low temperatures prevailing m the ex-
cavation, and there are also difficulties in concreting
the permanent work Nevertheless, in some situations
freezing is the only practicable method of dealing with
ground water, such as in very deep shaft excavations
where the pressure of water is too high to allow men to
work in compressed air and where fissures in rock are
too fine for injection The freezing process also has the
considerable advantage of certainty in its effective-
ness of excluding water from an excavation, whereas
ground-water lowering or grout injection methods may
not be fully effective because of variability in the ground
conditions

Basically, the system involves sinking a nng or
rectangle of boreholes at 1—i 5m centres around the
excavation The boreholes are lined with 100—150 mm
steel or plastic tubing with closed bottoms, and inner
tubing of 38—75 mm diameter open at the bottom is
then inserted The tops of the inner tubes are connected
to a ring main carrying chilled brine from the refngera-
non plant The brine used to freeze the ground is pumped
down the inner tubes and nses up the annular space
between them and the outer casing, it then returns to
the refrigeration plant via the return ring main Usually
it takes some six weeks to four months to freeze the
ground A borehole lined with perforated pipes is drilled
near the centre of the treated area to act as a tell-tale
As the ice wall forms and closes up it compresses the
ground water within the wall When the water nses up
the tell-tale pipe and overflows at ground level, the ice
wall has closed and excavation can commence

Cement
Bentonite
Water 1000 kg
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It is most important when using the freezing process
to ensure that the ice wall is continuous before com-
mencing excavation Difficulties which were encoun-
tered when excavating in an incomplete ice wall have
been descnbed by Ellis and McConnell 1116 A number
of examples of its use in civil engineering works have
been given by Hams 1117

A paper by Collins and Deacon" gives a detailed
account of the installation methods, calculations for ice
wall thickness and refngerant consumption, and also
information on costs This paper descnbes the use of
the freezing process for sinking deep shafts through
water-bearing chalk for the Ely Ouse—Essex water
scheme

Considerable savings in time of freezing can be
achieved by using liquid nitrogen fed directly from
insulated containers into pipes dnven into the ground,
as descnbed by Hams 1117 nitrogen is expensive,
but the installation costs may be considerably lower
than those of the bnne method, and its use may therefore
be more economical than bnne installation where a
short-term expedient is required to overcome a localized
patch of bad ground Liquid nitrogen can freeze the
ground about five times faster than chilled bnne, allow-
ing the ice wall to be formed in days (or even hours)

11.4 The settlement of ground adjacent to
excavations caused by ground-water
lowering

11.4.1 Causes of settlement

The problems of settlement of the ground surface adja-
cent to excavations due to piping of soil beneath sheet
piling, erosion from sloping sides of excavations, and
infiltration of fines into unscreened pumping wells has
been mentioned in the preceding pages However, there
is one cause of ground settlement which is liable to
occur in some types of soil no matter how carefully the
ground-water lowering is executed This type of settle-
ment is due to an increase in density of the soil as a
result of a general lowering of the water table Thus, at
a point A near an excavation where the ground water is
being lowered by pumping from a sump (Fig 11 34(a))
or B adjacent to a wellpoint system (Fig 11 34(b)),
the effective overburden pressure before lowenng the
ground-water table is given by

PC = YSUb' + 'Ysath,

and after ground-water lowering P becomes

p = L,(H + h),

which is an increase in pressure of

— = ('tub + y)H —

=

In other words, the effective pressure at A or B is in-
creased by an amount equivalent to the head of water
which existed above these levels before dewatering If
compressible clay or peat layers exist above the water-
bearing layer the increase in their effective weight causes
them to consolidate, with accompanying settlement of
the ground surface Similarly, the increase in effective
pressure on compressible strata below the lowered water
table will also cause consolidation of these strata with
corresponding settlement at ground level

Although the effects are severe in soft clays and peats,
appreciable settlement can occur in sands, especially if
they are loose and if the lowered water table is allowed
to fluctuate Little or no trouble need be feared with
dense sands and gravels, provided that the ground-
water lowenng system has efficient filters to prevent
loss of fines from the soil Consideration must be given
to the possibility of the settlement of piled foundations
if they are bearing on compressible materials, when the
lowering of the water table will cause negative skin
friction or drag-down on the piles If the increase in
load on the piles is small, and if they are toed into stiff
or hard clay, the resulting settlement may well be neg-
ligible However, if the increase in load is sufficient
to exceed their carrying capacity, heavy settlement is
inevitable

11.4.2 Recharging wells

Precautions against such effects can be taken by a sys-
tem of 'recharging wells', i e by pumping water into
the ground near the excavation to keep up the water
table This procedure was adopted for the basement
excavation for the Tower Latino Americana in Mexico

(a)

Weilpoint

(b)

Figure 11.34
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Figure 11.35 Pumping and recharge system for basement excavation, Mexico City (after Zeevaert 19)

City uhl9 Lowering of the deep water table in the city
has caused heavy settlements of the lacustnne volcamc
clays, and it was feared that a steep draw-down in the
shallow water-bearing strata for the foundation excava-
tions would cause serious settlement of neighbouring
streets and buildings The excavation, which was taken
down almost to the top of the first water-bearing sand
layer (about 2 5 mbelow ground level), was surrounded
with tongued and grooved timber sheet piling (Wakefield
piling) and four 35 m deep pump wells were installed
The water level was then lowered to just below the
final excavation level of 12 m and the water was dis-
charged into an 'absorption' ditch at ground level to
maintain the existing ground-water conditions in the
shallow deposits It was also discharged into injection
or recharging wells to maintain the existing head in
the lower pervious layers (Fig 11 35) These wells con-
sisted of 75 mm pipes perforated at 12, 16, 21, and
28 m where they passed through the pervious layers
and were surrounded by a 90 mm thick sand filter

The recharging process prevented settlement of
adjacent structures and, at the same time, the increase
in effective pressure on the clay layer below basement
level due to the reduction in the water table compen-
sated for the decrease in overburden pressure Thus,
no swelling of the basement excavation occurred The
recharging process is standard practice in Mexico City

The construction of the 22 m deep basement for the
Hong Kong and Shanghai Banking Corporation head-
quarters in Hong Kong provides an example of the use
of the eductor system for both ground-water lowering

and recharge 1120 The area surrounding the 47-storey
building was occupied by busy city streets and build-
ings Previous experience of the construction of the
nearby Chater Road Underground Railway Station had
shown that large settlements could be caused by deep
excavations and that significant ground movements
could be caused by excavation under bentonite for
diaphragm walls, even though the slurry level was kept
well above the minimum relative to the external water
level to maintain stability Ground movements were
mainly related to compression and consolidation of a
deep stratum of completely decomposed granite which
was overlain by about 5 m of sandy reclamation fill and
on the seaward side of the site by up to 4 m of sandy
marine deposits Ground-water level was about 2—3 m
below street level

The close proximity of the streets and underground
services and obstructions formed by the basement re-
taining walls and vaults of the former bank building
made it impracticable to raise the guide walls for the
diaphragm wall in order to increase the excess head
of slurry This could be achieved only by lowering the
ground-water level on both sides of the wall which
carried a risk of causing settlements to the surrounding
buildings and streets Accordingly, close control of the
relative levels between external ground-water levels and
the slurry level was necessary Control to maintain an
excess head of 3.5 m was achieved by installing 150 mm
diameter wells at 6 m centres around the external
penphery of the basement and 15 similar wells within
the basement area Each well was provided with an
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eductor which served as a means of either lowering or
recharging the ground water As each diaphragm wall
panel was being excavated ground-water levels close to
the wall were recorded at six-hourly intervals, and the
slurry level was measured at hourly intervals to main-
tain the level at a constant depth of 03 m below the top
of the guide walls with the external ground-water level
lowered by about 2—3 m

Each of the 51 diaphragm wall panels was toed-in to
a depth of 03 m into moderately decomposed granite
found at 25—35 m below street level Numencal ana-
lyses using finite element methods had shown that any
gap left between the base of the wall and the rock could
cause a substantial lowering of the external ground-
water level at the stage of dewatenng the basement for
the bulk excavation A gap 1 m wide was calculated to
cause a reduction in external water level within the
decomposed granite of as much as 10 m Consequently,
each wall panel was provided with four vertical ducts
Grout holes were drilled through the ducts to a depth of
0 5 m into rock and injected with cement to refusal at
10 bar pressure Alternate holes were rednlled 5 m into
rock and grouted to refusal at 15 bar

Maximum surface settlements close to the exterior
of the diaphragm wall were generally in the range of
20—35 mm after completion of basement construction
These were within 60—70 per cent of the settlements
predicted by finite element analyses using values of
soil stiffness in the decomposed gramte obtained by
back analysis of movements resulting from sinking a
caisson near the site

Recharging wells will be ineffective if they become
clogged by fine matenal suspended in the feed water
Regular swabbing of the wells is necessary if the sys-
tem is to be kept in operation for long periods

11.5 Ground water under artesian head
beneath excavations

11.5.1 Problems with artesian head

The problem of ground water under artesian head
beneath an impervious layer has been mentioned. This
caused partial failure of a cofferdam for a pumping
station at Cowes Generating Station, Isle of Wight 1121
When excavation was almost down to the final level of
—663 m 0 D (Fig 11 36) the floor rose 100—150mm
in one corner and a crack opened up across this corner
with water seeping up through it Counterweighting of
a 3 5 x 3 5 m area was camed out with steel plates and
6 t of kentledge, but over the next two days the condi-
tions deteriorated with further cracking, and depres-
sions occurred in the ground around the outside of the

—20

Figure 11.36 Ground conditions at Cowes Generating Station
(after Coates and Slade 21)

cofferdam It was then decided to flood the excavation
to prevent further detenoration Subsequent bonngs
showed a 1 2—1 8 m thick layer of fine sand beneath the
clay at excavation level This sand layer was charged
with fresh water under a 10 m head The artesian head
had hfted the clay, opemng up fissures through which
water flowed, thus softening the clay and allowing in-
ward yielding of the sheet piling

The foundations were completed by casting the
foundation slab under water and anchoring it to a lower
stratum of bedrock by prestressing wires located inside
steel box piles

Similar problems occurred in the intake pumphouse
of Ferrybndge 'B' Power Station, but these were fore-
seen and the artesian head in the underlying permeable
layer was lowered by wellpointing However, unfore-
seen trouble did occur in sheet piled excavations for the
circulating water discharge culverts on the same site
They were excavated to a lesser depth than the intake
pumphouse, and it was thought that the weight of the
1 5—1 8 m layer of soft clay overlying the permeable
layer, together with the adhesion of the clay to the sheet
piles, was more than sufficient to counterbalance the
46 m head of water in the underlying water-bearing
strata (Fig 11 37) This proved to be the case, but
trouble was expenenced at one location where sheet
piles forming a bulkhead across the trench were with-
drawn to allow the base slab of the culvert to be placed
Water boiled strongly up the holes left by the sheet piles
in the clay The difficulty was overcome by excavating
ditches on each side of the trench bottom and these led
the water to a pumpmg sump

+2 5

0

—2 5

—5

—7 5

—10

—12 5

—15

—175

MHWS
+1

Head of water
N 0 in sand layer

MLWS—21m \ _____
,flflfl#fl
ZMud—fl—nfl—fl

Clays and



This edition is reproduced by permission of Pearson Educational Limited

510 Geotechnical processes

°+335m 60
° • b
Larssen No 2
sheet piles ..

* •; 0 •4 °
?-046—350m

a

Figure 1137 Ground-water conditions at Ferrybridge 'B' Power Station

11.5.2 The use of relief wells

Where an excavation is located wholly within a clay
formation underlain by a permeable stratum contaimng
ground water at an artesian or sub-artesian pressure,
uplift of the base of the excavation similar to the ex-
amples in the previous section can be prevented by
installmg bleeder wells through the clay in advance of
excavation A bleeder well system is feasible only if
the water-bearing stratum is of low to medium per-
meability Heavy discharge from a high permeability
layer such as coarse sandy gravel would be likely to
cause wash-out of fine material from the water-bearing
layer and erosion of the filter material used for back-
filling the wells There would also be difficulties in
constructing the permanent works

A typical installation is shown in Fig 11 38 The
spacing and diameter of the wells depend on the per-
meability and water head in the water-bearing layer
The grading of the filter material is determined from
the D15 and Dsizes of this layer (Fig 11 24) Erosion
of soil around the bleeder well by the upflowing water
can be prevented by a permanent plastics well-casing
slotted over its length within the permeable layer
Water should be prevented from piping around the
annulus by means of a bentonite seal After completing
the excavation the discharge from the wells should be

+9 14m

;
i Send and gravel

(water bearing)
a. •,° a

a
0 -

collected by a gravel-filled ditch and led to a pumping
sump or discharged through flexible pipes laid across
the base of the excavation or tremie concrete slab to
the sump

11.6 The use of geotechnical processes for
ground improvement

11.6.1 Applications

Various geotechnical processes can be used to strengthen
weak and compressible soils, thereby permitting an
increase in foundation bearing pressures, or reducing
settlements Because of the cost of these types of ground
treatment they are not normally used, since it is usually
much cheaper to increase the size of foundations or
to use bearing piles However, there are circumstances
where it may be expedient to adopt such methods, for
example where the area available for foundations is
limited by the presence of existing structures, or where
piling cannot be adopted because of risks of settlement
due to vibrations or loss of ground

Methods of compacting or consolidating the ground
to increase allowable bearing pressure or to reduce
settlements include
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Clay backfill
Bentonite
seal

t—I

Graded gravel filter

z.;:-:- :-:- p
Plastics well-casing, slotted
at lower end

Consolidation by preloading,
Shallow compaction;
Deep compaction,
Dynamic consolidation,
Stone columns,

(a)
(b)
(c)
(d)
(e)
(f) Stabilization by grout injections;
(g) Electro-osmosis and electrochemical hardemng,
(h) Lime colwnns

Theoretical and practical aspects of all the above pro-
cesses are discussed in the state-of-the-art papers in
the 8th European Conference on Soil Mechanics 1122
Methods (c), (d), and (e) are reviewed critically in a
publication of the Institution of Civil Engineers n 23

11.6.2 Consolidation by preloadmg

Total and differential settlements of foundations on
soft compressible clays and loose granular soils or fill
materials can be greatly reduced by preloading the area
of the structure The preload is applied by means of a
mound of soil or rubble imposing a bearing pressure on
the ground equal to or higher than that of the perma-
nent structure The preloading matenal is kept in place
until level measurements show that the time—settlement
curve has flattened or that the settlement has decreased
to a very slow rate An example of preloading a loose
colliery waste fill has been given in Section 3 6

When preloading soft clays or clay fills the rate of
settlement of the mound may be rather slow, requiring
the load to be in place for many months In such cases
consideration should be given to accelerating the rate
of consolidation of the soil by the introduction of

vertical drains These can take the form of drilled holes
filled with sand, 'sand-wicks', or preformed channels
made from a plastic or cardboard duct covered with
paper and driven into the ground by a special machine-
operated mandrel Vertical drains of these types can be
installed to depths up to 20—30 m Water expelled from
the soil during the process of consohdation travels
upwards through the drains to a blanket of pervious
matenal placed beneath the preload fill. Drainage in a
downward direction also takes place if the drains can
be taken down to a pervious soil layer beneath the soft
clay stratum

The pnnciple of the vertical drainage system is to
obtain a reduction m the length of the seepage path for
water squeezed from the soil Thus when the drains are
spaced at, say, 2—5 m centres the length of the seepage
path is reduced from either the full depth or half the
depth of the compressible stratum to half the spacing of
the vertical drains, with a proportionate reduction in the
time for consolidation of the soil

A vertical drainage system is costly and it should not
be adopted without making a detailed investigation
of the permeability characteristics of the soil in situ
Rowe"24 has shown that many natural soil formations
contain fissures or laminations of sand and silt which in
themselves act as natural drainage channels at a close
spacing, making it unnecessary to install vertical drains
Preloading with or without the assistance of vertical
drains is not fully effective in peats or highly orgamc
soils for which a high proportion of the total settlement
is due to secondary compression (creep) The rate of
secondary compression is not dependent on the drain-
age characteristics of the deposit.

Piezometnc head m
permeable layer

Gravel-filled ditch

Pumping
sump

/
Clay/

Figure 11.38 Bleeder well installation (Note plastics well-casing and bentonite seal not needed for low-velocity discharge)
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Where large areas are to be preloaded it can be ad-
vantageous to construct two test embankments, one with
and one without artificial drainage, and to compare the
amounts and rates of settlement. It is sometimes found
that while the rate of settlement can be accelerated
by vertical drains the total settlement is much higher,
therefore little advantage is gamed Preloading can be
performed in underwater locations, but the process is
much less effective than on land because of the lower
effective weight of the preload matenal and its tend-
ency to spread when dumped through water A layer of
geotextile fabric is needed below the fill where it is
placed on a very soft clay or silt deposit

11.6.3 Shallow compaction

Loose or disturbed granular soils at the base of excava-
tions for strip or pad foundations can be compacted by
rolling or ramming Vibratory rollers or plate compactors
work efficiently in granular soils, but the depth of
compaction with ordinary equipment is unlikely to ex-
ceed about 300 mm In thick deposits of loose granular
soil or fill above ground-water level, it can be cheaper
to remove these deposits and replace them in compacted
layers than to use the specialist processes described in
the following section A method of control of compaction
using mechamcal equipment is described in Section 36 1

11.6.4 Deep compaction
Heavy vibrators ian be inserted into loose granular soils
and then withdrawn, leaving a column of compacted
soil in the ground By inserting the vibrators at close
spacing a state of uniform compaction can be obtained
thereby greatly reducing the differential settlements
which would otherwise occur with a natural soil de-
posit of widely varying density In Britain the method
has been used extensively to compact fill matenal con-
sisting of brick rubble, broken concrete, timber, piles,
paving matenals, soil, and other miscellaneous mater-
ials resulting from site clearance of old houses. Usually,
little attention is paid to uniform compaction of such
materials when clearing and levelling a site scheduled
for urban redevelopment However, by means of close-
spaced insertions of a heavy high-frequency vibrating
unit along the line of the proposed foundations, the
materials are induced to attain a closer state of packing
and voids formed by arching of the fill are broken down
Additional granular material is fed into the depression
formed around the vibrator By means of repeated
insertions and withdrawals of the umt the granular
matenal is compacted into any remaining voids, thus
fomung a strip of dense granular fill upon which the

300mmid —a

Umversal connexion
between vibroflot
and upper tube

Upper jets

22kw electric motor —
Vibroflot

— Upper tube
(follow-up pipe)

380mm o d

Eccentric

shEFBottom Jet __________

Figure 11.39 Diagram of vibroflot

new foundations can be constructed without risk of
appreciable differential settlement

Two principal methods are used for deep compaction
In the vibroflotation process a heavy vibratory unit (Fig
11 39) is jetted down into the soil (Fig 11 40(a)) On
reaching the desired depth, a rotating vibrating machine
within the unit is set in motion and the direction of
jetting is reversed to carry the soil particles downwards
The vibrator compacts the soil around the umt and sand
is shovelled in to fill the cone-shaped depression which
appears at the surface (Fig 11 40(b)) The unit is with-
drawn in 025 m stages, vibration being applied at each
stage and ground surface made up as required The unit
is put down again about 2 or 3 m away and the process
repeated until the whole area to be treated is covered by
overlapping cylinders of compacted soil The units can
be jetted to a depth of about 10 m

The vibroflot is most effective in clean sands or
gravels or granular fills, but it can operate in silty
or clayey sands containing up to 25 per cent of silt or
5 per cent of clay

In the vibro-replacement process the vibratory unit
consists of a large vibrating tube which relies on dead
weight combined with high-frequency vibration to
obtain the desired penetration No water is used, other-
wise the procedure is generally similar to vibroflotation

Water supply to —a
upper jets s— Water supply to

lower jets

Upper

-
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Figure 11.40 Operation of vibroflot (a) Jetting down vibroflot
(b) Withdrawal ofvibroflot

In another variation the stone is fed from the bottom of
the vibrator and a pull-down unit is used to compact the
column The Swedish Vibro-Wing process consists of
a vertical mandrel with horizontal blades of various
lengths set in different directions around its length A
heavy vibrating unit is mounted on top of the mandrel
which dnves the mandrel down to the required depth,
and it is then slowly withdrawn by crane while vibra-
ting continues The process is suitable for sandy soils

The economics of dynamic compaction in granular
soils require careful consideration Settlements of founda-
tions with moderate loadings on loose to medium-dense
soils are not large, and a high proportion of the settle-
ments are 'built-out' at the construction stage such that
the reduction in settlements at the end of construction
achieved by the process may be so small as not to be
worth the cost involved Deep vibratory compaction
of natural granular soil deposits is best applied to the
foundations of structures sensitive to small differential
settlement when the compaction can be used to pro-
duce uniform density in a variable soil deposit, thereby
reducing the amount of differential rather than total
settlement

The process was used under water beneath the piers
of the 3 km Oosterschelde Storm Surge Bamer The
50 x 25 m piers weighed up to 18000 tin air and were
sunk in water depths up to 30 m They were located in
an area of deep deposits of loose to medium-dense sands,

where densification was necessary to reduce deforma-
tion of the bamer structure caused by differential settle-
ment under loading from gate operations and storm
surge forces Vibratory compaction was required to a
depth of 15 m below dredged level This was under-
taken by four 'needles' suspended from a pontoon coy-
enng an area of 25 x 6 m The pontoon was moved in
stages across an area 80 m wide, after which the sea
bed was levelled by dredger and covered by an upper
and lower mattress each consisting of a three-layer sand
and gravel filter, and then by a final concrete block
mattress The hollow pier units were sunk on to the sea
bed followed by injecting cement grout between the
base slab and the block mattress, and then ballasting
the intenor of the pier with sand.

Control of deep compaction in granular soils is best
achieved by measuring the in-situ density before and
after treatment The measurements are made by means
of a grid pattern of static cone penetration tests supple-
mented by the cheaper dynamic cone tests at a closer
grid spacing (Section 1 45)

11.6.5 Dynamic consolidation

Deep deposits of loose granular and silty soils can be
consolidated by dropping heavy weights from a consid-
erable height on to the ground surface Weights of up to
200 t falling from a height of 40 m have been used The
weights are first dropped at a wide spacing to compact
the deeper soil layers, then the spacing is decreased to
compact the surface layers It is desired to avoid the
formation of a thick surface crust at too early a stage in
the operations The Impact of the weights form deep
imprints in the ground surface and water squeezed from
the underlying soil collects in these holes Drainage is
necessary to remove the accumulated water and fill must
be imported to level the ground surface

It is claimed that the method is effective in soft clayey
soils when the impact of the falling weight causes rup-
ture and cracking of the soil mass The cracks then
form drainage channels for the expulsion of water in
subsequent passes of the falling weight The process
requires careful evaluation and control in clayey and
silty soils, particularly in soft clays which are sensitive
to disturbance, when destruction of the soil fabric will
cause loss of shear strength Pore pressures are built up
during the tamping process and they are slow to dissi-
pate due to blockage of natural drainage paths If the
tamping causes only heave of the ground surface and
loss of strength of the previously undisturbed soil, then
little useful work will have been done

The method has been used successfully to break down
soil or weak rock which has arched over voids in a

Cylinder of
., compacted ground

(b)
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cavernous rock formation An example of this has been
given by Holt 1122

Explosives have been used to compact soils at
depth I 126 The techniques used in the former USSR to
compact deep deposits of bess by means of explosives
have been described in Section 3 2

11.6.6 Strengthening the ground by
stone columns

The vibratory units descnbed in Section 11 64 can be
used to introduce strengthening materials into loose
sands, soft silts, or clays and fill materials to enable
them to carry foundation loads without excessive settle-
ments The vibratory units are used to form columns
of clean graded stone or blast furnace slag at a close
spacing over the foundation area In sands and silty
sands the vibration and lateral displacement of the soil
causes densification of the mass The efficacy of the
treatment can be expressed in terms of a factor n which
is the ratio of the settlement of a given area A subjected
to treatment to the settlement of the same area without
treatment Priebe27 has established curves relating n
to the ratio of A to the total cross-sectional area of the
stone column as A The curves are shown in Fig 11 41
for granular soils in a range of angles of shearing resist-
ance They are based on the assumption that the stone
columns are formed in a regular triangular pattern

It is claimed that the lateral displacement increases
the shear strength of soft clays, but in soils sensitive to
disturbance the net effect is more likely to be a loss of
strength accompanied by ground heave if the columns
are installed by tamping or by a poker unit without
water Jetting to displace the soil In a soft compressible
clay the stone columns have a much greater stiffness
than the surrounding soil, hence they will attract load
applied to the ground surface and initially they will try
to act as piles The columns will then bulge, causing

5
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Area ratio, A/Ac

Figure 11.41 Chart for determining spacings of stone columns
for densification of sands (after Priebe" 27)

them to settle, and some of the load will be transferred
to the surrounding clay The relative proportions of load
carried by the columns and the clay will depend on the
extent of the bulging If the ratio of the length of the
column to its diameter is too large the column will fail
by bulging Hughes and Withers1 showed that this
critical state occurred at a vertical stress in the columns
of 25 times the undrained shear strength of a soft clay
when the length of the column was four times the
diameter A settlement of 58 per cent of the diameter
occurred before bulging failure took place At this length
the column failed simultaneously by bulging and in end-
bearing resistance on the soft clay Hughes and Withers
have established the design chart (Fig 11 42) relating
the allowable load on a stone column to the undrained
shear strength of the surrounding clay They point out
that the bearing capacity of the individual column does
not increase for length to diameter ratios greater than 6

Balaam and Pou1osi29 have shown that finite ele-
ment methods can be used to predict the settlement
behaviour of single or groups of columns based on the
modulus ratio of the column and the soil and the col-
umn spacing The Balaam and Poulos curves are shown
in Fig 11 43 for a range of column length to diameter
ratios of 5—20 They are compared with the Pnebe curves
(Fig 11 43) and the empirical method of Greenwood i130
The Greenwood curves assume that the stone columns
are founded on firm clay, sand, or harder ground

Bulging failure can be prevented by adding cement
to the stone as the column is formed in the ground
However, this adds considerably to the stiffness of the
column and a corresponding reduction in the propor-
tion of load camed by the soil If no bulging occurs all
the load is camed by the columns when they act only

L
I

10 20 30 40 50
Undrained shear strength. c.

(tiN/rn2)

Figure 11.42 Chart for determining allowable stress on stone
column (after Hughes and Withers"

III
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Figure 11.43 Settlement diagram for scone columns in soft clay (after Balaam and Poulos )

as piles with a risk of crushing near the head where the
stress on the column is a maximum, although the stress
can be reduced by enlarging the shaft diameter at the
top of the column

Stone columns are used for the foundations of struc-
tures located on loose fill materials which can be advan-
tageous where the vibrations break down assemblies of
particles cemented by mineral compounds However,
there can be risks of serious settlement if the fill con-
tains soluble compounds where the pervious columns
act as vertical drains for surface water which leaches
out the soluble material giving lateral support to the
columns There is also a risk of contamination of ground
water at deeper levels as a result of seepage through
the column

The stone column process is best applied to large
loaded areas such as the approach embankments to
bndges where the earthworks are placed over soft clays
and settlements due to bulging of the columns are not
detrimental

Large quantities of stones are required to form col-
umns in very soft soils In such conditions the process
is only marginally cheaper than conventional piling,
bearing in mind the higher working load which can be
safely camed on a pile compared with a stone column

11.6.7 Stabilizing the ground by grout injections
Using the methods described in Section 11 3 7, various
forms of grout can be introduced into granular soils or
cavernous rock formations to increase their strength
and reduce their compressibility However, the cost of

the grout materials and injection processes are high,
malung the methods uneconomical compared with deep
compaction Their use is generally restricted to site con-
ditions where deep vibratory or dynamic compaction
cannot be used because of the presence of existmg struc-
tures, for example in underpinning work (see Section
1237)

These techniques of injectmg grouts into granular
soils and rocks are referred to as permeation grouting
In the case of silts and clays the grouts cannot be in-
duced to flow into the void spaces between the soil
particles, but if high pressures are used flow takes place
into natural fissures, or new fissures are opened where
planes of weakness exist The injection pressures ex-
pand the fissures by a process known as hydrofracture
or claquage and because the vertical overburden stress
is usually lower than the in-situ horizontal stress the
soil mass is lifted Using close-spaced points and high
pressures the claquage grouting technique can be used
in clays to raise structures which have undergone
settlement, or to carry out the injections simultaneously
with excavations or tunnelling to correct the ground
movements as they occur Used in this way the tech-
niques are referred to as compensation grouting Where
no natural fissures exist, or cannot be induced to form,
a limited expansion or compression of the soil mass
can be achieved by the bulb of grout which forms around
the injection tube This process is known as compaction
grouting

The techniques of compensation and compaction
groutmg are used mainly in underpinning work and
will be described in greater detail in Section 12 3 7
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11.6.8 Electro-osmosis and electrochemical
hardening

The electro-osmosis process described in Section 11 3 6
can be used to increase the shear strength and reduce
the compressibility of soft clayey and silty soils be-
neath foundations By introducing an electrolyte such
as calcium chloride at the anode, the base exchange
reaction between the iron anode and the surrounding
soil is mcreased resulting in the formation of femc
hydroxides which bind the soil particles together 1131
However, because of the costs of electric power and
wastage of electrodes, electro-osmosis with or without
electrochemical hardening can be considered only for
special situations where the alternative of piling cannot
be adopted

11.6.9 Stabilization by lime columns

Introducing lime in solution or powder form into a soft
clay improves its bearing characteristics and reduces its
swelling potential The lime acts on the clay by a com-
bination of flocculation and base exchange to produce
a more friable material with a reduced plasticity index,
a higher shear strength, and a higher permeability
Some cementation of the agglomerated clay particles
also occurs

Lime added in powder form can be slaked or
unslaked The latter is more effective because the heat
of hydration has a drying effect, thereby reducing the
pore-water content of the clay The stabilization pro-
cess is slow, but it can be accelerated by the addition of
powdered gypsum The addition of gypsum increases
the strengthening effect particularly in organic clays
Eggestad"32 reports that lime and lime—gypsum mix-
tures are added to the soil in the proportions of 3—10
per cent by dry weight of soil The lime to gypsum ratio
is 75 25, where long-term stability is required, or 50
50 for short-term temporary stabilization

Broms and Anttikoski have reviewed the methods
of introducing lime into the soil These include

(a) Pumping slaked lime slurry into boreholes,
(b) Filling boreholes with powdered unslaked lime,
(c) Extruding unslaked lime powder from tubes

punched into the ground,
(d) Mixing unslaked lime powder into the soil by

rotary dnll where the material is added through
the dnll pipe as it is being withdrawn and mixed
with the soil by a wing bit

Generally the lime/soil columns are 0 3—05 m in diam-
eter spaced at 1—2 m centres Where the action of the

lime causes a marked increase in permeability of a clay
the columns function as vertical drains
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12 Sh©iring aS
uSeirpinthng

12.1 Requirements for shoring and
underpinning

Shonng of a structure is required

(a) To support a structure which is sinking or tilting
due to ground subsidence or instability of the
superstructure,

(b) As a safeguard against possible settlement of a
structure when excavating close to and below its
foundation level,

(c) To support a structure while making alterations to
its foundations or main supporting members

Underpinning of a structure is required for the reasons
given in (a) and (b) above and, in addition,

(d) To enable the foundations to be deepened for struc-
tural reasons, for example to construct a basement
beneath a building,

(e) To mcrease the width of a foundation to permit
heavier loads to be camed, for example when in-
creasing the storey height of a building,

(f) To enable a building to be moved bodily to a
new site

Shonng and underpinning are highly skilled opera-
tions and should be undertaken only by expenenced
firms No one underpinning job is like another and
each one must be given individual consideration for the
most economical and safest scheme to be worked out
For this reason the author does not intend to descnbe
the methods in detail, but merely to state the general
principles which are followed Much interesting and
detailed information is given in Prentis and White's
book Underpznrung12' which is a classic work on the
subject

12.2 Methods of shoring

Shonng by external props is only required in connec-
tion with underpinning work for structures which are
out of plumb, or for structures which are sensitive to
the effects of small settlements It is generally unneces-
sary to provide extensive shonng to steel or reinforced
concrete-framed buildings while excavating close to
their foundations since the structural framework effec-
tively ties the building together It is, of course, neces-
sary to support individual columns while underpinning
their foundations Buildings with load-bearing walls, if
in sound condition, can generally be secured against
harmful movement while underpinning by means of
horizontal ties at the various floor and roof levels
supplemented as necessary by internal bracings These
methods avoid obstructing the ground around the build-
ing where the underpinning operations or excavations
are taking place

Seymour122 has pointed out the risks of demolishing
a building of framed construction where the party wall
between this and the abutting building predates both of
them He stated that it was and still is the practice to
leave a party wall in this state to serve as a fire-stop
between adjoining buildings and to preserve the com-
mon ownership of the wall In the three cases shown in
Fig 12 1 demolition of building B will involve a risk of
outward collapse of the party wall unless it is supported
by external shoring As well as being unbonded to
either existing building the party wall may consist of
several unbonded skins of brickwork or two outer leaves
with rubble infill Bnckwork forming old chimney
breasts and flues may be in a weak decayed condition.

Raking shores (Fig 12 2) are generally used where
external support is necessary The angle of the shores is
generally 60—75° If the feet of raking shores obstruct

5,?



Figure 12.1 Typical sections of old party walls (after Seymour'2 2)

Figure 12.2 Arrangement of raking shores to five-storey
building

construction operations then flying shores (Fig 12 3)
canbe used provided that there is a conveniently placed
wall or other structure to strut against For practical
reasons the length of timber flying shores is generally
limited to about 10 m, but shores of latticed tubular
construction can span up to 25 m The levels of raking
shores and flying shores are so arranged so that they
bear on the walls at the floor levels of the buildings
This ensures that the thrust is transmitted as far as
possible to the whole structure and avoids putting a
bending load on to a wall If there is no floor at a suitable
level at the end of a flying shore a stiff vertical member
should be provided to distribute the load (Fig 124)
Because flying shores do not bear on the ground they
cannot carry the weight of a wall, they merely provide
a restraint against bulging or tilting Support to the
vertical load of a wall, where it is required in conjunc-
tion with flying shores or honzontal ties, can be given
by means of dead shores (Fig 12.5)

Particular care is necessary when excavating beneath
the gable end foundations of old terrace buildings with
load-bearing bnck walls Over a long penod of years
there is a trend to longitudinal creep expansion of these
structures caused by moisture absorption and swellmg
of onginally dry bncks and of timbers in floors and
roofs Creep is also caused by thermal expansion of
the structure This movement is not fully reversed by
thermal contraction because of restraint by friction in
bnckwork joints and between timber Joists and their
supporting cross walls The creep movement is larger in
the upper storeys, which results in the gable walls leamng
outwards (the book-end effect) 123 These long terrace
blocks are usually under multiple occupation making
it impractical or inconvenient to install longitudinal
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Cleat

Figure 12.4 Tubular steel lattice flying shore for multi-storey
building (after Seymour'22)

ties through the structure In these circumstances
external shoring in advance of underpmnmg cannot be
avoided

Raking or dead shores should be designed to carry
the whole weight of the walls and any loads transmitted
to them from the floors and roof of the buildmg The
loading should be lightened as far as possible by re-
moving machinery installations or stored matenals The
needles are inserted through holes cut in the wall A
gap is left between the needles and the underside of the
wall into which fine dry concrete or fairly dry mortar is
rammed to ensure a good bearing over the full width of
wall Pad stones may be necessary to avoid concentra-
tions of loadmg on the bnckwork when supporting heavy
walls Where raking shores are used, wall pieces are
placed over the needles and the upper ends of the shores
are restrained from kicking up by means of cleats nailed

— to the wall pieces—
Raking and dead shores must be securely braced

together and provided with a firm bearing on a sill or
= sole plate If the ground has a low bearing capacity, a

mat or grillage should be provided in timber, concrete,
= orsteel construction Hardwood folding wedges or screw

jacks should be inserted at the feet of shores to take
up any yielding of the ground and elastic shortening of

= the strutting materials A careful watch should be kept
on the shores, and the wedges should be tightened or
loosened as necessary when the timber shrinks m dry
weather or swells in wet weather

Columns of framed structures can be shored up
individually by needle beams Where steel beams are

Fine concrete packing

Figure 125 Arrangement of dead shores

Figure 12.3 Arrangements of flying shores

•' Stiff soldier
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supported, cleats are bolted or welded to the opposite
flanges to provide a beanng to the needles (Fig 126(a))
Alternatively, the beams at first floor level can be shored
up and the column left hanging from them (Fig 126(b))
Reinforced concrete or brick columns can be supported
by guts tightly bolted around them and prevented
from slipping by chases cut in the faces of the columns
(Fig 127(a)) Alternatively, chases or sockets can be cut
in the sides of the column bases to permit the insertion
of jacks (Fig 12 7(b))

Before any shonng work is commenced the build-
ing should be carefully surveyed Records should be
made of the levels of floors and the inclination of walls

Figure 12.7 Methods of supporting reinforced concrete or brick
columns

and sills, noting, marking, and photographing any
cracks Tell-tales and datum points should be placed
where necessary for observing the movement of cracks
and settlements The records of levels, photographs, and
notes should be agreed between the building owners,
engineers, and contractors The observations and meas-
urements should be continued throughout the penod of
shonng and any subsequent excavation or underpmmng,
and until such time thereafter as all detectable move-
ments have ceased

r'RS column

cc

Cbase cut in column

Packmg

1t I

P] Excavation kr
I I underpinning

(a)

R S channels.

'he bolts

Jack

Needle
beams

Column cut
away jii :I II I

(0)

Underpinning
excavation

(b)

Figure 12.6 Methods of supporting steel columns (a) Support
by needles (b) Support by shoring (b)
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12.3 Methods of underpinning

12.3.1 Preliminary investigations
Before undertahng any scheme of underpmmng whether
in connection with adjacent construction operations, or
to prevent further settlement as a result of ground sub-
sidence or overloading of foundations, it is important
to carry out a careful soil investigation to determine
allowable beanng pressures for the new foundations

If underpinning is necessary to arrest settlement it
is essential that the underpinned foundations should
be taken down to relatively unyielding ground below
the zone of subsidence For example, if the bearing
pressures of existing foundations are such that excess-
ive settlement is occumng due to consolidation of a
compressible clay soil it is quite useless simply to widen
the foundations by shallow underpinning This will
merely transmit the pressures to the same compressible
soil at a lower level and the cycle of settlement will
start all over again The underpinning must be taken
down to a deeper and relatively incompressible stratum,
if necessary by piers or piles

It is essential to recogmze the true cause of settle-
ment Shallow underpinning may be quite satisfactory
if the settlement is due to shrinkage of a clay soil due
to dry weather, for example if settlement has occurred
due to soil shnnkage in London Clay it is sufficient to
underpin the foundations to a depth of 1 5—2 0 m If,
however, the soil shrinkage is due to the drying action
of the roots of trees or hedges the underpinning will
have to be taken well below the root system (see Sec-
tion 3 11)

Underpinning is ineffective if the settlement is due
to some deep-seated cause such as coal mining In such
cases all that can be done is to wait for the movement to
cease, then restore the structure to level (if practicable)
before repairing it Alternatively, a jacking system can
be installed to maintain the foundations at a constant
level (see Section 3 5 5)

12.3.2 Underpinning to safeguard against the
effects of adjacent excavations

It has been noted m Section 98 that settlement and
inward yielding of the ground surface adjacent to deep
excavations is generally at a maximum close to the face
of the excavation, and decreases with increasing dis-
tance from the face The tables in Appendix B and
Table 9 2 can be used as gwdes to enable a decision to
be made whether or not to underpin the shallow founda-
tions of a building near a deep excavation It is not
always necessary to underpin a building if it lies within

the zone of potential settlement as indicated by Figs
942 and 943 Judgement is required to assess the
consequences of the estimated settlement and inward
yielding Small settlements may not damage a structure,
or the cost of repairing damage and compensating the
owner may be less than the cost of underpinning Much
will depend on the use of the building, its structural
form and its age and general condition (see Section
262) It is also important to remember that the obser-
vations of inward yielding shown in the tables were
made on properly strutted or anchored supports to the
excavations Much greater movements can occur if
the support system is poorly designed or constructed
Underpinning to a greater distance from the face than
indicated by the figures may be necessary if a ground-
water lowering system is in operation unless other safe-
guards are taken (see Section 11 4)

if the structure to be underpinned is close to the
excavation it is often convenient to combine the under-
pinning with the supports to the excavation For ex-
ample, the supports can consist of steel universal beam
soldiers inserted in prebored holes with horizontal
sheeting members. The load of the building can then be
transferred to the tops of the piles (Fig 12 8(a)) Alter-
natively, a system of close-spaced bored piles can be
used (Fig 12 8(b))

In all cases where underpinning is provided close to
excavations it is important to design the underpinning
members to carry any lateral loads transmitted to them
from the retained earth or ground water

12.3.3 Underpinning by continuous
strip foundations

In its simplest form, underpmmng consists in exca-
vatmg rectangular pits or 'legs' at intervals beneath
the existing strip foundation The pits are then filled
with concrete or bnckwork up to the underside of the
existing foundation, after which the intervening legs
are excavated and the concrete or bnckwork con-
structed within them to bond on to the work already in
place, so forming a continuous strip of underpinning
at the required depth The maximum length of wall
which can be left unsupported above each leg is usually
taken as 1 2—1 5 m for bnck walls of normal construc-
tion The unsupported lengths should be equally
distributed over the length of the wall and in no cir-
cumstances should the sum of the unsupported lengths
exceed one-quarter of the total length of the structure
Jordan'24 recommends that the legs should be dealt
with m groups of six in the sequence 1, 2, 3, 4, 5, 6
(Fig 12 9), the legs of the same number being exca-
vated simultaneously.
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Capping beam

Continuous row
of bored piles

1 4 2 5 3 8 1 4 2 5 3 6

Pits for underpinning legs

Figure 12.9 Sequence of excavating underpinning legs for
continuous stnp foundation

If the wall is heavily loaded or shows signs of struc-
tural weakness, the unsupported length at any given
point should not exceed one-fifth to one-sixth of its
total length Seymour'22 states that district surveyors
in London will normally allow between one-sixth and
one-eighth of a length of a wall to be underpinned in
1 m sections at any one time

The concrete should be placed as quickly as possible
after completion of excavation in each leg If there is
likely to be any delay in commencing concreting, the

last 100—150 mm of soil should be left and removed
only when the concreting is ready to start Alternatively,
a layer of sealing concrete can be placed at the bottom

Concrete underpinrnng should be camed up to within
50—100 mm of the underside of the existing founda-
tion, then left to set and shrink before fine dry concrete
or mortar is rammed m to make full contact with the
old and new work Chases or pockets formed from
expanded polystyrene should be left in the vertical
stop ends of the legs to bond in with the concrete of
the adjacent legs Horizontal chases can conveniently
be formed by the wahngs supporting the pohng boards
lining the excavation Additional bonding can also be
provided in the form of short lengths of reinforcing
steel

Bnckwork can be used to fill the spacing between
the top of the underpinning concrete and the underside
of the existing foundation The bricks should be bedded
in cement mortar and well rammed into position Under-
pinning in wide foundations should be undertaken in
steps working from back to front

Excavation for intermediate legs will throw additional
load on to legs already in place Therefore, to avoid
lateral flow of a silty or clayey soil from beneath heavily
loaded first series legs, the excavation for the second
series legs should not be taken as deep as that for the
first series It should also be noted that by excavating
from one side only of the wall to be underpinned, as
shown in Fig 12 9, followed by placing concrete over
the whole base area of the pit, the existing wall will
then impose its load eccentrically to the central axis of
the new foundation The effect of this eccentricity should
be considered in relation to the allowable bearing
pressures (see Section 4 1 3).

Sometimes as a final stage in underpinning, pressure
grouting of any remaining voids between the old and
new work is camed out This gives some measure of
prestressing the ground beneath the new foundation
Pressure grouting is not normally used for ordinary
walls, but it may be advantageous for wide foundations
or irregular shapes where it is difficult to ensure thorough
packing of the underpinning concrete or brickwork
beneath the structure Generally, dry packing gives a
sounder job than grouting

If it is desired to excavate beneath brick walls to
lengths greater than 1 2—1 5 mm or if the load distribu-
tion is not uniform, it may be necessary to give direct
support to the walls by needle beams (Fig 12 10)

12.3.4 Underpinning with piers or bases

If a building has a framed structure with the wall loading
transferred to the columns, it is convenient to underpin

sheeting between
piles

Steel H-section piles
m prebored holes

(a)

- Bearing piles
at wider
spacing

(b)

Figure 12.8 Methods of underpinning by pihng adjacent to
deep excavations

I-.
H I 'xisting strip

foundation
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Figure 12.10 Supporting wall by needlmg

- Walland foundation
cutaway

the columns in individual pits beneath each column
foundation. The columns or column bases are shored
up or supported by needles as described in Section 122,
while the pit is dug to the required level and backlilled
with the underpinning material. It may be convenient
to break out the bases of steel columns and construct
entirely new ones

Pier foundations may be a desirable method of under-
pinning walls where deep excavations are required in
difficult ground, for example water-bearing or bouldery
soils. This method should only be considered where
there is a stratum of good bearing capacity at a reason-
able depth, because heavy loads will have to be camed
by the piers It is necessary to provide a beam beneath
the wall to transfer the load to the piers. The beam can
be constructed in a number of ways, these include the
following

(a) Supporting the wall by needles for the full length
between piers and inserting steel or precast con-
crete beams (Fig 12 11(a))

(b) Inserting steel beams into chases cut into both sides
of the wall foundation (Fig 12 11(b))

(c) Inserting precast concrete blocks or stools into pits
excavated beneath the walls m the manner described
for underpmning wall foundations by continuous
strips The blocks are provided with longitudinal
holes which are lined up to form continuous ducts
along the length of the beam High-tensile steel rods
or strand are threaded through the ducts Either a
normal remforced concrete beam can then be formed
by concreting around the blocks or stools, or the

Figure 12.11 Methods of underpinning wall foundations using beams spanning between piers or piles

Needles spaced
along well

group
(a) (b)

(c) (d)
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Figure 12.12 Underpinning with Pynford stools

high-tensile steel rods or strand can be tensioned
and grouted up to form a prestressed concrete beam
spannmg between the piers (Fig 12 11(c))

(d) Providing tie rods or prestressing cables at the sides
of or in chases cut in the sides of the wall founda-
tion These are tensioned to produce a prestressed
beam from the wall structure (Fig 12 11(d)) This
method would not be contemplated if the existing
wall and foundation were in poor condition

After completion of the beam by one or another of
the above methods, the needles are carefully removed
to transfer the weight of the wall to the piers If the
existing structure is sensitive to settlement it may be
desirable to provide jacks at the ends of the beams
These enable the wall to be lifted clear of the needles
while the piers and the ground beneath them take up
their immediate settlement.

The Pynford system'25 of underpinning with beams
comprises as a first step cutting pockets in the existing
wall to take precast concrete stools. These stools are

used to underpin load-bearing walls carrying up to
60 mkN/m run. The stools are about 75 mm deeper
than the depth of the beam to allow for concreting and
pinmng up The intermediate brickwork is then cut away

leaving the building supported entirely by the stools,
but bearing on its old foundation Reinforcing steel is
then threaded through the spaces provided in the stool
and the beam is concreted (Fig 12 12). This stiffens the
foundations, enabling excavations to be made beneath
the beams for individual piers or bases taken down to
the desired level for underpinning Finally the load
is transferred to the piers or bases to complete the
underpinmng

Piers or bases are constructed in concrete or brick-
work m timbered shafts. Alternatively, cylindrical shafts
can be sunk with cast iron or precast concrete segmental
lining (see Section 4.63) backfihled with concrete In
difficult ground compressed-air caissons have been used
for underpinmng, but such methods would only be con-
sidered if underpinmng by piles were impractical due
to the site conditions

This edition is reproduced by permission of Pearson Educational Limited
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12.3.5 Underpinning by piles
Underpinning by piles is similar in principle to the
method of piers described above It is a convement
method to use if the bearing stratum is too deep for
economical excavation in shafts or if the ground condi-
lions are difficult for hand excavation

Where walls are underpinned by piles, the piles can
be placed at close centres when they are relatively short
If, however, the piles must be taken down to a consider-
able depth to reach a satisfactory bearing stratum it
will be more economical to space them widely with a
corresponding increase in working load Where the piles
are closely spaced, the wall and its foundation, if m
good condition, can be relied upon to span between
the piles For widely spaced piles a beam will have to
be provided by one of the methods described in Sec-
tion8 162

Underpinning piles to walls are normally provided
in pairs, one on each side of the wall (Fig 12 13(a))
Piles underpinning columns are placed in groups around
or at the sides of the column (Fig 12 13(b)) If, due to
access conditions, it is impractical to install piles within
a building it is necessary to provide them in pairs on the
outside with a cantilevered capping beam (Fig 12 13(c))
This arrangement puts a heavy compression load and
bending moment on the inner (fulcrum) pile and tension
on the outer pile

Bored piles (as described in Section 8 14) are gen-
erally used since they cause little or no noise and vibra-
tion and the piling rig can be operated in conditions of
low headroom In water-bearing sandy soils a careful
boring technique is required to prevent sand being drawn

Pile caps

Fi
Piles

-43-

Figure 12.14 Underpinning old wall with micropiles

into the borehole from the surrounding ground It is not
desirable to pump from the pile shaft before concreting,
as this may cause settlement due to 'blowing' at the
bottom of the pile borehole caused by external water
pressure Uncased augered holes are suitable for under-
pinmng in stiff clays, for example where settlement has
occurred due to deep-seated soil shrinkage resulting
from the drying action of tree roots

if it is necessary to transfer load to the pile at a very
early age it may be desirable to leave the casing in the
borehole or to use universal beams or precast concrete
columns inserted in prebored holes Steel tube or uni-
versal beam piles are useful where bending moments
or lateral loads are camed, for example where under-
pinmng piles are used as retaimng walls for basements
or where they are required to carry cantilevered loads
at an early age

Mimpiles or micropiles (Section 8 14 8) are a useful
means of underpinning, particularly where the existing
footing walls are of massive construction In these con-
ditions the holes for the underpinning piles can be drilled
through the existing foundations and the reinforcing
bars and infilling concrete is bonded to them (Fig 12 14)
The system has the advantage that the work can be
camed out from the ground surface and deep excava-
tions to form pile capping beams are not needed One
proprietary system of nucropiling for underpinning work
is the 'Pali Radice' (root pile) system described with
many case histories by Lizzi 26 The equipment for in-
stalling the piles is suitable for working in confined
spaces and the low-frequency vibrations of the drill-
ing machine need not be damaging The rotary drilling

11 lit
(a)

(b) (c)

Figure 12.13 Underpinning with piles (a) Strip foundations
(b) Column base (c) Cantilevered pile cap
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Figure 12.15 Underpinning with the Franki Miga pile

process results in much less loss of ground than con-
ventional drilling by cable percussion methods

Jacked piles Piles can be mstalled direcfly beneath
foundations if jacked types are used, when the weight
of the building provides the reaction for the jacks The
Franki Miga system employs a proprietary form of
jacked pile which consists of a number of 305 x 305 x
762 mm long precast concrete units with a 50 mm di-
ameter hole runmng down the centre (Fig 12 15) The
piles are installed by first excavating a pit beneath the
foundation The bottom pile section, which has a pointed
end, is placed in the pit and a hydraulic jack, with steel
packmg plates and short steel beam sections to spread
the load, is used to force the pile into the ground until it
is nearly flush with the ground at the bottom of the pit
The jack is removed, the next section is added, and the
process repeated until the desired pile-carrying capa-
city is reached Adjacent units are bonded together by
grouting short lengths of steel tube into the central hole
at each stage When the pressure gauge on the jack
indicates that the required pile-carrying capacity has
been reached (i e working load plus a safety factor)
short lengths of steel beam or rail are driven hard
between the head of the pile and the existing founda-
tion The jack is then removed and the head of the pile
and packings are solidly concreted

Abbey Pynford employ a similar system m the UK
using 140 mm diameter x 300 mm deep precast con-

crete umts bearing at the head on a precast concrete
pile cap Load transfer from the pile cap to the under-
side of the existing foundation is effected by pressurizing

a grout bag packer
In the USA, it is the practice to jack down pipe

piles in short sections in a similar manner to the Franki
Miga pile, except that a pair of jacks is used as shown
in Fig 12 16 The pipe piles are usually mstalled with
open ends and the soil removed from time to time to
facilitate the entry of the pipe sections If this is not
done a plug of soil tends to consolidate at the bottom of
the pile, which greatly increases the reqwred jacking
force On reaching the required level as indicated by
the jacking force, the pipes are finally cleaned out and
filled with concrete The space between the top of the
pipe and the existing foundation is filled with a short
steel column and packing plates after which the jacks
are removed

Where the soil below or close to the existing founda-
tions is soft it may be possible to jack down the pipe
with a closed end to reach a firm stratum. If the end
is closed by a shoe with a diameter larger than the
pipe the jacking force is reduced. On reaching found-
ing level grout is introduced under pressure through
a hole in the bottom of the pipe wall This fills the
annulus, thus increasing the effective diameter of the
underpinning member and increasing the skin friction
resistance

When installing jacked piles it is the normal practice
to work to a safety factor of 1 5, i e the jacking force
is equal to the calculated working load plus 50 per
cent The final jacking load is maintained for a penod
of at least 12 hours before the packing is inserted The
adoption of a higher safety factor may lead to excessive

Jack

Packing piece inserted
after completion of jacking

-50mm die hole

Figure 12.16 Underpinning with steel tube piles
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Figure 12.17 Underpinning pile with adjustable head

loads on the existing structure, although additional
weights may be added to increase the jacking reaction

It is important to insert the packing between the pile
and the structure beforereleasing the load on the jacks
In this way elastic rebound of the pile is prevented and
the settlement minimized A method of forcing up the
head of a pile into contact with a structure above it is
shown in Fig 12 17 This shows the device as used for
piles supporting tunnel sections beneath the River Maas
at Rotterdam The head of the pile is connected to the
lower part only by a peripheral nylon sleeve Cement
grout is injected under pressure into the space between
the two components, thus lifting the pile head and
forcing it into contact with the superstructure

Another method of underpinning single- or two-
storey buildings with load-bearing walls is to remove
the ground-floor slab and install rows of bored piles
over the floor area Horizontal slots are then cut at
intervals through the walls below ground level A rein-
forced concrete slab is then cast on the ground surface
exposed after removing the original ground floor The
reinforcement in the piles is tied into the steel in the
new slab The latter is extended into the slots so that
the load from the superstructure is transferred to the
piles Where the original foundation movements are
caused by swelling or shrinkage of a clay subsoil, a
void must be provided beneath the new slab This can
be achieved by casting the slab on permanent formwork
or on to compressible material as descnbed in Section
3 1 2 A suspended timber floor is installed above the
new slab at the level of the original ground floor

The method described above can be used to raise the
level of the superstructure by installing remotely con-
trolled hydraulic jacks between the pile heads and the
underside of the R C slab However, this system cannot
be readily adapted for re-levelling a building which has
subsided to an irregular profile

12.3.6 Underpinning by controlled jacking
There are various patented systems of jacking which
involve interconnections of the jacks in conjunction
with a centralized pumping plant and a hydrauhc accu-
mulator The Pynford Pedatifid system,'27 referred to in
Section 3 5 5 in connection with mining subsidence, is
controlled by water-level gauges at various jacking
points around the buildmg These gauges actuate elec-
trical relays winch control the motor-operated jacks

Hydraulic jacks used in ordinary underpinning work
should preferably have screwed rams fitted with collars
The collars are kept screwed down against the cylinders
so that in the event of failure in the hydraulic pressure
the ram will not fall The Freyssinet 'flat jack', a hollow
light-gauge metal canister, has useful apphcations to
underpinning work Its shallow depth enables it to be
inserted into small spaces The jack is designed to
be expendable Air introduced under pressure expands
the thin metal box, which jacks up the structure to the
desired amount Cement grout is then introduced and
the injector-pressure pipe is sealed off

Freyssinet flat jacks were used for major under-
pinning work to the central tower of York Minster,
as described by Downck and Beckmann '28This tower
is mainly supported on four main piers each carrying a
vertical load of about 38500 kN These piers were
supported by the remains of the walls of an earlier
cathedral, which were in turn bearing on strip founda-
tions of Norman age underlain by a stiff to hard sandy
silty clay and in places by even deeper foundations of
Roman ongin The old masonry foundations imposed
rather high and eccentric loading on the soil, and the
underpinning scheme was essentially one which spread
the load over a wider foundation area This was achieved
by constructing a large reinforced concrete spread foun-
dation about 145 m square under each of the four main
piers This foundation surrounded the old masonry
footing walls, and four layers of 32 mm stainless steel
prestressing rods passing underneath the pier umfied the
cracked masonry and surrounding concrete (Fig 12 18).
After the whole foundation had been prestressed, flat
jacks were introduced between tins combined founda-
tion and the new concrete underpinning below and the
jacks were inflated to achieve uniform bearing pressure
on the underside of the combined foundation

12.3.7 Underpinning by injections
Injections of the ground with cement or chemicals
to fill voids or to permeate and strengthen the ground
are sometimes used as a means of underpinmng The
work may be done wholly by injections or the ground

Aluminium
sleeve guide
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Figure 12.18 Underpinning the foundations of the central tower of York Minster (after Downck and Beckman&28)

treatment may be used as a means of temporary strength-
ening while excavating for nonnal underpmmng legs
or shafts. Cement grouting is a useful expedient to fill
voids in the ground beneath foundations which have
been caused by erosion or by vibration effects in loose
granular soils It is also a useful means of strengthening
old rubble masonry foundation walls before excavating
beneath them for normal underpinning operations Cement
grouting can be used to consolidate open-textured gravel
soils beneath machinery foundations in cases where
settlement is occumng due to vibration effects

Chemicals can be used for injection into coarse sands
or sandy gravels to produce a wall or block of consoli-
dated ground beneath the foundations to the desired
level for underpinning In favourable ground conditions
this is a useful method of underpinning in connection
with deep excavations close to existing structures The
injections are made from ground level, thus avoiding
the necessity of shonng or needling, and the wall of
consohdated ground acts as a retaining wall when
excavating close to the existing foundations (Fig 12.19)
The consolidated ground is supported where necessary
by bracing frames, but the need for sheet piling or close
timbenng is often eliminated An example of this is
shown in Fig 12 20 The range of soil types in which
chemical consolidation can be used is given in Fig 11 14
and it is also descnbed in detail by Littlejoh&29 who
gives examples of the application of grouting to under-
pinning operations

It was noted in Section 11 6.7 that cement or chemical
grouts cannot be induced to permeate clays or clayey
silts, but that the technique of hydrofracture can be used
to cause uplift of a mass of clay or silt, thus providing a
means of raising a structure A notable example of this
compensation grouting technique is its use in combma-

tion with other techniques to control ground movements
beneath three structures at Waterloo Station dunng
tunnelling for an escalator shaft 1210 The inclined shaft
passed beneath the Victory Arch entrance to the station,
and the twin tunnels of the Waterloo and City lines
(Fig 1221(a)). Both the Victory Arch and the railway
tunnels are founded on Thames Gravel, which is under-
lam by London Clay Both structures were sensitive to
the effects of small differential settlement, such that it
was specified that tunnelling for the escalator shaft
should not result in a settlement of more than 10 mm
over a 30 m length of railway tunnel or an angular
distortion of more than 1 in 1000 The same limits were
applied to the Victory Arch, which is partly founded on
the roof of one of the railway tunnels

As a preliminary operation before commencing
driving a pilot tunnel for the escalator shaft, a chemical

Upper reinforced concrete collar

Four layers of 32mm stainless steel rods
(23 rods in each layer)

Concrete base
Existing Norman masonry foundations

ftench for injections

Wall of
consolidated soil

Coarse sandy
gravel/

Injection drill holes

Figure 12.19 Underpinning by chemical injections
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Figure 12.20 Use of chemical injections to facilitate underpinning of an old building at Kirkcaldy, Fifeshire (a) General view of
underpinning work showing wall suppoited by tubular steel raking shores

grout was injected into the gravels to reduce ground-
water inflow to the new excavations and to provide a
stable arch over the shaft and the excavated face The
fluid grout consisted of 55 per cent silicate, 8 per
cent hardener, and 37 per cent water injected through
tubes-à-manchette at accessible areas of the new work
on a nominal triangular grid of 08 m spacing The
compensation grout was injected into the gravels and at
their interface with the London Clay through tubes-a-
manchette installed in inclined holes dnlled at 1 5 m
centres from within the railway tunnels (Fig 12 21(a))
The grout was a 13 1 pulverized fuel ash cement mix
with 04 per cent bentonite by weight and had a water
to solids ratio of 04 by weight

The grouting tubes were 'pnmed' by injecting grout
before tunnelling commenced so that the treatment made
to correct ground movements during tunnelling would
have immediate effect The key to the success of these
techniques in preventing extensive settlement of the
structures was the extensive instrumentation to monitor

the ground movements Electrolevels were installed at
3 m centres along three 50 m long beams fixed to the
tunnel walls Water gauges were set across the tunnels
to measure differential settlements between the walls
Other instrumentation included 29 vertical extenso-
meters through the tunnel invert, and an array of
electrolevels set in a 20 m long inclined borehole and a
33 m long horizontal borehole drilled at 1 m above the
crown of the tunnel to detect early ground movements
Momtormg was undertaken throughout the three stages
of dnving a 4 m pilot tunnel, enlarging it to the full
size of 7 5—8 25 m diameter, and the opening of cross
passages Although the tunnelling continued through-
Out the 24 hours the compensation grouting to correct
the resulting settlements could be undertaken only at
period of night-time possession Levels taken at a pomt
on the Victory Arch are shown in Fig 1222 indicating
a settlement at the end of a three-month momtoring
penod following completion of tunnelling of about
12 mm The angular distortions in all structures did not

(a)
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exceed I in 1250 The total volume of solids injected in
the compensation grouting represented just under 2 per
cent of the volume of excavation for the escalator shaft,
passageways, and openings The measured settlements
along the length of the new tunnels are compared with
the predicted ground movements for an open site with-
out treatment in Fig 12 21(b)

The use of jet grouting for underpinning was men-
tioned in Section 11 3 7 Jet grouting was used in con-
junction with micropiles to underpin old arched cellars
before excavating for a 16 1 m deep underground car
park in Milan 1211 Direct support was given to the cellar
foundations by three angled micropiles and consolida-
tion grouting of the fluvial sands and gravels Then
upper and lower stages of 800 mm angled jet grout
columns were formed as the excavation was taken down
(Fig 12 23) The columns were reinforced by 73 mm
steel tubes pushed in before the grout had set The final
stage was forming the outer basement wall by 20 m
deep vertical micropiles consisting of 139 mm reinforce-
ment tubes in 200 mm diameter drilled holes Because

of the flexibility of the wall it was necessary to install
ground anchors at five levels as the excavation was
taken down

It is evident from the descnption of the Jet grouting
process in Section 11 3 7 that it must be undertaken with
great care when used as an underpinning technique, to
avoid the damaging effects of ground heave

12.3.8 The use of the freezing process in
underpinning work

The applications of the freezing process to excavation
work has been described m Section 11 3 9, and examples
of its application to underpinning have been described
by Hams '212Freezing has been used to solidify ground
which was consolidating beneath the foundation loading,
thus arresting further setfiement and enabling perman-
ent underpinning to be carried out Dumont-Villares'213
has described the underpinning measures taken when a
26-storey building at São Paolo, Brazil, settled and tilted
in 1941 Although the building was founded on piles,

(b)
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Figure 12.21 Section through escalator tunnel at Waterloo Station (a) Showing location of grouting tubes (b) Measured and
predicted settlements
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Figure 12.22 Settlement—time curve for measunng pomt showing maximum settlement of Victory Arch, Waterloo
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Figure 12.23 Underpinning cellar by micropiles and Jet
grouting, Milan

later investigation showed that the piles were underlain
by a wedge of soft silty clay The wedge was thickest at
one corner of the building where the total settlement
was nearly 0.3 m with a differential settlement (tilting)
almost as great The freezing was restncted to an area
around the corner of the buildmg where maximum
settlement occurred, with the object of forming a solid
block of ground around the piles This arrested the
settlement in a penod of about three months from the
commencement of freezing

A number of pits were then sunk through the frozen
ground to a stratum of sand below the soft clay Pier
foundations were constructed in these pits and the build-
ing was restored to level by jacking from the tops of
the piers The existing piles had to be cut free where
necessary as the building was raised Selected piles were
restored to use by inserting precast concrete sections
(Franki—Miga—Hume piles) between the old piles and
the underside of the building The precast sections were
jacked down to the required pretest load No further
settlement was recorded over a ten-year penod following
the completion of the underpinnmg work

12.4 Moving buildings
Underpinmng methods are normally used in connection
with moving buildings (without demolition) from one

site to another The weight of the building is transferred
to a system of beams placed on both sides of the walls
and wheeled camages or rollers are installed beneath
the beams running on rail tracks laid in the desired
direction Changes in direction of movement along the
rails can be achieved by jacking up the carriages in turn
and rotating them in another direction to run on a new
set of tracks

These operations are usually undertaken by specialist
firms who adopt a technique based on a thorough survey
of the building, accurate calculation of loads, a detailed
soil investigation along the hne of the tracks and at the
new site of the building, and controlled jacking in con-
junction with strain-measurrng and equalizing devices

When buildings with load-bearing walls are moved,
holes are cut in the walls and needles are inserted at the
appropnate spacings over which the bnckwork can
safely span Longitudinal beams are then laid on each
side of the wall and jacked up against the needles, shims
and wedges being added as necessary to ensure even
distribution of the load Where necessary individual pairs
of jacks can be provided between each needle and the
beams The camages and rollers are then installed be-
neath the longitudinal beams, or a second set of girders
can be provided beneath the wall beams in order to
reduce the number of camages and hence the number
of tracks

Figure 12 24(a) shows an old building supported at
first floor level by steel beams bearing on a chassis
fabncated from 300 x 300 mm timbers The building
was moved by Pynford Ltd on this chassis to a new
location further along the street 1214 On reaching this
location four pairs of steel A'-frame jacks were set up
beneath the steel beams (Fig 12 24(b)) Operation of
the jacks raised the building by 1 2 m and moved it
075 m laterally on to the new foundations

The system of support used by Chnstiani and Nielsen
for moving houses near Pans has been descnbed by
Olse&2'5 and is illustrated in Fig 12 25 Three pairs of
steel beams were placed alongside the longitudinal walls
and short needles were fixed to their lower flanges at
two intermediate points on these walls Two pairs of
main cross girders were then laid over the longitudinal
beams, one pair to each end wall Wheeled camages
were placed at four points, i e at the ends of the outer
cross girders as shown in Fig 1225 The pairs of longi-
tudinal girders were 'preflexed' by small hydraulic jacks
placed at six points above the short needle beams on
the longitudinal walls and at four points on the end
walls. When the total load on these small jacks equalled
the total load of the building, the jacks were locked and
the load was transferred through the cross girders to the
four main jacks and through them to the camages Two

• Consolidation grout

Basement floor at 16 i m

Wall micropiles to 20 m
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Figure 12.24 Moving an old building at Hereford (a) Building supported on a temporary timber chassis before moving to new
location (b) Building being jacked Into its final position

Figure 12.25 Moving a house on four camages (after Olsen° Ii)
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Figure 12.26 Moving a four-storey warehouse (after Oise&2 u)

of the main jacks were coupled together to enable them
to act as one umt Thus the system was on a statically
determinate three-point support if one of the two jacks
sank due to unevenness or settlement of the track the
pressure in the cylinder fell, causing oil to flow from
the cylmder to the other jack Thus the first jack was
raised again while the other fell by a corresponding
amount to equalize the movement of the pair of supports

The thrust required to move structures along the tracks

is usually provided by long-stroke hydraulic jacks The
cylinders are fixed to the rails and the rams operate
against the camages Jacking is preferable to winching,
since the stretch and snatch of the cables of the latter
method are liable to set up a dangerous jerky motion.

Prentis and Whit&2' state that the propulsive force
to start the movement need only be 1—2 per cent of the
weight of the structure, using steel rollers on a well-laid
track beanng on a good foundation The force to keep
the building moving may only be about two-thirds of
the force required to start the movement

Framed buildings are moved by needling and prop-
ping individual columns, and installing roller camages
either under each column or under a combmed support
to a row of columns Olse&215 has descnbed the mstal-
lation of temporary struts and ties in the lower storey of
a four-storey warehouse to enable the loading of 55
columns to be transferred to 22 main jacking points in
two rows, as shown in Fig 12.26 The 22 jacks were
provided with equalizing connections forming three
independent groups, so givmg the desirable three-point
support previously mentioned The warehouse, which
measured 100 x 20 m, was split into two sections Each

section of 2500 t mass was moved half a mile — includ-
ing the crossing of a road and a railway The propulsion
was by six 50 t jacks

The 'air-cushion' pnnciple as employed in hover-
craft can be used for moving structures, as described by
Pryke '214Reble skirts are fitted around the penphery
of the structure and air is blown under pressure beneath
the base to raise the structure which can then be rotated
and towed to a new location This method is best suited
to structures having a level base such as petroleum
storage tanks Complications can arise due to loss of air
from beneath the skirts or through the substructure if
attempts are made to raise irregularly shaped or perme-
able foundations Care is also needed to obtain a fairly
smooth non-erodible track on which to move the struc-
ture on its cushion of air
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13 TFircotection ©f foundlatirnii
structures against
attack by soils and
ground water

13.1 Causes of attack

Foundations are subject to attack by destructive com-
pounds m the soil or ground water, by living organisms,
and by mechanical abrasion or erosion Thus, timber
piles in jetties are attacked by organisms in the soil and
water causing decay of the timber, they suffer from
the depredations of termites and the msect-like marine
'borers', they are abraded by ships, ice, or other floating
objects and they may suffer severe damage by the move-
ment of shingle if they are sited on beaches exposed
to wave action Concrete m foundations may have to
withstand attack by sulphates in the ground or in
chemical wastes Steel piles can be subject to corrosion
in certain conditions The seventy of attack on founda-
tions depends on the concentration of the aggressive
compounds, the level of and fluctuations m the ground-
water table and the climatic conditions Immumty against
deterioration can be given to a varying degree by pro-
tective measures Some of these may be very costly and
the engineer may have to seek a compromise between
complete protection over the working life of the struc-
ture and partial protection at a lower cost, but with the
added expense of periodical repairs and renewals

13.2 Soil and ground-water investigations

13.2.1 Methods of investigation

In considering protective measures the first step is to
undertake a detailed investigation of the soil and ground-
water conditions The latter are of particular importance
in evaluating the risk of attack on timber, concrete,

or steel structures Generally the required data can be
obtained in conjunction with the general mvestigations
for foundation design using the methods described in
Chapter 1 Samples of the ground water can be taken
for chemical analysis, and portions of the disturbed
and undisturbed soil samples can be set aside for this
purpose

If necessary stand-pipes should be left in boreholes
for long-term measurements of the ground-water table
It is important to establish the highest level to which
the ground water can rise, either from the stand-pipe
recordings or the results of local inquiry It is essential
to make a sufficiently large number of tests to deter-
mine the average and range of the sulphate content, and
in particular the variations in sulphate content with
depth Money can be wasted if expensive precautions
are taken in foundation concrete based on the results
of only two or three sulphate content tests which may
give values unrepresentative of the average conditions
Also there is no need to extend the protection below
the sulphate-bearing zones, unless subsoil drainage
causes aggressive ground water to be drawn down to
lower levels The possibility should be borne in mind
of marked changes in the ground-water level occurring
at some time m the future, say as a result of drainage or
irrigation schemes

In considering sulphate attack on concrete foundations
it is usually sufficient to determine the sulphate content
and pH value of the soil and ground water If the sul-
phate content is found to be more than 024 per cent
it is necessary to determine the concentrations of the
relevant cations 131 A full chemical analysis is required
where the soil or ground water is contaminated with
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chemical wastes m order to identify compounds poten-
tially aggressive to concrete

The procedure for determimng the sulphate content
of soils and ground waters is specified m BS 1377 (Part
3) It is based on determining sulphur gravimetncally
by precipitation of barium sulphate The procedure suf-
fers from a number of drawbacks principally concerned
with the effects of storage of samples in the labora-
tory at room temperature Oxidation of sulpiudes to
sulphates can occur during storage causing an increase
in sulphate content above that normally occumng in the
ground Conversely, the presence of organic matter can
cause reduction of suiphates to sulphides by bacterial
action Because of these problems the Transport and
Road Research Laboratory have developed new test
methods based on atomic emission spectroscopy 132 It
is proposed to include them in forthcoming revisions
to the UK Highways Agency Contract Documents
for Highway works and the Design Manual for Road
Bridges

13.2.2 Sulphates in soils

In Great Britain sulphates occumng naturally in soils
are generally confined to the Keuper Marl, the Lias,
Oxford, Kimmeridge, Weald, Gault, and London Clays
The superficial deposits or drift are generally free of
sulphates except where they are in close proximity to
sulphate-bearing soils Some peats have a high sulphate
content Sulphates occur in Europe, the USA, and in
the semi-arid gypsiferous soils of the Middle East

Because of wide variations in the sulphate content
of soils, the best indication of possible aggressive con-
ditions is given by analysis of the ground water The
highest concentrations of sulphates in the ground water
will occur towards the end of a long dry spell If the
sampling is done during heavy winter rams the concen-
tration may be unrepresentative of the most severe con-
ditions In hilly ground where there is a flow of ground
water down the slope across sulphate-bearing soils, the
highest concentration of sulphates will be on the down-
hill side Flow of ground water from sulphate-bearing
soils will result in concentration of sulphates in soils
which are not naturally sulphate-bearing

13.2.3 Investigations for corrosion

For investigating the possibility of corrosion of buried
steel structures the most rapid and economical method
is to carry out an electrical resistivity survey of the site
by the method described in BS 5930 The readings of
the apparatus used give the conductivity of the soil which
is a measure of the concentration of soluble salts in

the soil and which in turn is a measure of its corrosive
action The presence in the soil of sulphate-reducing
bacteria causes serious corrosion which commonly
occurs in tidal mud flats contaminated by sewage or in
ground containing organic refuse. In these conditions a
batenological analysis is required, for which purpose
the soil must be sampled using the techniques described
in Section 1 43, but with the added precaution of using
sterilized unoiled tubes The ends of the tubes must be
waxed immediately on withdrawal from the ground

Sea water should be sampled m tidal waters, estuaries,
or the open sea at various stages of the tide, both at
neap and sprmg tide periods, to determine the worst con-
ditions of salinity and bacteria content Again sterilized
bottles should be used if bacteriological examination
is thought necessary A full chemical analysis together
with determinations of pH value is required on the water
samples

13.3 Protection of timber piles

13.3.1 Timber decay in land structures

Nowadays the only timber in foundations is in piles or
in bracing and fenders to marine structures Biological
decay of buried timber does not occur if the timber is
kept wholly wet, but the decay may be severe if the
timber is kept in a partly wet and partly dry (or moist)
state, for example in the zone of a fluctuating water
table for buried timber piles, or in the half-tide zone for
piles in the sea or rivers Timber which is properly air-
seasoned will, if kept dry, be immune to biological
decay.

Potter'33 has classified various grades of durability
in terms of their approximate life when in contact with
the ground (see Table 13 1) Using this table Potter has
classified the durability of the timbers suggested as suit-
able for timber piles in Section 8 8 as follows

Douglas fir
Pitch pine
Douglas fir (larch)
Western red cedar
European oak
Greenheart

To ensure freedom from decay and infestation of
timber, precautions must be taken from the time that
the timber is felled Dry rot fungus is present in forests
due to the accumulation of dead wood, and it may also
occur in heaps of sawdust and scrap wood in timber

Moderately durable
Durable
Moderately durable
Durable
Durable
Very durable
Very durable
Very durable
Very durable

Jarrah
Opepe
Teak
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Table 13.1 Durability classification of the heartwood of
untreated timbers

Grade of durability Approximate life in ground contact (years)

Very durable
Durable
Moderately durable
Non-durable
Penshable

>25
15—25
10—15
5—10
<10

yards. Therefore, felled timber should be cleared from
the forests as quickly as possible and stacked in the
timber yards on firm well-drained elevated ground from
which all vegetable soil has been removed The ground
beneath and around the stacks should be kept clear
of weeds

Timber should be stacked clear of the ground and
placed so that air can circulate freely around all baulks
and planks It should season in the stacks until the mois-
tare content of the outer layers is less than 30 per cent,
when it is ready for treatment by creosote or other
preservative

Alternatively, if the timber is to be used in per-
manently waterlogged ground it can be stored wholly
immersed in water

13.3.2 Preservation by creosote

Impregnation by creosote under pressure is the most
effective method of preserving timber in foundations

against decay and it gives a degree of protection against
termites and some marine borers Creosote is prefer-
able for foundation work to other preservatives such as
water-soluble and solvent types Softwoods can be com-
pletely penetrated by pressure treatment, but hardwoods
such as Douglas fir can only be properly impregnated
by incising them and subjecting them to long sustained
pressure Even with this treatment the heartwood can-
not be fully penetrated In piling work the absorption
and penetration of the creosote is greatly improved
by the use of round piles in which the outer sapwood
is retained Richardson'34 states that the heartwood is
absorptive to creosote and with Scots pine or Baltic
redwood an outer band of creosoted wood of up to
75 mm depth is readily obtained which will protect the
piles for a very long time He points out the disadvant-
age of using squared timber for piles (a common British
practice) which results in most of the sapwood being
cut away, thus exposing the heartwood which m practice
rarely receives adequate creosote treatment. Because
complete impregnation of hardwoods cannot be ob-
tained, all bolt holes and incisions made by cant hooks,

dogs or slings should subsequently be re-creosoted
Creosote should be poured by funnel down bolt holes,
or better still they should be given pressure treatment
by specially designed equipment Particular attention
should be given to the end-grain

13.3.3 Protection by concrete

Because of the hkelthood of severe decay of timber
piles in the zone of a fluctuating water table, the creo-
sote treatment is not likely to be effective in this zone
over the life of the structure If the water table is fairly
shallow the piles can be cut off at the lowest water
level and the pile cap taken down to this level If the
lowest water level is too deep for this to be economical
it will be advisable to use composite piles, the por-
tion permanently submerged being in timber and the
upper portion in concrete similar to that illustrated in
Fig 8 36

13.3.4 Action of marine borers

The burrowing of molluscan and crustacean organisms
which inhabit saline or brackish waters is responsible
for the most severe damage of piles and fendenng in
marine and nver work An illustrated account of the
species of these organisms with photographs of their
depredations and an account of protective methods is
given by the Building Research Establishment '35They
list the principal species as follows

Molluscan borers Crustacean borers

Teredo ('shipworm')
Ban/cia
Xylophaga dorsalis
Martesia (in tropical waters only)

Limnoria (gribble' or
sea-1ouse')
Chelura
Sphaeroma

The molluscan borers enter through minute holes
when young and grow to a size of up to 25 mm in
diameter and 1 m or so long, destroying the wood as
they grow An example of Teredo attack is shown in
Fig 13 1 The crustaceans are mainly surface workers
and form a network of branching and interlacing holes.
The borers are found throughout the oceans of the world
Salinity, temperature, current action, depth of water,
pollution, pH value, dissolved oxygen, and sulphuretted
hydrogen, all affect the presence or absence of borers
Usually saline or brackish water with salmities of more
than 15 parts per 1000 (sea water normally has a salin-
ity of 30—35 parts per 1000) is essential to their sur-
vival, but Sphaeroma are found in almost fresh tropical
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Figure 13.1 Teredo attack on timber (Crown copyright reproduced with the permission of BRE, Princes Risborough Laboratory)

waters in South America, South Amnca, India, Ceylon,
New Zealand, and Australia

The destructive action of marine borers can be
extremely rapid Tunber jetties have been destroyed after
only a few months of exposure, therefore some protec-
lion is necessary in all cases where timber piles are
driven in salt or brackish water Such protection should
only be omitted if there is strong evidence that borers
do not exist in a particular locality The investigation
should cover an examination of all timber structures
and driftwood and advice should be sought from a
marine biologist

13.3.5 Protection against marine borers
The best protection is to use a timber which is known
to be resistant to borers

Bntish Standard EH 350—2 (1994) lists the follow-
ing timbers in relation to their durability against attack
by marine organisms

Moderately durable
Moderately durable
Durable

Azobé
Basralocus
Bilmga/opepe Moderately durable
Greenheart Durable
Sapelli Moderately durable
Teak (Asian origin) Moderately durable

The British Standard notes that the list is not exhaus-
live and other timbers may also be durable or moder-
ately durable to attack by marine organisms

The sapwood of the above timbers is liable to be
attacked by borers If it is impossible to remove all
sapwood the timber should be treated with creosote as
a precautionary measure Greenheart fenders in Milford
Haven were attacked in the sapwood by Teredo, caus-
ing about 10 mm of damage m five years

The 21st Report of the Sea Action Committee of the
Institution of Civil Engineers'36 stated that no species
of timber is absolutely free from borer attack, but cer-
tain species are highly resistant and in many conditions
of exposure they can be considered to have practical
immumty The report listed the more resistant species
as greenheart, pynkadou, turpentine, totara, and jarrah
These timbers would be expected to have a life of many
years in British waters In commenting on the suitabil-
ity of various types of preservative, the report concludes
that ordinary coal tar creosote is the most satisfactory
and states that in British waters any timber which is
efficiently impregnated with creosote should be prac-
tically immune to borer attack

The efficacy of preservative treatments depends on
their complete continuity over the outer layer of the
timber If the treated shell is perforated by lifting hooks
or by saw cuts or bolt holes, the borers can make an
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entry. Even though such cuts or abrasions are treated
before the piles are finally driven, there is still the
possibihty of damage by floating objects or by the ero-
sive action of shingle

Some hardwoods cannot be impregnated with creo-
sote, and in these cases protection can be given by
jacketing the piles with concrete Chell&37 describes
several methods ofjacketmg including placing concrete
inside movable steel forms or precast concrete shells
The use of gunite (sand—cement mortar sprayed on to
the timber) is also mentioned The essential practice in
any form of concrete jacketing is to provide a dense
fairly nch mix which will not craze or crack

Chellis states that metal sleeving is not used to any
great extent because of the impossibility of finding a
corrosion-resistant metal at an economical price and
difficulties at joints and bracing connections

13.4 Protection of steel piling against
corrosion

13.4.1 Wastage due to corrosion

Corrosion of iron or steel in an electrolyte (for example,
soil or water) is an electrochemical phenomenon with
different areas of the metal surface or structure acting
as an anode and a cathode in cells Pitting will occur
at the anodic areas, and rust will be the final product in
the cathodic areas Both air and water are essential to the
occurrence of corrosion The general wastage of bare
structural steel in dry unpolluted climates is practically
nil, but it can be nearly 1 mm per year in humid and
saline conditions on tropical surf beaches Pollution is
an important factor in atmospheric corrosion, the rate
of which is greatly accelerated by the presence of dust,
acids (derived from smoke), and sodium chloride (from
sea spray). The rate of corrosion in soils is a function of
the electhcal conductivity of the soil, but other factors,
including the presence in the soil of sulphate-reducing
bacteria, can greatly accelerate corrosion.

The relative aggression of water depends on the salin-
ity, pollution if any, temperature, and oxygen content

Morley and Bruc&38 quote the following rates of
corrosion of bare steel in different environments

Undisturbed soil, neghgible
Fresh water, 005 mm/year
Normal sea water, 008 mm/year
Sea water splash zone, 0 1—0 25 mm/year
Industrial atmosphere in Britain, 0 1—02 mm/year

Corrosion rates in disturbed soil can be in the range
of 001—008 mm/year due to the oxygen present A
protective coating can be applied to piles driven into

the soil, but this gives only partial protection since the
coating is liable to be stripped off by stones or other
obstructions in the soil However, if the higher range
of 008 mm wastage per year is taken a steel pile with
a web thickness of 206 mm will have a life of more
than 60 years before 50 per cent of its thickness is lost
(although there is likely to be some deeper local pit-
ting) Since the stresses on the cross-sectional area of
the steel are generally low there is unlikely to be failure
of the pile due to over-stressing Longer life can be given
by increasing the grade of steel (e g grade 50 mstead
of grade 43) to allow for the higher stresses caused
by corrosion losses Romanoff'39 examined many steel
piles which had been in the ground for periods of up to
40 years The examination showed that where the piles
had been driven into undisturbed soil, i e where no
oxygen was present, the corrosion of the steel was so
light that it had no significant effect on the life of the
piling. This indicates that where piles are driven wholly
in undisturbed soil no form of protection need be given
in the portion below the ground surface However, as
already mentioned, there are certain factors, such as the
presence of sulphate-reducing bacteria, which thrive
in the absence of oxygen and which can greatly acceler-
ate corrosion In these cases additional protection, for
example jacketing H-section piles, filling hollow piles
with concrete, or applying cathodic protection, must be
considered

For piles projecting above the soil line, a good paint
treatment will give adequate protection of the exposed
portion, provided that the paintwork can be renewed
from time to time. However, maintenance of paintwork
is impossible below the water line in jetty structures,
and the paintwork in this part of a pile is especially
liable to damage by the action of waves, barnacles, and
floating objects Littl&31° pointed out that unprotected
steel piles in jetty structures can have a life of 17 years,
but the best paint coatings last for only seven years
Therefore additional protection, usually in the form of
cathodic protection, is necessary below the 'splash zone'
where a long life is required from the piles.

13.4.2 Protection by paint treatment

Protective measures in the form of paint coatings in
the 'atmospheric zone' above the splash zone m marine
structures should first consist of applying a sand- or
grit-blasting treatment to obtain a white or near-white
metal condition For the paintwork Hedborg'311 recom-
mended a zinc silicate priming coat on the clean metal
surface to a dry film thickness of 50—iS tim, followed
by top coats of vinyl or epoxy paints Epoxy coal tar
paints are usually employed for the latter and they are
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applied in three or more coats to obtain an overall film
thickness (including the primer) of 175 jim For less
important structures the finishing coats can consist of
hot coal tar or bituminous enamel paints heavily applied
by brush or swab to give a finished coating thickness of
1 5—25 mm The primer should be compatible with the
type of paint used for the finishing coats

Morley'312 recommended the following protective
measures for marine structures

Atmospheric and splash zone Coal tar epoxide
paint to 250 p.m film thickness or preferably
isocyanate cured coal tar epoxide paint to
400 p.m film thickness to give estimated
ten-year life

Intertidal zone Bare steel to nominal or increased
thickness to allow for corrosion loss (because
of uncertainty of driving depths it may be
necessary to extend the paint treatment from
the splash zone into the intertidal zone)

Continuously immersed zone Bare steel or
cathodic protection

Underground zone No protection necessary

Paint coatings cannot give a long hfe in the splash
zone and cathodic protection is meffective m this region.
Therefore, if a long life is required either the thickness
of metal should be increased to allow for wastage by
corrosion or high-tensile steel can be provided at mild
steel working stresses Alternatively, cover plates should
be provided The cover plates can either be in steel
to the same specification as the piles, or a corrosion-
resistant metal such as monel metal can be used

13.4.3 Cathodic protection

The pnnciple of cathodic protection is the utilization of
the characteristic electrochemical potential possessed
by all metals The behaviour of any two metals in the
presence of an electrolyte (that is, in a cell) is governed
by their relative electropotentials For example, where
zinc and iron are the electrodes in a cell, zinc, being
higher in the electromotive series, will act as the anode
In this way a complete structure can be protected by
connecting it electrically to anodes at suitable intervals
The current escapes to the soil or solution by way of
the anode, making the whole structure cathodic and so
preventing the escape of metallic ions from the struc-
ture to the soil or solution In time this action causes
polarization of the surface of the structure which pre-
vents rusting and thus provides an additional benefit

Cathodic protection can be applied either by using
sacrificial anodes or by a power-supplied system Sac-
rificial anodes consist of large masses of metal which

corrode away in the course of their protective action
and have to be replaced from time to time They must
be higher in the electromotive senes than the structure
being protected Magnesium anodes are generally used
for the protection of steel structures Sacrificial anode
systems are often preferred for marine structures since
they do not require cables which can be damaged by
vessels or by objects dropped from the structure How-
ever, it is necessary to renew the anodes using divers
This can be difficult in deep-water structures

In the power-supplied (or current-impressed) systems
the anodes take the form of large pieces of scrap-iron
or lumps of carbon The d c current required for flow
from the anode to the cathode is supplied from the mains
through a transfonner/rectifier or directly from a d c
generator

The rate of wastage of anodes or the power require-
ments for power-supplied systems can be minimized
by keeping the area of exposed steel as small as possible
The cathodic protection does not supplant proper paint
or other surface treatment of the metal The more this
surface coating can be kept intact the less will be the
wastage of anodes and, in the case of power-supplied
systems, the requirements for power Thus thorough
treatment by paint or bituminous enamel should be given
to the piles as described above It is particularly import-
ant to ensure thorough surface protection between high
and low water mark in marine structures and in the
'splash zone' above, smce cathodic protection is ineffec-
tive above water level and the unprotected parts, if
uncoated, may act anodically to the parts below water
with accelerated corrosion

13.5 Protection of concrete structures

The principal cause of detenoration of concrete in foun-
dations is attack by sulphates present in the soil, in the
ground water, or in sea water Other agencies causing
deterioration include chemical wastes, organic acids,
frost, sea action, certain deleterious aggregates, and
corrosion of reinforcement

13.5.1 Sulphate attack

Sulphates in solution react with Portland cement to
form insoluble calcium sulphate and calcium suipho-
aluminate Crystallization of the new compounds is
accompanied by an increase in molecular volume which
causes expansion and disintegration of the concrete at
the surface This dismtegration exposes fresh areas to
attack and if there is a flow of ground water bringing
fresh sulphates to the affected area, the rate of disin-
tegration can be very rapid Easily soluble sulphates
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such as those of magnesium, sodium, and ammomum
are more aggressive than calcium sulphate (gypsum)
Ammomum sulphate does not occur naturally in the
soil, but it may be present in agricultural land where it
has been used as a fertilizer Insoluble sulphates do not
attack concrete

The sulphate content of sea water in the deep oceans
expressed as SO4 is about 26 g/l which is within the
range where precautions are recommended for con-
crete exposed to sulphate-bearing ground waters
However, sea water is not regarded as being markedly
aggressive to concrete because sodium chloride has an
inhibiting or retarding action on the expansive reaction
of the sulphates It is usually satisfactory to adopt a
good-quality nch mix using normal Portland cement,
although, in the case of reinforced concrete structures
in sea water it is advisable to adopt the added precau-
tion of usmg sulphate-resisting cement This will pre-
vent cracking of the concrete followed by corrosion of
the reinforcement.

In the soil or in ground water, the higher the concen-
tration of sulphates the more severe is the attack. The
disintegration is particularly severe if the foundation
structure is subjected to one-sided water pressure, for
example a basement or culvert with a head of ground
water on the outside Other factors increasing the sever-
ity of attack are porosity of the concrete, the presence
of cracks, sharp corners, and disruption of the surface
by barnacles and similar growths

Attack does not take place if there is no ground
water, and for the disintegration to continue there must
be replenishment of the sulphates If the ground water
is absolutely static the attack does not penetrate
beyond the outer skin of concrete Thus there is little
nsk of serious attack on structures buried in clay soils
provided that there is no flow of ground water such as
might occur along a loosely backfilled foundation trench
There is nsk of attack in clayey soils in certain climatic
conditions, for example when hot, dry conditions cause
an upward flow of water by capillarity from sulphate-
bearing waters below foundation level Similar condi-
tions can occur when water is drawn up to the ground
floor of a building due to the drying action of domestic
heating or furnaces

A new form of sulphate attack was identified in the
1 990s in the of deterioration of foundations of domestic
properties and of bridge foundations in Gloucestershire
The attack was characterized by the presence in the dam-
aged concrete of thaumasite, which is a calcium silicate
sulphate carbonate hydrate Its effect was to transform
the outer skin of the concrete into a white pulpy mass
extending to a depth of about 25 mm The occurrence
of this form of attack and methods of design to over-

come its effects have been investigated by an expert
group of the Institution of Structural Engineers
group found that thaumasite attack was mainly con-
fined to buried Portland cement concretes made with
carbonate aggregates which had been exposed to cold
sulphate-bearing ground waters in wet soils In the
particular case of the bridge foundations, oxidation of
pyrites in the Lias Clay backfill around the substruc-
tures had greatly increased the sulphate content above
that found m the onginal soil survey

The report of the group, lists the following effects on
buried structures

Loss of concrete cross-sectional area
Loss of cover to the reinforcing bars and, possibly,

beyond the bars
Loss of bond between reinforcement and concrete

in affected zones
Loss of pile skin friction
Loss of foundation base skin friction
Settlement, inducing structural damage
Loss of durability as a result of loss of protection

against reinforcement corrosion

Structural members vulnerable to attack include slen-
der columns, piles and beams, and structures having
significant reliance on bond for their integrity Recom-
mendations for precautions to be taken in structural
design are discussed in the report

13.5.2 Protection against sulphate attack

Recommendations on precautions to be taken against
sulphate attack on buried structures are given in Build-
ing Research Station Digest 363 131 This is a consider-
able improvement on the previous Digest 250 because
it takes account of the environmental conditions and
the workability requirements for different types of struc-
ture The same five classes of concentration of suiphates
have been revised and the magnesium concentration
has been added as an additional factor A feature of the
new classification system is the recommendation to
modify the class for the environmental conditions at
the particular site and for the particular structure under
consideration Thus if the site is dry or the soil has
a low permeability where the ground water is static, a
reduction in the class is recommended for classes 2—4,
but where a concrete structure is subjected to one-sided
water pressure without an impermeable membrane the
class is advanced The class is reduced for massive
concrete construction or properly cured precast con-
crete units, but advanced for thin cast-in-situ concrete.

Mimmum cement contents and maximum water—
cement ratios are given for each class with different
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values for different types of cement, depending
on whether ordinary Portland cement or a sulphate-
resistant cement is used Types of sulphate-resisting
cement include Portland cement in combination with
various proportions of blast furnace slag, pf ash, and
pozzolanic pf ash The cement contents and maximum
water—cement ratios given in Digest 363 provide mixes
with adequate workabihties for massive cast-in-situ
concrete in strip and pad foundations, pile caps and
basement retaining walls, and for precast concrete in
shaft linings and piles. However, cement contents some-
what higher than those recommended by the Digest for
cast-in-situ concrete in piles may be needed where the
concrete is required to be placed under water through
a tremie pipe The recommendation to reduce the clas-
sification by one class where the ground-water table is
static could be questioned in the case of cast-in-situ
concrete in bored piles where there is a shallow ground-
water table. This is because the quality of concrete
placed under water through a Iremie pipe tends to
deteriorate towards the head of the pile as a result of
bleeding of excess water washing out the cement Weak
concrete used as a blmdmg layer beneath reinforced
concrete in foundations is vulnerable to sulphate attack
The resulting expansion of the blinding concrete could
cause an uplift force tending to lift shallow structures
such as pile caps and slender ground beams.

In American practice, type I cement to ASTM C
150—7 1 is similar in chemical and physical properties
to Bntish ordinary Portland cement The American
type II cement has a moderate sulphate resistance, and
type V has a high sulphate resistance equivalent to that
of British sulphate-resisting cement to BS 4027. High-
alumina and supersulphate cements give practically
complete immunity against attack from the severest con-
ditions normally encountered in the ground or in sea
water. Supersulphate cement is, however, attacked by
ammonmm sulphate It is not manufactured m Britain
at the present time and the imported brands are expen-
sive. High-alumina cement also suffers from the dis-
advantage that the compressive strength of concrete
made with it can fall drastically, due to a phenomenon
known as 'conversion' 1314 fall can occur at any
time in the life of the structure and is accompanied by a
marked decrease in the resistance of the concrete to
sulphate attack This disadvantage can be overcome to
some extent if over-rich mixes are avoided and pre-
cautions are taken to prevent the exposure of concrete
to heat Steam cunng must not be used and stocks of
piles made with high-alumina cement should be shaded
from the sun in the casting yard and on site Piles should
be driven when they are between the ages of three
and seven days It should be noted that high-alumina

cement concrete, even when it has undergone 'con-
version', possesses a residual strength which may be
adequate for the working stresses in the structural mem-
ber However, collapses of a few high-alumina con-
crete structures in Britain in 1973—74 led to withdrawal
of Code of Practice approval of this cement for struc-
tural concrete which includes the foundations Accord-
ingly, the use of high-alumina cement for protection
against sulphate attack has not been shown inDigest
363 The best form of protection for high sulphate
concentrations in ordinary foundation work is to use
well-compacted dense impermeable concrete made with
sulphate-resisting cement or in severe conditions to use
a protective membrane

Where the sulphate content of the ground water
exceeds 30 parts per 100 000, but is less than 300 parts
per 100 000, sulphate-resisting cement should be used
in bnckwork mortar in the proportions of one part of
cement to three parts of sand If the workabihty of the
mortar needs to be increased a plasticizer can be used
with this mix or lime can be added in the proportions
of 1 1/4 3 cement—lime—sand Special advice must
be sought for the precautions necessary when the sul-
phate content of the ground water exceeds 300 parts
per 100000

Asphalt tanking gives complete protection against
sulphate attack, and if basements are tanked in the
manner described in Chapter 5, no other form of pro-
tection is needed in sulphate-bearing ground water Con-
crete in strip or pad foundations can be protected by
wrapping them with bituminous felt or plastic sheet-
ing The self-adhesive types of plastic sheeting are very
suitable for this purpose, and an example of protec-
tion using this type of sheeting in conjunction with an
ordinary polythene membrane is shown in Fig. 13.2
Bituminous emulsion does not provide a satisfactory
coating.

In conditions where ground water can be drawn up to
ground floor slabs by heat in buildings, adequate pro-
tection can be given by bitumen damp-course material
or polythene sheeting laid below the ground slab

Ordinary concrete foundations above the ground-
water table in Kuwait (where the soils are heavily gypsi-
ferous) have been given satisfactory protection by a
heavy coat of hot bitumen on the exposed surfaces

Concrete in the shafts of driven or bored and cast-
in-place piles can be protected by an outer membrane
formed from a heavy duty plastics sheeting. This is
laced on to the bottom of the reinforcing cage How-
ever, it is difficult to prevent the fastenings from tear-
ing and the sheeting from rising in a concertina fashion
as the temporary outer casing is withdrawn Rigid PVC
tubing or galvanized corrugated cylindrical steel sheeting



This edition is reproduced by permission of Pearson Educational Limited

Highest ground water level

Ground water lowered
during construction

give better though more costly protection Precast con-
crete piles can be protected by epoxy-coal tar paints
The above forms of protection either for cast-in-place
or precast concrete piles will reduce the skin frictional
resistance on the pile shaft

13.5.3 Sea action on concrete

In an extensive review of the literature and inspection
of structures which have been immersed in the sea for
70 years, Browne and Domon&315 found no disintegra-
tion in permanently unmersed reinforced concrete struc-
tures, even though severe damage had occurred in the
'splash zone' The main cause of deterioration of con-
crete structures exposed to sea water is spalling of the
surface in this zone due to corrosion of the reinforce-
ment as a result of poor design or faulty construction
Other causes are attack by sulphates in the sea water,
disruption by marine growths, frost action, and erosion
by wave action Deterioration from almost all these
causes can be prevented by providing 50 mm or more
cover to the reinforcement and by using a rich rmx (not
leaner than 1 1 'h 3) well compacted to give a dense
impermeable concrete Sea water is not recommended
for mixing in reinforced concrete structures because of
the nsk of corrosion of the reinforcement It is, how-
ever, satisfactory for mass concrete

Erosion at beach level due to shingle moving under
wave action may be severe Protection can be given by
dumping mass concrete or rubble around vulnerable
points

13.5.4 Organic acids

The naturally occumng orgamc acids are mainly ligmc
or huimc acids found in peaty soils and waters. These
acids form insoluble calcium salts by reaction with free
lime of normal Portland cements, so that the risk of
attack is shght with dense concrete which is relatively
impermeable In certain marsh peats, oxidation of pyr-
ites or marcasite can produce free sulphuric acid which
is highly aggressive to concrete. The presence of free
sulphunc acid is indicated by pH values lower than 43
and a high sulphate content The pH value of the ground
water provides a rather crude measure of the poten-
tial aggressiveness to concrete of naturally occumng
organic acids In an extensive review of precautionary
methods adopted in various countries, the Construction
Industry Research and Information Association'316 noted
that in European countries rehance is generally placed
on obtaining a dense impermeable concrete as a means
of resisting attack by orgamc acids rather than the use
of special cements. Recommendations for precautions
against acid attack are given in Digest363 in relation
to the pH value of the ground water. Where the acids
are organic and derived from natural sources the reader
may find Table 132 more convenient to use This table
has been based on practice in Germany and The Nether-
lands where extensive deposits of marshy soil are
present Ordinary Portland or rapid-hardening Portland
cement combined with ground-granulated slag or pf
ash provides better resistance to acid attack than con-
crete made only with ordinary Portland cement

Dpc
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Polythene sheet

Polythene sheeting turned over top
of strip foundation after placing
concrete
(sheeting lapped at junctions of walls)

Figure 13.2 Protection of strip foundation against attack by acidic ground water
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Table 13.2 Precautions against attack by organic acids rn peaty or marshy soils on concrete in building foundationst4

pH value Precautions for foundations above ground-water table in
any soiland below ground-water level in impervious clay

Precautwnsforfoundatwns in contact with flowing ground
water in permeable soil

6

6—45

45

None necessary

Use ordinary Portland cement at <370 kg/rn3, max W/C
ratio 05
Use ordinary Portland cement at <400 kg/m3, or
sulphate-resisting cement at <390 kg/rn3, max W/C
ratio 05

None necessary

Use ordinary Portland cement at <380 kg/rn3 or sulphate-
resisting cement at <350 kg/m3, max W/C ratio 05

Use supersuiphate cement or ordinary Portland cement at
<400 kg/rn3, or sulphate-resisting cement at <390 kg/rn3,
max W/C ratio 05, in addition protect by external sheathing

Notes
t The cement contents recommended in the table are suitable for medium-workability concrete (50—75 mm slump) Lower cement
contents can be used if placing conditions are satisfactory for concrete mixes of lower workability, provided that the concrete can be
compacted to produce a dense impermeable mass

The precautions appiy only to concrete exposed to organic acids in peaty and marshy soils Special advice should be sought where
mineral acids or acid industrial wastes are present

13.5.5 Chemical and indusfrial wastes

Aggressive chemicals present in the ground m chemical
works or in waste dumps give the most difficult prob-
lems in protecting foundation structures These prob-
lems usually require the help of specialist advice. The
chief difficulty is in identifying the full range of delete-
nous compounds from a limited number of samples,
and the concentration of the chemicals can vary widely
from point to point Another complication is given by
some of the chemical processes, for example the foun-
dations may incorporate underground tanks containing
hot acids or alkalis High-alumina and supersuiphate
cements can withstand attack by acids having pH values
as low as 3 5, but high-alumina cement cannot be used
where alkalis are in strong concentrations The chemi-
cal resistance of concrete has been reviewed by Gutt
and Hamso&3 i7 and Eghnto&3 On a site where fill
material was contanunated with high concentrations of
acid waste the author recommended piled foundations
consisting of a precast concrete shell, the hollow inter-
ior having a PVC pipe insert filled with concrete. The
outer shell of these end-bearing piles was regarded as
sacrificial over the shaft length in contaminated ground

Industrial wastes such as slag, burnt colliery shale,
and fly ash used as filling below floors can cause dan-
gerous concentrations of suiphates in ground floor slabs
as a result of the drying action previously descnbed
Cases have occurred where colliery shale fill contain-
mg sulphates has caused the expansion of ground floor
concrete resulting in outward tilting of foundation walls
This trouble can be overcome by providing bituminous
or plastic sheeting below the floors and camed through
to the damp-proof course in the walls

Severe damage was caused to a large number of
houses in the north of England as a result of expansion
of naturally occumng pyritic shales i3 19 The expansion
was a chemical—bactenal action accelerated by condi-
tions of warmth and moisture beneath the floors The
adoption of a polythene membrane beneath the floors
did not prevent the expansion of the shale

Hawkins and Pinches'320 have described the com-
bination of chemical and microbiological action in
causing heave in thinly bedded mudstones beneath the
Llandough Hospital near Cardiff Relative heave up to
70 mm was measured m 1982 beneath the floors of part
of the pre-war building which was severely damaged,
and required shoring followed by extensive remedial
works The heave of the mudstone was found to be
caused by the growth of gypsum in the form of crys-
talhne selemte within the laminations of the moder-
ately weathered rock At the stage of excavation for the
original construction relaxation of stress in the rock
would have caused some parting of the laminations
and exposed them to access by weathenng agents m
the form of moisture and bactena, causing oxidation
of pyrites to ferrous sulphate and the formation of
sulphuric acid. Over the years the heat transmitted
through the floors of the building and from heating
ducts below the floor would have promoted the bacte-
rial action, causing the expansive crystalline growths m
the rock mass Remedial action included underpinning
the internal walls by piles, the use of collapsible void
formers between the ground floors and the underlying
rock, and the provision of an air gap around heating
ducts.

Some observed values of sulphate content and pH of
industrial wastes are as follows
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Material Sulphate (as 503)
(%)

Range Average

pH

Clinker
PFash
Brick hardcore
Railway ballast
Colliery waste
Blackash(LeBlancprocess)
Gasworks waste
Dyeworks waste

007—09
003—15

0 1—03
02

02—44
44

1 5—50
0—40

03
05
—

23 35—70
>11

4
29—43

13.5.6 Frost action

Concrete placed 300 mm or more below ground level
in Great Bntarn is unlikely to suffer any deterioration
from frost However, for severe conditions of exposure
careful attention must be paid to the design of the mix
and the placing of the concrete The disruptive effect of
frost is due to expansion of the water while it is freez-
ing in the pores in the concrete The effect is most
severe if the freezing is rapid when there is no time for
water to be extruded from the surface or mto the mte-
nor of the mass

For severe exposure conditions Murdock and
Brook'32' recommend usmg the lowest possible water—
cement ratio compatible with having sufficient work-
ability for compaction They state that a water—cement
ratio of less than 0 5 can be regarded as safe against
frost damage, between 05 and 06 there is a nsk in
isolated cases and above 06 the nsk becomes pro-
gressively greater Air entraining agents are reputed to
increase the frost resistance of concrete

13.5.7 Corrosion of reinforcement

Plain concrete is not affected chemically by chlorides
present in the aggregates and mixing water or drawn
into the mass by exposure to silt-laden air or saline
ground water However, damage to reinforced concrete
can occur due to corrosion of the embedded reinforcing
steel The expansion of the corrosion products on the
surface of the steel causes cracking of the concrete and
in severe cases to spalling of the concrete cover, thus
giving an increasing risk of further corrosion. In nor-
mal circumstances where the aggregates and mixing
water are free or are within specified maximum con-
centrations of chlorides, the concrete itself provides a
protective environment due to reactions with substances
m the cement with the highly alkaline pore water This
provides a passivating film on the metal surface

However, if chlondes enter the concrete through cracks
or honeycomb patches the alkalinity of the pore water
is reduced, allowmg the breakdown of the protective
film. Concrete made with sulphate-resisting Portland
cement is more prone to attack than ordinary Portland
cement concrete

Reinforced concrete in foundations is less liable to
attack by chlondes than that in above-ground structures
because it is not exposed to salt-laden air or to cycles of
wetting and drying causing surface cracking However,
there is a nsk in bridge foundations if concentrations of
dc-icing salts seep into the foundations from the super-
structure Provided that the chlonde contents of the
materials used for mixing the concrete are within speci-
fied limits, that admixtures contaimng chlondes are not
used, and that the cover to the steel is appropriate to the
exposure conditions (see BS 8110) there should be
httle risk of corrosion damage. However, it is essential
that the concrete should be dense and well compacted
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Material Density when drained above
ground water level, y(Mg/rn3)

Density when submerged below
ground water level, (Mg/rn3)

Gravel 160—200 090—125
Hoggin (gravel—sand—clay) 2 00—2 25 1 00—1 35
Coarse to medium sands 1 70—2 10 0 90—1 25
Fine and silty sands 1 75—2 15 0 90—1 25
Loose fine sands Down to 150 Down toO9O
Stiff boulder clay 200—230 1 00—1 35

Stiff clay 1 80—215 090—120
Firm clay 1 75—2 10 080—110
Soft clay 1 60—1 90 065—095
Peat 105—140 005—040
Gramte 2 50t —
Sandstone 2 20t —
Basalts and dolentes 1 75—225 1 10—1 60
Shale 2 15—230 1 20—1 35

Stiff to hard marl 1 90—230 1 00—1 35
Limestone 2 70f —
Chalk 095—200 030—1 00
Broken bnck 1 10—1 75 065—095
Ashes 065—1 00 030—050
Pulverized fuel ash 1 20—1 50 065—080

t Measured in the solid (i e not crushed or broken)
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Table B.! Inward yielding of excavation support systems

No

1

2
3
4
5
6
7
8
9

10
11
12
l2a
13
14
15
16
17

Soil conditions

Softtofirm
NC clays

Stiff to hard
OC clays

Location

Qicago
Oslo, Vaterland
San Francisco
SouthAinca
SouthAfrica
SouthAfnca
Singapore. Newton
Singapore, Bugis
Oslo,OlavKyrres
Oslo, Kongengate
Oslo, Studentelunden
Oslo, Jerbanetorget
York

London, Bloomsbury
London, Westminster
London, Vauxhall
London, Neasden
London,City
Singapore, Tieng Bahni
Genoa
Humber Bridge
London, St Pancras
Bell Common

Buffalo
Buffalo
Zurich
NewYork,WTC
NewYork,WTC
London, Westminster
London, Guildhall
London, Victoria Street
Paris, Beauborg
HongKongCentral
Hong KongCentral
London,HarewoodAv
Hatfield

Depth of exca vat ion
(m)

114
9

15
229
147
147
150
180
124
19 1
150
10
86

16
12
145
8

25

Type of support

SPS
SPS
SPS
DWA
DWA
DWA
DWS
DWS
SPS
DWS
DWS
DWS
SPS

DWS
DWS
DWA
DWA
DWS

Maximum movement Ref

Bl
82
83
84
84
84
85
86
87
88
89
89
—

83
810
83
811
812

Amount
(mm)

58
23
21
38
76
19
88

140
31
15
40
20
42

12
20
22
50
32

Movement depth
(%)

051
025
0 14
016
052
013
059
078
025
005
027
020
049
007
0 17
0 15
062
013

18
19
20
21
22

23
24
25
26
27
28
29
30
31
32
33
34
35

Sandsand
gravels, sandy
decomposed
rocks

153
263
30
20
10

64
112
20
177
192
19
97
8

165
19
19
85
93

SShS
DWA
DWS
DWS
BPS

TA
TA
DWS
DWA
DWA
BPS
DWA
DWS
SShA
DWS
DWS
SShS
SPA

25
60
22
40
30

10
53
36
66

14t
35
10
3

20
43
30
8

12

0 16
023
007
0 13
030
016
047
0 18
037
076
0 18
0 10
004
012
023
017
009
013

85
83
83
813
814
—
—
815
83
83
816
83
83
83
817
817
816
818

Key SPS, sheet pile strutted, DWA, diaphragm wall, anchored, DWS, diaphragm wall, strutted, SShA, soldiers and shotcrete
anchored, SShS, soldiers and shotcrete strutted, BPS, bored pile strutted, SPA, bored pile anchored, TA, timber, anchored

550
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Table B,2 Settlement of ground surface close to excavations

No Soil conditions Location Depth ofexcavation
(m)

Type of support Settlement

Amount
(mm)

Settlement
depth (%)

Distance
depth

2
7
8
9
10
11
l2a

14
16
17
22

28
32
33

Soft to firm
NC clays

Stiff to hard
OC clays

Sands and
gravels

Oslo, Vaterland
Singapore, Newton
Singapore, Bugis
Oslo, Olav Kyrres
Oslo, Kongengate
Oslo, Studentelunden
York

London, Westminster
London, Neasden
London, City
Bell Common

London, Westminster
Hong Kong Central
Hong Kong Central

95
150
180
124
19 1
15 0
86

12
8

25
10

19
19
19

SPS
DWS
DWS
SPS
DWS
DWS
SPS

DWS
DWA
DWS
BPS

BPS
DWS
DWS

23
250
270
70
40
70
30

19
24
20
65

15—25
25
32

02
1 7
1 5
06
02
05
035

02
03
0 1
06
0 1
0 1
02

07
03
05
02
05
03
012
08
—
—
03

02
06
—

Key SPS, sheet pile strutted, DWA, diaphragm wall, anchored, DWS, diaphragm wall, strutted, SShA, soldiers, shotcrete anchored,
SShS, soldiers and shotcrete strutted, BPS, bored pile strutted, BPA, bored pile anchored, TA, timber, anchored

References to Tables B.1 and B.2

B 1 Peck, R B, Earth pressure measurements in open cuts,
Chicago Subway, Transactions of the American Society of Civil
Engineers, 108, 1008—1036, 1943
B 2 Measurements at a Strutted Excavation, NGI reports 1—9,
Norwegian Geotechmcal Institute, Oslo, 1962
B 3 Various authors, Proceedings of the Conference on Dia-
phragm Walls and Anchorages, Institution of Civil Engineers,
London, 1974
B 4 Jennings, J E , Discussion on deep excavations and tunnel-
ling in soft ground, Proceedings of the 7th International Soil
Mechanics Conference, Mexico, 3, 33 1—335, 1969
B 5 Various authors, Proceedings of the Singapore Mass Rapid
Transport Conference, Institution of Engineers, Singapore, 1987
B 6 Hulme, T W, Potter, L A C and Shirlaw, J N, Singa-
pore Mass Rapid Transit System Construction, Proceedings of
the Institution of Civil Engineers, London, 86(1), 709—770, 1989
B 7 Karisrud, K and Myrvoll, F, Performance of a Strutted
Excavation in Quick-clay, Norwegian Geotechnical Institute, Bul-
letinNo 111, pp 9—15, 1976
B 8 Di Biagio, E and Roti, J A, Earth Pressure Measure-
ments on a Braced Slurry-trench Wall in Soft Clay, Norwegian
Geotechmcal Institute, Bulletin No 91, 1972
B 9 Karlsrud, K, Performance and Design of Slurry Walls in
Soft Clay, Norwegian Geotechnical Institute, Bulletin No 149,
pp 1—9, 1983

B 10 Burland, J B and Hancock, R J R, Underground car
park at the House of Commons, London, The Structural Engin-
eer, 55, 87—100, 1977
B 11 Sills, G C, Burland, J B and Czechowski, M K, Behav-
iour of an anchored diaphragm wall in clay, Proceedings of 9th
International Soil Mechanics Conference, Tokyo, 2, 147—154,
1977
B 12 Marchand, S P. A deep basement in Aldersgate Street,
London, Part 2, Construction, Proceedings of the Institution of
Civil Engineers, London, 97, 67—76, 1993
B 13 Simpson, B , Retaining structures displacement and design,
GJotechnique, 42(4), 541—578, 1992
B 14 Symons, I F and Tedd, P, Behaviour of a propped em-
bedded retaining wall at Bell Common Tunnel in the longer term,
Geotechnique, 39(4), 701—7 10, 1989
B 15 Huder, J , Deep braced excavation with high ground water
level, Proceedings of the 7th International Soil Mechanics Con-
ference, Mexico, 2, 443—448, 1969
B 16 Mair, R J, Developments in geotechmcal engineering
research applications to tunnels and deep excavations, Proceedings
of the Institution of Civil Engineers, London, 93, 27—41, 1993
B 17 Humpheson, C , Fitzpatrick, A J and Anderson, J M D,
The basements and substructure for the new headquarters of
the Hong Kong and Shanghai Banking Corporation, Hong Kong,
Proceedings of the Institution of Civil Engineers, London, 80,
851—883, 1986
B 18 Symons, I F and Carder, D R, Field measurements on
embedded retaining walls, Gtotechnique, 42(1), 117—126, 1992
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Impenal—metnc

Imperial Metric SI
(or metricforce)

un 254mm
ift 3048mm
lyd 9144mm
un2 64516mm2
1 ft2 92 903 mm2
1 yd2 0 8361 m2
un3 16387mm3
1ft3 0028317m3
lyd3
1 ft3 of fresh water

07645m3
28321

I Impenal gallon 45461
1 lb 04536 kg 4448 22N(= 1 Ibf)
1 ton (2240 Ib) 101605 kg 996402 kN(=1 toni)
I lbfIin2
1 lbf/ft2

00703 kgf/cm2
4882 kgf/m2

6894 76 kN/m2
47 8803 N1m2

1 lb/ft3 1602 kg/rn3
1 ft3/s 0 0283 m3/s
1 Imperial gall/mm 4546 1/mm
1 in unit of moment of inertia 41 6198cm units
1 in unit of modulus of sectIon 16 3860 cm units

Metnc—imperial

1mm 003937in
Im 3937mn=3281ft=10936yd
1mm2 000155mn2

552.
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Conversion tables 553

SI Metric Imperial
(or metnc force)

1m2 10764ft2=1196yd2
mm3 00610x103in3
1m3
1 m3 of fresh water

35315ft3=1308yd3
2204 Imp gall
= 2204 lb

11 O22OImpgal
= 61 026 in3

1 kgf = 9 806 65 N

IN

1 kgit
I kgf/cm2
1 kgf/m3
1m3/s

li/s
1 cmunit of
moment of inertia
1 cm unit of
modulus of section
OlOl97kgf

2 2046 lb
1000kg
=09843 ton (long)
14 22 lbflin2
006245 lb/ft3
35315ft3/s
= 13227 Imp gal/nun
0221mp gal/s

0024 03 in units

=0 061 03 in units
022481lbf

ibar
1 kN/m2

10 197 kgf/m2
101 97 kgf/m2

145038 lbf/m2
208854 Ibf/ft2

lkN lOl64kgf OlOO36tonf

Metnc-USA
lt=i 102 US ton
1 litre = 02642 US liquid gallon

USA-metric
I US ton =90718kg
1 US liquid gallon = 3 785 litres

USA equivalents of the most frequently used Bntish Standard
sieves

British Standard sieves American Standard sieves

Sieve size Sieve opening
(tm)

Sieve opening
(jim)

Sieve number

63 mm
5mm
335mm
236mm
118mm
600tm
425 pm
300pm
212pm
150pm
75pm

6300
5000
3350
2360
1180
600
425
300
212
150
75

6350
4760
3360
2380
1190
590
420
297
210
149
74

No 3 (¼ in)
No 4
No 6
No 8
No 16
No 30
No 40
No 50
No 70
No 100
No 200

Bntish Standard sieve openings are as given in BS 410
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Abutments, bridge 227—39
Acid attack 545—6
Air-decks (domes) 246
Air-locks 251
Air supply 251—2

Allowable bearing pressure
analytical methods for 45—54
definition of 44
increase of, by grouting 5 15—16
prescriptive methods for 42, 55—8
semi-empirical methods for 54—5

Analysis, sieve 23
Anchorage

of buoyant foundations 176
of excavation supports 411—16
ofpiles in rock 312—14

of retaining walls 186—7, 188—91, 205—6
of soil slopes 395—6
for suspension bridges 27 1—3

Angle of repose 396
Angle of shearing resistance see Shearing resistance, angle

of
Angle of wall friction 205
Angular distortion 61—2
Anti-vibration mountings 134—5
Artesian pressure

in boreholes 5
reduction of 510

Articulation of structurres 123
Asphalt tanking 216—17
Auger borings 5
Augered piles 574—8

Backacter 391
Barrettes 164,377
Barton clay 31
Base failure of excavations 424—5
Base resistance of piles 283—5, 287—9, 290, 293—7,

299—304
Basegrouting of piles 375—6

560

Basements
description of 18 1—2
leaks in 217—18

piled 194—8, 212—14
reduction of bearing pressures with 63—4
structural design of 207—8
uplift on 175—6
waterproofing of 216—18

Bearing capacity see also Ultimate bearing
capacity

definitions 44—5
factors 45—51, 53—4, 287, 295, 299

Bearing pressure see Allowable bearing pressure
Belled bases

for piers 158—9
for piles 377—8

Bentornte 186—90, 261—2, 381—2
Bitumen emulsion 505
Bituminous protection 544
Black cotton soil 32
Blasting 392, 453—4
Block failure of pile group 278—9, 309
Boiling 437, 449—50
Bond stress in anchorages 3 12—13
Bord and pillar see Pillar and stall workings
Bored and cast-in-place piles

carrying capacity of 290—1, 295—7, 301—4
definition of 276—7
for cofferdams 46 1—2
inspection of 378—9
methods of installing 374—82
on rock 301—4
underpinning with 526—7
under-reaming of 377—8
working stresses on 382

Boreholes
artesian pressure in 5
depths of 4—5
layout of 4
methods of sinlung 5—6, 18
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pumping from 497—500
records of 20

Boring methods
cable percussion 6
from vessels 20—1
hand auger 5
mechanical auger 6, 374—5
percussion 6, 376—7
rotary coring 17—18
wash 6

Borros penetrometer 11
Boulder Clay seeGlacial till
Boundary surface element methods 209—16, 449
Box caissons 243—4
Box foundations see Basements
Brick footing walls 142
Brickearth 33
Bndge foundations

for highway bndges 224—7
for over-water bridges 239—73
for portal frame (continuous) bridges 224
for railway bndges 226
cofferdams for 241—3
piled foundations for 227—37, 269—7 1
settlement effects 224—7
ship collisions with 239—40
structural design of 223—4

Bulldozer excavations 391
Buoyancy raft

description of 177—81
uphft on 176

Cable percussion bonng 6
Caissons

air-domes for 246
air supply to 251—2
airlocks for 251
box 243—4
open 244—9, 261—6
pneumatic 249—52, 266—9
sand islands for 254—5
sinking of 252—7 1
skin friction on 261

Camkometer 14
Capping beams and caps for piles 383—5
Cased piles 372
Cast-in-place piles see Bored and cast-in-place piles
Cellular cofferdams 460—1
Chalk

charactenstics of 34—5
foundation properties of 35, 57, 83—5
frost action in 113
piled foundations in 300—4
slope stability in 398
swallow holes in 35

Chemical analysis 26
Chemical consolidation 506
Chemical wastes 130, 546—7

Chemoprobe 22
Classification of soils and rocks 3
Clay see fine-grained soil
Coal mining workings see Minmg subsidence
Coarse-grained (cohesive) soils

allowable bearing pressures on 49—50
angle of shearing resistance of 49—50
carrying capacity of piles in 280—91
earth pressure from 203—7, 420
foundation properties of 29—30
ground-water lowering in 492—500
pile groups in 303
presumed bearing values for 57
settlements in 67—72
spread foundations on 137
stability of slopes in 396—7

Cofferdams
base failure of 424—5, 449—50
cellular 460—1
concrete-walled 461—4
double wall 459—60
earthfill 431
for bridge piers 241—3
movable 464
piping in 437, 449—50
rockfill 438
sheet pile 440—61
single wall 444—59
timber 439—40
types of 436

Cohesive soils see fine-grained soils
Cold-storage buildings 113
Collapsing sands 30, 115
Column bases

structural design 147—53
underpinning of 523—5

Column strength of piles 311—12
Compaction, dynamic 513—14
Compaction grouting 515
Compensation groutmg 515, 529
Composite piles 382—3
Compressed air in caissons 249—52
Compressibility of clays 73—8
Compressibility of rocks 81—5
Compression index 78
Concrete see also Prepacked concrete

attack on 543—7
in cofferdams 46 1—4, 467—70
in excavation supports 417—18
in piles 364, 367—9, 380—2
protection against sulphates 543—5
tremie 381—2,468—9

Cone, dynamic see Dynamic cone penetration test
Cone, static see Static cone penetration test
Consolidation, co-efficient of 25, 80—1
Consolidation settlement see Settlement of foundations
Consolidation tests 25
Constant head permeability tests 20
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Constant rate of penetration tests 15, 355
Contact pressure 64
Contaminated ground see Chemical wastes
Contiguous bored piles 191—3, 461—2
Continuous beam foundations 15 1—2
Continuous diaphragm walls 462
Continuous flight auger 379—80
Core barrels 17
Core drilling see Rotary drilling
Corrosion

description of 541
investigations for 538
of reinforcement 545, 547

Creep
hillside 117—18
settlement 68—9, 81

Critical height 392
CR P tests 15, 355

Dampers, anti-vibration 134
Damping in soils 327—30
Deep shaft foundations

bearing capacity of 156—7
constniction methods for 158—63
segmental limngs for 16 1—3

Deflexion ratio 62
DeIft sampler 8
Depth

of building foundations 108—9, 137
of exploratory borings 4—5
of frost penetration 113—14

Depth factor 47—8, 68, 78, 83, 157
Desiccation of soils 105—12
Diaphragm walls see also Slurry trench 186—91, 462
Diesel pile hammers 350
Differential settlement

causes of 58—60
correction of by jacking 527—8
effect on structures 60—2, 155
in filled ground 128—3 1
in mining subsidence areas 118—23
prevention of 63—4

Dilatancy 50
Dilatometer 14
Dolly, piling 350—1
Double-acting hammer 349—50
Double-wall cofferdams 459—60
Dragdown see Negative skin friction
Drainage see also Ground water, lowering of

during consolidation 80
of construction sites 391

Drawdown curve 483—9, 492—7
Drilling machines

auger 374—5, 379—80
grabbing (percussion) 376—7
reverse circulation 371
rotary core 17—18
underwater 250, 467

Driven and cast-in-place piles
carrying capacity of 289—90, 295
definition of 276
methods of installation 373—4
working stresses on 374

Driving cap 350, 455
Driving resistance, computing of 327—32
Drop hammers 348
Dutch cone test see Static cone penetration test
Dynamic cone penetration test

method of test 11—12

relationship with bearing pressure 50
Dynamic consohdation 513—14
Dynamic pile driving formulae 327
Dynamic probing 11—12

Earth pressure
at rest 206
on bridge abutments 227—34
on cofferdams 444—9
on retaining walls 198—207
on sheeted excavations 418—24

Earthfill cofferdams 437
Eccentric loading

on pier foundations 157
on piled foundations 3 14—20
on spread foundations 140—2, 149—50

Effective foundation pressure 44
Effective grain size 486
Effective overburden pressure 43
Effective stress 49
Efficiency of pile groups 279
Ejector excavator 258
Elastic continuum models 3 19—20
Elastic settlement see Immediate settlement
Elasticity, modulus of 69—72, 81—3
Electrical resistivity 21
Electrochemical hardening 516
Electro-osmosis 500, 516
Erosion of soils

below caissons 254
in cofferdams 437, 449—50
in excavations 481—2
internal and surface 115—17

E T F diaphragm wall 462
Excavations

artesian pressure beneath 509—10
close to property 185—60, 522—3
for pad foundations 147
for pier foundations 158—63
for strip foundations 143—4
for underpinning 522—3
ground-water lowering for 489—501
in bulk 391—2
in rock 392
in trench 398—401
stability of slopes in 392—8
stability of strutted 424—5
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underwater 467
yielding in 185—6, 425—33, 550—1

Explosives 392, 453—4, 514
Extensometer, borehole 4

Face shovel 391
Factors, bearing capacIty 45, 54, 287, 290, 295, 299
Factors, safety see Safety factors
Falling head penneabihty test 20
Filled ground

chemical wastes m 130, 544—7
foundations on 130—1
Investigations 21—2
piling in 304—6, 311
preloading of 131, 511—12
raft foundations on 130

Filters, graded 498
Final settlement 76—80
Fine-grained (Cohesive) soils

alluvial 32—3
carrying capacity of piles in 29 1—9

clay grouting 505—6
earth pressure from 203—4
foundation properties of 30—2
glacial till 30—1
ground support in 420
latente 32
pile groups in 308—11
presumed bearing values for 58
saline 32
settlements in 72—81
shear strength of 50, 138—9
silts 33
spread foundations on 138
stability of slopes in 392—5
tropical 32
varved 31
wetting and drying of 105—12

Finite difference, fimte element methods, application of
foundation design 86—8, 208—16
ground movements around excavations 428—33

pile design 322—7
raft design 209—il
seepage analysis 486—9

Fissured clays
descnption of 31
earth pressure in 420
stability of slopes in 393—5
swell and shrinkage in 105—13

Fixed piston sampler 8
Flexible foundations

pressure distribution beneath 64
settlement of 73—8

Floating equipment
for bonng 20—1
for caisson suilung 255—6
for piling 352—3

Flotation caissons 246

Flow line 481—9
Flow net 450, 483—9
Foundation pressure

contact 64
definitions 43—5
distnbution of 64—7
due to mining subsidence 12 1—2

Fracture index 3
Freezing process 506—7, 531—3
Freyssinet flat jack 528
Fnction, angle of internal see Shearing resistance, angle of
Fnction, skin see Skin (shaft) friction
Frodingham Piling 441
Frost action see Low temperatures

Garland drain 491
Gatch 30
GaultClay 31, 105,538
Geophysical surveys 21
Glacial till

description of 30—1
ground support in 495
shaft friction of piles in 292, 295
stabihty of slopes in 393
timbering in 405

Gownng airlock 251
Grab excavation 376, 39 1—2
Graded filters 498
Granite 33-4
Gravels

foundation properties of 29
ground support in 401—4
slope stability in 396
timbenng in 401—4
wellpointing in 493

Grillages 152—3
Ground anchors, see Anchorage
Ground water

artesian 5, 509—10
chemical analysis of 26
flow of 481—9
freezing of 506—7
grouting to reduce flow of 501—6
investigations 18—20
lowering of 489—501
sulphates in 437—8

Group action in piles 306—11, 320—7
Grouting

compaction 515
compensation 515, 529
in ground anchors 413—16
in mineworkings 125—8
in pile anchorages 3 12—14
in pile bases 375—6
in shaft linings 161—3
jet 503—5, 531
permeation 515
suitability of soils for 489—90
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Grouting — cont
use of, for increasing bearing pressures 5 15—16
use of, for underpinning 528—31
with cement 502—5
with chemicals 506
with clay 505—6

Gypcrust 34
Gypsum 34, 543, 546

H-section piles
composite 382
description of 369—7 1

Hammers, piling 348—50
Heave of ground

due to frost action 113—14
due to grouting 504—5
due to pile driving 308—9
in excavations 64, 424—5

Helmet, pilmg 350
High alumina cement 364, 544
Honzontal loading, see Lateral loads
Horizontal wells 500
House foundations 108—12, 142—5, 385
Hush piling 454
Hydraulic burster cartridge 392
Hydraulic fill 130
Hydraulic gradient 450—1
Hydraulic hammers 350

Immediate settlement 73—6
Inclination factor 46
Inclined loads

on piles 3 14—27
on spread foundations 46, 149—50

Industnal wastes 21—2, 130—1, 546—7
Influence factors 68—9
Injections see Grouting
In-situ testing of soils 8—16
Integrity testing of piles 382
Internal friction, angle of see Shearing resistance, angle

of

Jacking
for correcting mimng subsidence 123
for underpinmng 527—8
of excavation supports 419, 422

Jet grouting
for cofferdams 464
for piles 291
for underpinmng 531
methods of 503—5

Jetting
for caisson excavation 259—60
for pile driving 35 1—2
for wellpoints 492—3

Keuper Marl see Marl
Kimmendge Clay 105, 538

King piles 410
Kurkar 30

L-shaped columns, foundations for 149
Laboratory tests on soils and rocks 22—6, 537—8
Larssen piles 440—1, 456
Lateral loads

on deep shaft foundations 157
on pad foundations 46, 149—SO
on piles 230—6, 314—27
on retaining walls 198—201
on sheeted excavations 418—25

Laval sampler 7
Layered soils 139—40, 297—8
Leaders, pile 346—7
Lias Clay 31, 105, 538
Lime stabilization 516
Limestone 34, 117
Limit angle 119, 128
Limit states 40, 52, 58
Liquid limit 23
Load-bearing walls

pile foundations 385
strip foundations for 142—47
underpinning of 522—3

Loading shovels 391
Loading tests

pile 355—9
plate 15—16

Loess 33, 115—16, 514
London Clay

compressibility of 73—4, 77
description of 31
hillside creep in 117
observed settlements in 183—4, 194
piled foundations in 292, 295
shear strength of 138—9
shrinkage and swelling of 105—12
stability of slopes in 117, 393—5
sulphates in 538

L.8ngwall mine working 118—23
Low temperatures

effects on concrete 547
effects on excavation supports 422

Machine foundations 132—5
Made ground see Filled ground
Magnetic surveys 21
Maintained load tests 15, 355
Marine borers 539—41
Marine clays 32
Marl

bearing value of 57
compressibility of 82—3
foundation properties of 34
sulphates in 538

Mass factor 82
Ménard pressuremeter 14
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Mining subsidence
articulated structures for 123
causes of 118—20

piled foundations, use of 125
protection against 120—7

Modulus of elasticity (Tangent modulus) 71, 83, 91
Modulus ratio 82
Monoliths see Open caissons
Movable cofferdams 464
Movable excavation supports 405—6
Moving builchngs 533—5
Mudstone 34, 57, 82, 546

Nails, soil 395—6
Narrow strip foundation 143—4
Natural frequency 133
Nagative skin friction 235, 304—6, 311
Nitrogen, liquid 507
Noise, from pile driving 454—5
Normally consolidated clays 32, 77

Observation standpipes 19—20
Observational method 41, 422—3, 530
Oedometer

settlement 77—8
tests 25

Open caissons (and monoliths)
construction methods for 252—60
descnption of 244—9
skin friction in 261

Open end piles 288, 294
Open sump, pumping from 490—2
Organic acids 545
Overburden pressure 43
Overconsolidated clays 73—7
Overconsohdation ratio 73, 292
Oxford Clay 78, 105, 538

Packing, in pile helmets 350—1
Pad foundations

combined 150
eccentric loads on 140—2
pressure on 137—40
reinforced concrete in 147
types of 38
unreinforced concrete in 147—9

Painting of steelwork 54 1—2
Partial safety factors see Safety factors
Particle-size distribution tests 23, 489—90
Passive resistance 198, 203—6
Peat

acids in 545
foundation properties of 33

Peine piles 440—1, 456
Penetration tests see Dynamic cone penetration test,

Standard penetration test, Static cone penetration
test

Percussion boring 5, 6, 376—7

Permafrost 113—14

Permeability
co-efficient of 483, 486
field tests for 20, 486
laboratory tests for 25

Permeation grouting 515
Permissible stress 39, 51
P F Ash 127
pH value 26, 545
Pier see Deep shaft foundations
Piezocone 13
Piezometer 19
Pile dnving

calculations, for driveability 327—32
dynamic formulae 327
eqwpment for 346—53
ground heave due to 308—9
in coarse soils 280, 308
in fine soils 291—4, 308—9
in difficult ground 353
in rock 298—301
Jetting 35 1—2
over water 352—3
tests 353—5, 359
vibrations due to 117

Pile foundations
anchorages for 312—13
auger-injected 379—80
base-grouting of 375—6
behaviour under load 277—9
bored and cast-in-place 290—1, 295—7, 301—3, 374—82
bndge support 236—7
caps and capping beams 383—5
cased 372
choice of type 345—6, 387—9
column strength of 311—12
composite 382—3
continuous flight auger 379—80
cyclic loading of 289
driven and cast-in-place 289—90, 295, 373—4
economics of 386—7
efficiency of groups 279
failure load of 279—80
ground heave in 308—il
group action in 194—8, 212—14, 306—1 1, 320—7

H-section 369—71
horizontal loads on 3 14—27
in basements 194—8, 212—14
in chalk 300—3
in filled ground 304—6, 311
in frozen ground 113
in London Clay 292, 295
in mining subsidence areas 125
in mudstone 301
in shrinkable clays 110—12, 385
jacked 527—8
jointed 365—6, 373—4
loading tests on 355—9
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235, 304—6, 311

RQD value 3
Raft foundations

buoyancy 177—8 1
for mimng subsidence 121—3
in shrinkable clays 112
piled 194—8, 212—14
structural design of 155, 207—16
types 153—5

Safety
in compressed air 251—2, 260
in excavations 17, 398—400, 410—11

Safety factors
for piled foundations 278—9, 284, 286, 294—6, 303, 306,

308, 310—11
for retaining walls 199—203
general 39—42, 58

Pile foundations — coin
negative skin friction on
Pali-Radice 527
Peine 440—1, 456
precast concrete 361—6
prestressed concrete 366—9
settlement-reducing 197—8
sheet see Sheet piling
spacmg, in groups 308—9
steel 369—73
timber 359—61
time effects 288—9, 291
ultimate load on 277—9
underpmmng with 526—8
under-reamed 377—8
uplift on 282, 312—14
winged 371

Pillar and stall workings
descnption of 118, 123—5

Piping in excavations 437, 449—50
Piston samplers 8
Plastic limit, plasticity index 23, 204
Plate-bearing tests

allowable bearing pressures from 41
procedure for 15—16
settlements, based on 82

Plugging of piles 283—4, 288, 294, 330
Pneumatic caissons

air supply 25 1—2
construction methods for 260—1
descnption of 249—52

Point load test 18
Poisson's ratio 14, 73—4, 82, 319
Pore-water pressures 24—5, 288, 291—2, 393
Preloading of soils 130—1, 511—12
Prepacked concrete

for filling piles 382
for underwater concrete 469—72

Pressure distribution
beneath foundations 64—7, 89—90
beneath pile groups 306—8
due to eccentric loading 140—1

Pressure grouting see Grouting
Pressuremeter, tests 13—15, 50, 72, 82
Presumed bearing value 55—8
Props see struts

Pumping see Ground water, lowering of
Punching shear 147—8
Pynford underpinning systems 527—8

Raking piles 230, 314—15, 325—6
Rate of settlement 68—9, 78—81
Recharging wells 507—9
Rednvmg of piles 289
Remforcement

corrosion 547
in caissons 249
in spread foundations 146—50
in piles and pile caps 361—2, 381, 384—5

Relief wells 510
Repose, angle of 396
Resonance 133, 135
Retaining walls

anchored 185, 188—91, 205—6
earth pressure on 198—207
embedded 205—7
for basements 185—208
for bndge abutments 227—39
structural design of 207—8
waterproofing of 216—18
yielding of 185

Rigid foundations
pressure distribution below 64, 75—6
reducing differential settlement with 63, 155—6

Rigidity factor 75
Rock bolting 395
Rockfill

for cofferdams 438
settlement of 129

Rock quality designation 3
Rock sockets 301—2
Rocks

anchorage in 312—14, 414
excavation support m 405
foundation properties of 33—51
investigation methods for 16—18
laboratory tests on 26
piles in 298—304, 3 12—14
presumed bearing values on 55—7
settlement of foundations on 81—5
slope stability in 398
ultimate bearing capacity of 53—4
weathering of 3, 33—5

Room and pillar workings see Pillar and
stall workings

Rotary drilling
for exploration 17—18
for piles 37 1—2, 374—80

Runners 401—3
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Sampling of soils
methods of 6—8

Sand see also Coarse-grained (cohesionless) soils
angle of shearing resistance of 49—50
calcareous 30
chemical consohdation of 506, 529
collapsing 30, 115
deep compaction of 5 12—14

erosion in 116, 396, 48 1—2
excavation supports in 401—2, 420—2
foundation properties of 29—30
islands 254—5
pile groups in 308
pile resistance in 280—91
settlements in 67—72, 308
slope stability of 396—7
vibrations in 117
wellpointing in 492—7

Scraper excavation 391
Sea water, action on concrete 543, 545
Secant piles 19 1—3, 461—2

Seepage
ground movements due to 117
into cofferdams 449—51
into excavations 396—7, 437
prevention of, by freezing 506—7
reduction of, by grouting 50 1—6

Seismic surveys 21
Sensitivity of soils 32
Serviceability limit see Limit states
Settlement of foundations

avoidance of 63—4, 175
calculation of 67—92, 307—8
creep 68—9, 81
differential 58—64
due to deep excavation 185, 425—9
due to eccentric loading 141—2
due to ground-water lowering 507—9
due to soil shrinkage 105—13
due to vibrations 117, 321
of large diameter piles 298—9
of pile groups 306—10, 322—3
of piled basements 194—8, 208—16
of spread foundations 141—2
on rocks 81—5
rate, calculation of 68—9, 78—81
secondary 81

Settlement reducing piles 197—8
Shaft excavations 158—63, 407
Shaft friction see Skin friction
Shafts, mine plugging of 127—8
Shale 34, 54, 82
Shallow foundations see Spread foundations
Shape factor 46—7, 68
Shear strength

field tests for 8—15, 49—50
laboratory tests 23—5

Shearing resistance, angle of 24, 49—50, 54

Sheet piling
cofferdams of 440—6
corrosion of 541
driving of 45 1—5
earth pressure on 444—9
for basements 182
instability of 424—5
trench excavations with 403
water pressure on 420, 444—51

Shoe, caisson 246—8
Shoe, pile 360—1, 362—4, 371
Shoring 408—10,518—21
Shotcrete 395—6
Shrinkage of clay

due to high temperatures 112—13
due to seasonal (hying 105—7
due to vegetatIon 107—12

Sieve analysis 23,489—90
Silicates 506
Silicrete 30
Silt

descnption of 33
electro-osmosis in 500—1
foundations on 52
ground water in 397,482
weilpointing in 497

Silty sand
bearing pressures on 69
slope stability 398—9
wellpointing in 493

Single-acting hammer 348—9,453
Site investigations

categories of 1
for coal mine workings 124—5
for foundation failures 3—4
for works over water 20—1
geophysical methods for 21
in contaminated ground 21—2
in rocks 16—18
in soils 5—16
information required from 2—3
reports on 26—8
scope of 2—3

Site preparation 390
Skin (Shaft) friction

negative 235, 304—6,311
on caissons 261
on deep foundations 157
on piles 280—3, 286, 288—9, 290—7, 299—303

on piles resisting uplift 312
Slopes, excavated, stability of 392—8
Slurry trench, see also Diaphragm walls 186—91,

462
Soldier piles 403—4,408—9
Solution cavities 35
Spacing of piles 308—9
Spill-through abutments 230—7

Split spoon sampler 9—10
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Spread foundations
allowable bearing pressures 137—42
close to existing structures 150
eccentric loading on 140—2, 149—50
on cohesionless soils 137—8
on cohesive soils 138—40
structural deisng of 144—50

Spring models
for excavation supports 447
for foundation design 87, 132—3, 208—9
for pile design 318—19, 321
for pile dnveability 327—32

Standard penetration test
calculating settlements from 67—9
in fine and silty sands 69
method of test 9—10
pile loads based on 286—7
relationship with 0 value 49
relationship with presumed bearing values 57
relationship with DCPT 10
relationship with CPT 13
relationship with compressibility and shear strength

10—11

Static cone penetration test (CPT)
method of test 12
pile loads based on 28 1—6
relationship with N-values 13
relationship with 0 values 50
settlements based on 69—72

Steel bearing piles
cased 372
composite 382
corrosion of, and protection of 541—2
H-Section 369—7 1
tube 371—3
working stresses on 369

Steel excavation supports 403,405—6,408,416—17,419,
422,430—3

Steimng 245
Stepped foundations 144—5
Stiff clays see Fissured clays
Strain influence factor 69
Strip foundations

concrete mixes for 142
continous 15 1—2
narow 143—4
structural design of 145—7
trench fill 143—4
unreinforced concrete in 142—6

Structural columns, foundations of 152—3
Struts, earth pressure on 419—24,429—33,447—8
Sulphate-resisting cement 364, 544
Sulphates in soils and ground waters 537—8
Sumps, pumping from 490—2
Support of excavations

for large excavations 408—16
for rock excavations 405
for trenches 398—406

lateral pressures on 4 18—24
materials for 416—18
runners 401—3

Surcharge in preloading 130—1,511—12
Swallow holes 35, 117
Swelling of soils

below pile capping beams 112, 385
due to frost action 113
due to moisture increase 105—12
due to overburden removal 64, 183, 186, 194—6
due to permafrost 113—14
due to vegetation 107

Tangent modulus 71, 88,91
Tanking of basements 216—17
Temperature variation in soils 112—15
Temperature effects on excavation supports 422
Temporary compression 354
Tensile strain 62, 119
Test pits see Trial pits
Testing soil see Laboratory tests on soils and rocks
Tie-back anchorages 205—6,411—16
Tiltmeter 4
Timber

decay of 538—9
for cofferdams 439—40
for excavation supports 401—5,407, 416
for piles 359—60
marine borers in 539—41
preservation of 539—41
working stresses for 306,416

Time effects
m excavation supports 420
m piling 288—9,291—2

Time settlement relationships 68—9,78—81
Tolerances in piling 381, 383
Tremie concreting

for piles 381—2
method of 468-9

Trench excavation 401—8
Trench fill foundations 143—4
Trench sheets 401,405,416
Trial pits 5—6, 17
Triaxial compression tests 24—5
Tropical clays 31
Tube piles 37 1—2
t—zcurves 321—3

Ultimate bearing capacity
definition 44
general equations for 45—55
of column bases 139—40
of deep foundations 157
of piled foundations 278—9, 299—303

Ultimate limit state see Limitstates
Unconfined compressioin strength of rocks 3, 53,

299
Unconfined (uniaxial) compression tests 23—4,26
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Subject Index 569

Underpinmng
adjacent to excavations 185, 522,528—31
for moving buildings 533—5
for shaft sinking 16 1—2
freezing process 53 1—3
grouting for 528—3 1
methods of 518—35
necessity for 185, 518
Pynford method 527—8
with piers 533—5
with piles 526—8
with strip foundations 522—3

Under-reamed piles
carrying capacity 297
construction of 377—8
settlement of 296—7
uplift resistance of 312

Underwater construction 464—70
Undisturbed samples 6—8

Uplift
on basements 186
on piles 110—12,312

Vacuum method of drainage 494
Vane shear test 9
Varved clay 31
Vegetation, effects on soils 107—9
Vibration

absorption of 133—5
frequency of 133—4
ground movements due to 117
pile driving used for 352,454

Vibratory compaction of soils 5 12—15

Vlei soils 32
Volclay 216
Volume compressibility, co-efficient of 11, 25, 77

Wakefield piling 439
Wall friction, angle of 205
Wash boring 6
Wash probing 6
Waterproofing of basements 216—18
Wave equation, Smith 327—9
Weald Clay 31, 105,538
Weathering of rocks 3, 33—5
Wellpointing 492—7
Wells, ground-water lowering 497—500
Wells, recharging 507—9
Wells, relief 510
Wide strip foundations 38, 146
Winches, piling 347
Winged piles 371
Working chamber 250,260—1
Working stress

for bored piles 382
for driven and cast-in-place piles 374
for precast concrete piles 364, 367—9
for steel piles 369
for timber piles 361

Yielding
of piles 197
of retainign walls 185—9 1
of sides of excavations 185—91,425—33, 447—9, 550—1

precautions against 522
Young's modulus (tangent modulus) 71, 88,91
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